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fib President’s message

Dear PhD candidates,

The fib is very happy about the 13" fib International PhD-Symposium Session 2 and very
pleased with the organization of Chairman Jean-Michel Torrenti and his colleagues.

The PhD Symposia were initiated in 1996 by fib Honorary President Gyorgy Baldzs, who saw
the value of such events.

Since then, young engineers and researchers have been meeting socially and sharing their
experiences in each PhD Symposia. Unfortunately, it is not possible to meet in person this year.

The biggest advantage of the PhD Symposium is to discuss with experienced, long-time fib
members from different organizations. Therefore, discussion time is much longer compared
with other international conferences. This opportunity is valuable not only for young
generations but also for long-time members. | hope you seize this benefit from presenting your
own work and enjoy the work of others.

Finally, I would congratulate you all on your success. And | would thank the Organizers for
their big efforts.

Akio Kasuga

President of the International Federation for Structural Concrete (fib)



Preface

A long-standing tradition of the fib, the PhD Symposia started in 1996. They were established
by Prof. Balazs in Budapest to support young researchers and practitioners. Since then, the fib
National Groups have already organised twelve symposia. The PhD symposia have become
highly-recognised events, boasting the participation of international experts attending the
symposia as PhD students' supervisors or keynote speakers. A two-year interval between each
symposium allows for a thorough preparation of the event and for a sufficient amount of new
information. The spirit of these symposia is to allow for a relaxed and friendly atmosphere,
which befits the young generation.

The 13™ fib Symposium was to be held in Paris in 2020, following the previous symposium in
Prague in 2018. Due the Covid-19 pandemic, we decided to split the symposium into two
parts. In 2020 (26 to 28 August), we had an online symposium with the hope to be able to
organise an in-person symposium in 2021. Unfortunately, the evolution of the pandemic did
not allow us to envisage this. The second session of the 13" fib Symposium is therefore also be
organised online on 21-22 July 2021.

Two organisations are involved in the preparation of these events: The University Gustave Eiffel
and the Ecole normale supérieure Paris-Saclay, with the support of the French association of
civil engineering (AFGC - representing the national fib group) and the University - Association
of Civil Engineering (AUGC) and, of course, of the fib.

After a classic review process, the 35 selected papers for 2021 are divided into four themes for
the oral presentations with two parallel sessions over two days. Thirty minutes are allowed for
each presentation in order to have the opportunity for a long discussion, which is a part of the
spirit of these PhD symposia. The best papers will be rewarded by our sponsor (EFB-école
frangaise du béton) and by the fib. It is a great pleasure for us to express our gratitude to all the
sponsors who contributed to the organisation of the symposium.

For 2021, a keynote also enriches the program as in 2020. Magali Anderson
(https://www.holcim.com/magali-anderson) will present a talk entitled: “Why concrete and
cement are key for a net-zero world?” A topic close to the 2020 one and also very important,
especially for the researchers of the future.

Finally, let us wish to all participants — especially PhD students — an interesting event. We hope
that this Symposium will help them to progress in scientific work and perhaps also in the fib
activities.

Fabrice Gatuingt, Ecole normale supérieure Paris-Saclay & Jean Michel Torrenti, Université
Gustave Eiffel
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Behaviour of Glass Fibre Reinforced Gypsum panels
as walls and slabs: A Review

Aishwarya Shaji, A. Meher Prasad, Devdas Menon

Department of Civil Engineering,
Indian Institute of Technology Madras,
Chennai (600036), India

Abstract

The current housing shortage problem in the country, especially among the low-income group and the
need to address their shelter needs, led to the introduction of GFRG (Glass fibre reinforced gypsum)
panels in India. These are light-weight, load-bearing panels which can resist axial, in-plane and out-of-
plane loads and various studies conducted worldwide established the suitability of the panel for the
construction of walls and slabs. GFRG buildings consist of GFRG walls and slabs alone and can be
constructed up to 5-8 storeys in low to moderate seismic zones, and lesser height in higher seismic
zones. Studies were carried out in India and other countries to understand various properties of GFRG
panels and this paper presents a critical review of the experimental and theoretical investigations on the
structural behaviour of GFRG panels.

1 Introduction

The Glass fibre reinforced gypsum (GFRG) panels are light-weight, load-bearing walls used for rapid
construction of affordable and eco-friendly houses (individual units to multi-storeyed buildings) and
are being used in India for more than a decade. These are prefabricated in controlled-conditions in
factories, from gypsum plaster (a by-product from the fertilizer industries) reinforced with glass fibres
(chopped) along with certain special additives and are available in a fixed size of 12 m length, 3 m
height and 124 mm thickness. The panels are hollow, with cavities of size, 230 x 94 mm (formed
between 20 mm thick ribs and 15 mm thick flanges), aligned along the height [1] as in Fig. 1.

|
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Fig. 1 GFRG panel: a) Elevation, b) Cross-section

These panels were originally developed in Australia in 1990 and later introduced in India, China,
Hong Kong and other countries. In a developing country like India, GFRG (with the key advantages of,
light-weight construction - advantageous in earthquake-resistant design, sustainable construction — re-
duced use of steel and concrete, increased carpet area - thin wall panels, improved thermal comfort -
saving in operational energy, etc.) is of great significance due to the tremendous need for large-scale
affordable housing. These panels can be used for the construction of walls, slabs, staircases and parapet
walls.

The structural behaviour of the GFRG walls and the buildings are very much complicated than the
conventional system. This is due to the development of a composite action as a result of the interaction
between GFRG and the concrete when the cavities of the panel are filled with reinforced concrete [2].
Therefore, the well-established conventional structural theories and design procedure do not apply to

Proc. of the 13th fib International PhD Symposium in Civil Engineering 2
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the GFRG buildings. Thus to properly understand the structural behaviour of the GFRG building system
and to develop a proper design guideline, comprehensive research works were undertaken, which in-
cludes the study to determine the various material and structural properties of the panel. This paper
discusses various studies conducted on GFRG wall and slab panels.

2 Material Properties

The physical and mechanical properties of the GFRG panel were obtained based on various tests con-
ducted in Australia and China [2—-7]. Compression test on GFRG blocks (520%x250x120 mm) and ten-
sion test on GFRG flanges (as the tension failure is more likely on flanges) were performed at IIT
Madras [8], and thus the stress-strain curve under axial tension and compression were determined. The
ultimate shear stress was obtained by performing four-point loading test on a specimen of size 1100
x270%120 mm [8] and the results are as in Table 1.

3 Behaviour of GFRG wall panels

The GFRG panels can be used as walls, where the cavities are either left unfilled or filled with plain or
reinforced concrete to improve its load-carrying capacity and ductility. GFRG, as a load-bearing struc-
tural member is capable of resisting axial load (P), lateral shear (V) and in-plane bending (M;) and out-
of-plane bending (M,). Various studies conducted on GFRG wall panel are summarised as below:

31 Experimental study

3.1.1 Axial and eccentric compressive strength

The axial and eccentric compressive strength of unfilled and concrete-filled (plain or reinforced con-
crete with one 12 mm bar) GFRG panel (1.02 m wide, 2.85 m high and 120 mm thick) was determined
experimentally [7], and it was found that all the unfilled panels failed by local crushing near the sup-
ports, and no significant out-of-plane bending occurs when subjected to axial load. All the concrete-
filled specimens failed by buckling and flexural tensile breaking. For both ends pinned specimen, fail-
ure occurred at the mid-span and for one end pinned and other end fixed specimen, failure was near to
the pinned support (Fig. 2). Thus it was observed that the failure load depends on eccentricity and the
support conditions, and not on the strength of concrete and reinforcing bar in the cavities [2,7]. Similar
observations were also made based on the experimental studies conducted at IIT Madras [8]. A signif-
icant increase in the load-carrying capacity was observed when the panels were infilled with concrete
and it was also observed that the provision of rebars does not contribute to the strength enhancement.

Fig. 2 Failure modes of axially loaded GFRG panel, (a) unfilled panel, (b) both ends pinned con-
crete-filled panel, (c) and (d) one end pinned and other end fixed concrete-filled panel [9]

3.1.2 Out-of-plane bending strength

The out-of-plane behaviour of the GFRG panel (predominant when it is used as a slab to resist gravity
load or wall to resist wind pressure) with the ribs parallel and perpendicular to the span (Fig. 3) was
studied experimentally [9]. In the unfilled and concrete-filled panels with the ribs parallel to the span,
tension cracking was observed at the panel bottom confirming flexural failure. For the unfilled panels
with ribs perpendicular to the span, failure occurred by the crushing of the web (shear deformation).

3 Behaviour of Glass Fibre Reinforced Gypsum panels as walls and slabs: A Review



Behaviour of Glass Fibre Reinforced Gypsum panels as walls and slabs: A Review

Fig. 3 Failure modes for out-of-plane bending of the panel: a) Ribs parallel to the span, b) Ribs
perpendicular to the span [9]

3.1.3 Shear strength

Unfilled and concrete-filled GFRG panels subjected to lateral load was studied experimentally [2,3,7]
to determine the failure modes and factors affecting shear strength. Unfilled panels (1.5 m and 2 m
wide) develop diagonal cracks initially (Fig. 3(a)) and failure occurs by compression crushing of plaster
in the compression zones (Fig. 3(b)). In concrete-filled panels - 1.5 m wide, with starter bar alone,
failure occurs by the tensile breaking of the panel just above the starter bar (due to the discontinuity of
the bar) (Fig. 3(c)). For concrete-filled panels - 2 m wide, with starter bars alone and 1.5 m wide, with
full-length rebars, 45° shear cracks occur before the peak load and longitudinal shear cracks occur at
the peak load (Fig. 3(d)). Thus the panels with this type of configuration develop full shear strength.

(a) (b) (c) (d)
Fig. 4 Various failure modes in a GFRG panel subjected to shear: (a) Diagonal cracking in unfilled
panel, (b) End crushing in unfilled panel, (c) Tensile breaking in concrete-filled panels with
starter bars, (d) Longitudinal cracking in concrete-filled panels.

The lateral load behaviour of unfilled and concrete-filled GFRG panels (1.02m wide) with one and
two rebars was studied [8], and it was observed that panels with one rebar failed in flexure and those
with two rebars failed in shear. Cyclic behaviour of RC filled GFRG panels subjected to both in-plane
lateral load and constant axial load was studied [10,11], to understand various performance parameters
like strength, stiffness, ductility and energy dissipating capacity. 1.02 m wide and 2.02 m wide panels
with two rebars in each cavity were studied to investigate the effect of door openings[10], and 3m wide
panels were studied to understand the effect of a) two rebars in each cavity and b) provision of tie-beam
/ tie connection at the wall top [11]. It was observed that the panels exhibited ductile behaviour without
any premature failure and thus the RC filled GFRG panels can also be used as shear walls in earthquake-
prone areas. The GFRG-OGS building system is a combination of RC beam-column framed structure
(with solid RC slab) in the ground storey and GFRG wall-slab system for the above storeys. The per-
formance evaluation of GFRG-OGS building system, with combined gravity and lateral load was car-
ried out experimentally [12], and it was concluded that the gravity loads are transferred from the walls
to the columns by the arching mechanism and thus the beams are subjected to only very less force.

3.2 Theoretical study

The ultimate strength of the unfilled, concrete-filled and RC filled GFRG wall panels subjected to axial,
eccentric and lateral loads were determined theoretically (using the traditional methods like Euler’s
theory, Rankine’s theory, Reduced modulus theory and Tangent modulus theory for axially loaded
specimens, and Secant modulus theory for eccentrically loaded specimens) and from the finite element
analysis (FEM) methods [8]. Comparison of the analytical results with the experimental results showed
that the traditional methods overestimated the ultimate strength and thus modified methods which in-
corporate the effect of nonlinearity was proposed and was found to give more accurate results [8,13].

Aishwarya Shaji, A. Meher Prasad, Devdas Menon | 4



13" fib International PhD Symposium in Civil Engineering

From the lateral load test results, P-M interaction curves were developed, which can be used for the

structural design of GFRG shear walls. For laterally loaded panels, an increase in strength was observed

due to an increase in reinforcement as well as due to increase in axial load. It was also observed that
the lateral load stiffness of the shear wall has two components, in which the flexural component is

predominant in narrow walls and shear component is predominant in wide walls [8].

A suitable hysteretic model [14] (as suggested by Ibarra et al. [15]) for the RC filled GFRG panel
which considers pinching and cyclic deterioration in the experimental results is identified and calibrated
to match the experimental responses up to 80% of the peak load. It was observed that the energy dissi-
pation and pinching parameters obtained for various specimens were the same.

Based on the experimental and theoretical studies on the lateral load behaviour of unfilled and
concrete-filled GFRG panels, factors affecting the shear strength of the GFRG wall panels are summa-
rized as below:

a) Concrete strength: Inspection of the exposed concrete core gave an insight that the longitudinal
cracks are due to the tearing of the panel skin alone. Thus the shear strength of the GFRG panel
depends only on the strength of the panel and not on the grade of concrete and reinforcement. Thus
partial filling of cavities (Fig 5(a)) can be adopted and the number of cavities to be filled depends
on the strength requirements [2—4,16]

b) Reinforcement bar: Shear strength of GFRG walls is not affected by the longitudinal rebars. Two
types of wall to floor connections are used. In the type-one connection, only starter bars are used
and in the type-two connection, longitudinal reinforcements are used along with the starter bars,
ensuring the continuity of longitudinal bars along the height of the wall. From the study on the
effect of the continuity of longitudinal reinforcement at the wall to floor joint [6], it was observed
that type-one connection is acceptable for low rise GFRG buildings where the failure is governed
by shear strength and not by the flexural strength. For walls with significant flexural deformation,
the continuity of the longitudinal rebars is necessary for the tensile resistance of the wall and the
overall stability and integrity of the building [2]. It was also observed that the number of rebars (one
or two) in each cavity, do not have a significant effect on the shear strength or stiffness. But the
provision of two rebars helps to sustain the load in the post-peak region and thus ensures more
ductile behaviour [11].

¢) Axial load: The shear resistance of an RC wall increases with axial load, but the shear resistance of
a GFRG wall depends on the interface property[3]. If the interface is smooth, then the axial load
does not affect the shear resistance, whereas, axial load affects the shear resistance in the case of a
rough interface. In actual practice, the effect of axial load on shear strength is usually neglected to
have a conservative design.

d) Internal frame action: Internal frame action exists when floor beams are provided and are cast mon-
olithically with the internal RC cores (Fig. 5(b)). Then the total shear strength of the GFRG walls
includes the shear resistance of the GFRG panel as well as the lateral resistance of the RC frame.

Fig. 5 (a) Various arrangements for filling cavities in a GFRG panel, (b) Concrete-filled GFRG
panels with RC beam at top and bottom

4 Behaviour of GFRG-RC composite slab

The applicability of GFRG panel as roof and staircase waist slab was first studied at IIT Madras [17]

by conducting experimental and theoretical studies. GFRG panels, with ribs aligned in the direction of

bending (out-of-plane), possess sufficient flexural strength [9] and the introduction of reinforced con-
crete into the cavities of the panel further enhances the flexural strength. GFRG panels with ribs aligned
in the direction of bending can be designed as a one-way slab. Concealed RC beams are provided by
opening the flanges and filling the cavities at regular intervals (typically every 3™ cavity for roof slab
5 Behaviour of Glass Fibre Reinforced Gypsum panels as walls and slabs: A Review
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and all the cavities for staircase waist slabs). A screed concrete of thickness 50 mm and reinforced with
welded wire fabric of 10 gauge at 100 x 100 mm spacing is provided to minimize the thermal and
shrinkage cracks (Fig. 6). Thus the entire assembly provides a T beam action.

Fig. 6 Cross-section of GFRG-RC slab

Extensive studies were conducted on GFRG-RC slab and ribbed RC slabs (RC-T beam system) to
understand the behaviour of GFRG-RC slab system [18]. The specimens tested included unit modular
width slabs (2.75 m x 0.77 m) and one-way and two-way prototype slabs (3.02 m x 3.018 m). Four-
point bending test was done on unit modular width GFRG-RC slab and ribbed RC slabs and it was
observed that the GFRG enhances strength by 10 to 20 % and stiffness by 16 to 36 % (Fig. 7(a)). For
GFRG-RC slab, two cases corresponding to the full bond and zero bond at the interface between the
GFRG and RC were studied theoretically. The load-deflection curve obtained from the experiment was
found to lie in between the full bond and zero bond predictions, thus indicating a partial bond.

The load-deflection behaviour of GFRG one-way prototype slab (simply supported on two opposite
sides) subjected to uniformly distributed load (UDL) was determined experimentally and theoretically
and comparison of this with ribbed RC slab (Fig. 7(b)), showed a strength enhancement of 17% and
stiffness enhancement of 36 %, which is due to the contribution of GFRG. The maximum span of the
GFRG-RC slab which can be provided is 5 m in a residential building and 4.5 m in a commercial and
industrial building. When the slab is greater than 3 m, 2 pieces of panel need to be joined in such a way
that the concealed RC beam can run continuously throughout the GFRG panel between the supports. It
was also observed experimentally that the strength and stiffness of the panel with and without a cut was
almost the same, indicating that there is no reduction in strength and stiffness due to cut in the panel as
long as the continuity of the RC rib across the joint is ensured [17].
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Fig. 7 Load-deflection curve of (a) unit width slab, (b) one-way prototype slab, (¢) two way pro-

totype slab [17]

The behaviour of GFRG-RC and ribbed RC two way prototype slabs (simply supported on all the
four sides) subjected to UDL were obtained experimentally and the comparison between the two
indicates a strength increase of 17% and initial stiffness increase of 36%, due to the contribution of
GFRG (Fig. 7(c)). Similarly, the comparison between the one-way and two-way GFRG-RC slab
indicates a strength increase of 59 % and 3 fold increase in initial stiffness and this increase is due to
the two-way action of GFRG-RC slab. Experimental testing was also carried out to know the effect of
various type of loading (UDL, line load and point load) and aspect ratio (1:1 and 1:1.5). It was observed
that the GFRG-RC slab showed good performance under the line load and point load, with less load-
carrying capacity. Water load test simulating uniformly distributed live load was also performed on a
portion of the terrace of the GFRG demonstration building at IIT Madras and it was observed that the
serviceability performance of the GFRG-RC slab is good when compared with the solid RC slab [17].
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5 Large scale testing

Large-scale shake table tests on full-scale two-storeyed (one storey model plus weight on top) GFRG
buildings have been undertaken at Structural Engineering Research Centre (SERC), Chennai with two
different plan and three different infill configurations (Fig. 8(a)). Excellent seismic performance and
suitability of GFRG buildings up to two storeys in seismic zone V were established from the study [19].

A destructive test was done on a full-scale five-story GFRG building (Fig. 8(b)) at Shandong Con-
struction University, China [20]. Visible structural cracks were not found when a cyclic lateral load
equivalent to a zone 8 earthquake in the Chinese seismic code (100 tons) was applied. At small defor-
mations, flexural type deformation and at large deformations, a combination of flexural and shear type
was observed. The evaluation of the performance of the GFRG building system was done by performing
an in-plane cyclic lateral load test on a system unit which represents a typical room of an 8§ storeyed
GFRG building [21]. System unit comprises of a floor slab with in-plane walls on either side (out of
plane strength contribution of the walls are neglected) as in (Fig. 8(c)). This test aimed to evaluate the
performance of the connections, system ductility and modes of failure.

Fig. 8 (a) Shake table test configurations, (b) Five storeyed building under test at China [20], (c)
System unit test setup

Some other minor studies were also conducted on these panels. Lintels above the doors and window
openings of GFRG walls can be constructed by removing the ribs on the top of openings and filling
reinforced concrete into the hollow cavities of the wall. The flexural and shear behaviour of the GFRG
composite lintel was studied experimentally [5] and it was found that the conventional flexural design
theory for RC beams can be used for GFRG lintels, by considering the concrete cross-section alone and
ignoring the GFRG panel.

Durability and sustainability studies [11] — 1) test for the bursting pressure of the panel, 2) exposure
of the panel towards marine atmosphere, normal and acid rain, 3) biological study on algae and fungal
resistance, 4) joint sealant test for doors and windows and 5) studies on indoor thermal performance,
were carried out and the GFRG panel was found to perform well under these extreme exposure condi-
tions. For demonstrating the GFRG technology and the construction of GFRG buildings a two-storey
GFRG demonstration building was constructed at IIT Madras [18,22].

6 Conclusions

In Australia, the GFRG panels were used as load-bearing walls to resisting gravity loads and the slabs
were made of reinforced concrete. From the studies conducted in India, an earthquake-resistant design
procedure for the use of GFRG panels for buildings in different seismic zones of the country was de-
veloped. GFRG panels with embedded micro-beams and RC screed can be used as floor/roof slabs and
thus the suitability of constructing walls, slabs, staircases, and parapet walls using GFRG is well estab-
lished. From various studies, the properties obtained are given in table 1.

Based on these studies at [IT Madras, GFRG has been approved as a building material suitable for
construction of buildings in India up to 10 storeys by BMTPC (Building Materials Technology Promo-
tion Council), and the following manuals were published for adoption in practice:

1. GFRG / Rapidwall Building Structural Design Manual [1]

2. Manual on waterproofing of GFRG / Rapidwall Buildings [23]

3. Schedule of Items and Rate analysis for GFRG Construction [24]

4. Manual on Construction of GFRG / Rapidwall Buildings [25]

5. A BIS code on the specifications, design and construction of GFRG buildings
7 Behaviour of Glass Fibre Reinforced Gypsum panels as walls and slabs: A Review
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These guidelines can be used by architects, structural engineers and construction engineers on the

design and construction of GFRG buildings. GFRG panels can also be used advantageously as infills
in RC framed buildings without any restriction on the number of storeys and thus ensures faster and
economic construction.

Table 1 =~ Mechanical properties of GFRG panel
Property Nominal value
Unit weight 0.44 kN/m?
Elastic Modulus 4000 - 7500 MPa
Poisson’s ratio 0.15-0.23
Uni-axial tensile strength (on flange) 35 kN/m
Uni-axial compressive strength 160 kN/m (unfilled)
1310 kN/m (filled*)
Ultimate shear strength 21.6 kN/m (unfilled)
61 kN/m (filled*)
Out of plane bending capacity 2.1 kKNm/m (ribs parallel to span)
0.88 kNm/m (ribs perpendicular to span)

Water absorption 1%in1h, 5% in24 h

2.3 h rating (unfilled)
Fire resistance 2.3 h rating (unfilled)

4 h rating (filled*) - withstood 900 —1000 °C
Co-efficient of thermal expansion 12 x 10°°* mm/mm/ °C
Thermal resistance 0.36 m’K/W (unfilled)
Sound transmission class 28 (unfilled)
45 (filled*)

* filled with M20 concrete
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Abstract

The paper describes a method for the identification of mechanical fracture parameters of fine-grained
brittle matrix composites. An identification procedure utilizes the results of fracture tests, artificial
intelligence methods, and nonlinear finite element-based analysis. Fracture properties of fine-grained
brittle matrix composites are typically evaluated from the response of a notched prismatic specimen
with a nominal depth of 40 mm tested in a three-point bending configuration. The aim is to identify
parameters for the various composite mixtures and to feed material models for the deterministic and
stochastic simulations of the quasi-brittle/ductile response of structures made of studied materials.

1 Introduction

The recent development of new ecologically and economically attractive materials brings requirements
for a comprehensive description of their properties. The mechanical fracture parameters of the studied
material can be obtained based on laboratory fracture experiments. The measured response of tested
notched specimens in the form of a force vs. displacement diagram can be evaluated by direct methods
such as the Work-of-Fracture method [1] and the Effective Crack Model [2]. The second possibility is
to identify parameters indirectly e.g. by using a combination of fracture test and Artificial Neural
Network-based (ANN) inverse analysis [3]. The advantage of this method is its ability to identify also
parameters that cannot be obtained by direct methods, such as tensile strength.

The ANN-based inverse analysis method was implemented in FraMePID-3PB software [4], where
it is used to determine the parameters of a standard concrete with a wide range of strengths. Prismatic
specimen with a central edge notch and nominal depth of 100 mm tested in a three-point bending
configuration is used, see Fig. 1 (left). In this case, identification is performed with the help of one
robust neural network, which covers the entire space of the identified parameters [4]. Due to the high
variability of the responses obtained from the tests of specimens made of fine-grained composites with
a nominal depth of 40 mm, see Fig. 1 (right), utilization of a single network didn’t provide sufficient
accuracy. For that reason, a neural network ensemble was designed for fine-grained composites. It is
a robust, accurate, and easily expandable system. By limiting the range of parameters for one network
to a certain subspace, more accurate identification results are achieved. Based on the initial analysis of
the fracture test data, one or more networks are activated.

Fig. 1 Example of experimentally obtained load—deflection diagrams of coarse-grained
composites (left) and fine-grained composites (right) with a brittle matrix.
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The paper aims to present the proposed methodology for the identification of mechanical fracture
parameters of fine-grained composites with a brittle matrix. The application part presents the results of
testing the functionality of a neural network ensemble on selected sets of fine-grained alkali-activated
slag based specimens, which differ in the type of curing condition during their maturation.

2 Methodology for identification of mechanical fracture parameters of fine-
grained composites

The identification method of mechanical fracture parameters of fine-grained composites is divided into
three phases, see the color branches of the identification flowchart in Fig. 2: (1) fracture tests, (2)
creation of a neural network ensemble, and (3) identification of mechanical fracture parameters. In this
paper, special attention is paid to the creation of a neural network ensemble and the identification of
mechanical fracture parameters of specimens made of fine-grained brittle matrix composites.

Fig. 2 The identification flowchart of fine-grained composites using neural network ensemble.

2.1 Fracture tests

In the first phase of the method, the fracture test records in the form of force vs. deflection diagrams of
the test specimens are evaluated and the appropriate response parameters are selected for subsequent
identification, see below. The paper deals with the results of fracture tests of specimens made of fine-
grained composites with brittle matrix, which have nominal dimensions of 40 x 40 x 160 mm with
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a central notch to a depth of 1/3 of the specimen’s height. The specimens were tested in a three-point
bending (3PB) test configuration. The distance between the supports was 120 mm. A stable test course
was ensured by a sufficiently stiff mechanical testing machine. The loading was performed with
a constant displacement increment, which was set at 0.02 mm/min. The result of each test was a force
vs. deflection diagram (F-d diagram), which was then used to determine the mechanical fracture
parameters.

2.2 Numerical model

At the turn of the first and second phase of the identification method, the finite element method (FEM)
model of the tested specimen subjected to 3PB was created. The deterministic computational model
was developed in the ATENA 2D software, which uses 3D Non Linear Cementitious 2 material model
[5] for quasi-brittle materials. The tensile softening of the material is described using an exponential
model according to Hordijk [6]. From a static point of view, the specimen is a simply-supported beam
with overhangs, supported by two steel rollers, see Fig. 3. The supports are simplified in the model and
are considered as steel plates made of elastic isotropic material. The beam is loaded by its self-weight
and with a constant increment of vertical displacement in the middle of the span just above the notch.

Fig. 3 Computational model for specimens made of fine-grained composites tested in 3PB.

2.3 A neural network ensemble (NNE)

As mentioned above, the developed identification method for fine-grained composites is based on
inverse analysis using artificial neural networks [3]-[4]. The second phase deals with the creation of
a neural network ensemble and is divided into three parts. First, the set of relevant mechanical fracture
parameters is selected utilizing sensitivity analysis. In this case, three parameters, which are modulus
of elasticity, tensile strength, and fracture energy, are subject to identification. These parameters form
a three-dimensional space, as can be seen in Fig. 4 (right). The range of values of these parameters is
systematically divided into smaller subspaces based on the functions below. Based on a sensitivity
analysis, these functions have been selected so that the generated samples suitably cover the entire 3D
space while maintaining good accuracy across the range of parameters. Emphasis is placed on areas
with lower values, where parameter sensitivity is greater than in areas with higher values. The obtained
intervals were further extended on both sides by 1/10 of the limit values, thus achieving an overlap of
the individual parameter subspaces as shown in Fig. 4 (left).

The first identified parameter is the modulus of elasticity Ecip, which has subspaces arranged
according to the function:

Xpe1 = X+ 27, forn=0,1,2,..,m, (D

where xo is equal to 0.3.
The second searched parameter is the fracture energy Grip, which has subspaces divided by
function:

n-In10
y,=e 2 , forn=12,..,m. @

The last identified parameter is the tensile strength fiip, which has a division of subspaces defined
according to the function:

Zn41 = Zp + 2", forn=0,1,2,...,m, 3)

where 70 is equal to 0.1.
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A stochastic model is created for each parameter subspace. The random variables Ecp and fiip are
defined by a rectangular probability distribution, and the parameter Gr,p is described by a left-sided
trapezoidal probability distribution, which is composed of rectangular and triangular distributions.
The probability of a triangular part is the same as the probability of a rectangular part, see Fig. 5. The
trapezoidal distribution is used to concentrate the fracture energy values in regions with lower values
and thus increase the accuracy of its identification.

Fig. 4 Example of active subspaces of an identification system based on a neural networks
ensemble — a two-dimensional section through space and visible overlapping subspaces
(left) and the entire three-dimensional space of the identified parameters (right).

Fig. 5 Generating random samples from the descending trapezoidal probability distribution (left),
and the rectangular distribution (right).

The second phase then continues with the computational part. First, random realizations of identified
parameters are generated reflecting its probability distributions mentioned above using the LHS
simulation method [7]. The number of simulations depends mainly on the required accuracy. Here, 50
or 100 simulations were used. Repeated FEM analysis of the deterministic computational model is
carried out with the generated realizations of parameters and a corresponding response is obtained.
Arranged pairs formed by random realizations of the identified parameters and their corresponding
random response parameters are later used as the training set for neural networks.

The last step of the second phase is focused on the creation and training of neural networks in each
subspace of identified parameters. Networks are trained using optimization techniques, such as gradient
method, genetic algorithms, etc. The trained neural network, which approximates the inverse function
between the response parameters and the material parameters, then serves to identify the material
parameters of the respective experiment. Verification of sufficient accuracy of the inverse function
approximation is performed using a test set and numerical simulation of the studied specimen.
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The structure of all neural networks which form the neural network ensemble is the same and has
the following parameters: 3 inputs, 1 hidden layer containing 6 neurons with a nonlinear transfer
function (hyperbolic tangent), and 1 output layer with 3 neurons having linear transfer function. The
schematic view of the utilized networks is in Fig. 6.

Fig. 6 Structure of forward multilayer network.

2.4 Identification of mechanical fracture parameters of fine-grained composites

The last phase of the proposed method is the identification of mechanical fracture parameters for the
selected test specimen. First, the response parameters of the test specimen are classified into the
appropriate subspaces causing the activation of their neural networks. The response parameters of the
test specimen may fall into one or several adjacent subspaces. If the response parameters do not fit into
any of the already prepared subspaces, the new subspace of the material parameters needs to be created
and added to the current neural network ensemble.

In the next step, the mechanical fracture parameters in the active subspaces are identified using
activated neural networks. The obtained values of material parameters are then verified whether they
still correspond to the activated subspaces. When the obtained values fall into several overlapping
subspaces the final values of parameters are obtained as a weighted average depending on the distance
of the value from the center of its subspace. For more details see [8].

3 Application on selected fine-grained composite with brittle matrix

The application part of the paper presents the results of the identification of a selected fine-grained
composite using NNE. The identified values from the NNE are compared with the values obtained by
the direct methods.

3.1 Mixture and specimens

The alkali activated blast furnace slag based-mortar (AASM) with slag to sand ratio 1 : 3 (by weight)
was prepared. The slag was activated with a waterglass of silicate modulus (SiO2 to Na2O molar ratio)
equal to 2.34; the waterglass dose was adjusted to 6% NaxO with respect to the slag weight. The water
to slag ratio was adjusted to 0.45 including both water present in waterglass and extra added water
before mixing. Lignosulfonate-based plasticizer was added in an amount corresponding to 1% of the
slag weight to maintain the appropriate workability of mortar.

The prismatic specimens with nominal dimensions of 40 x 40 x 160 mm made of the above
described AASM were manufactured for the experiment. The specimens were stored in the moulds
covered with a PE foil for 24 hours. Then, the specimens were demoulded. The first set of specimens
(WG_wet) was stored in the closed chamber with RH > 95% and the second set (WG_air) was exposed
to free drying under laboratory conditions until fracture tests were performed. Prior to the test, a notch
was cut with a diamond saw to a depth of 1/3 of the specimen’s height. The fracture tests were
performed on 3 specimens from each set. The age of specimens was about 40 days.

3.2 Results and discussions

With the data obtained from the laboratory fracture tests, an inverse analysis was performed using NNE,
and the following parameters were identified: modulus of elasticity Ecip, tensile strength fiip and
fracture energy Grip; from these parameters the characteristic length lw=Ecp- Gr,i0/(fiip)* was also
calculated [2]. The values of the identified parameters belong to a total of 7 active subspaces, see Fig.
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4 (right), of which WG_wet specimens belong to 5 subspaces and WG_air specimens to 2 subspaces.
The following parameters were determined by direct evaluation of F—d diagrams using the Work-of-
Fracture method [1] and the Effective Crack Model [2]: specific fracture energy Gr*, modulus of
elasticity Ec, effective fracture toughness Kice. The results of the parameters obtained by direct methods
and from the NNE are shown in Table 1. The mean value accompanied by the coefficient of variation
(in %) are shown for all investigated characteristics. This table also lists the relative values of the
parameters in the form of two ratios: (1) the Pairwet ratio reflecting differences between two composite
types (100 % corresponds to the values of the WG_wet composite), (2) Pip/TesT ratio comparing two
methods of parameter’s determination (100 % corresponds to the values determined from direct
evaluation of fracture tests).

The identified parameters were also used for numerical simulation of the fracture tests, while the
criterion of numerical agreement between the curves obtained from experiments and numerical
simulation was observed, see Table 1. First, the mean absolute percentage error (MAPE) was calculated
between the forces over the entire F'—d diagram up to deformation of 0.2 mm:

100% = |Feq — Fsq

Fe,d

MAPE,, = , 4)

d=1
where n is the number of points of the F—d diagram (in this case 100), Feq is the force at a given
deformation obtained experimentally, and Fsa is the force at a given deformation obtained by numerical
simulation.
Second, the mean absolute percentage error between the areas under the obtained F—-d diagrams
which correspond to work of fracture (the work necessary to break a specimen and form two surfaces)
was calculated:

We — Ws

e

where We is the area under the experimentally obtained curve and W is the area under the curve obtained
by the numerical simulation.

Table 1 Mean values (coefficients of variation in %) of the mechanical fracture parameters and
relative values Pairwet related to the type of curing conditions and related to the evaluation
method Pip/rest (in %).

Parameter Unit WG_wet WG _air Pair/wet PipresT
E. GPa 16.0 11.0) 10.4 (0.1) 65.0 111.9;
Ec1p GPa 17.9 (11.0) 11.2 (0.3) 62.6 107.7
Kice MPa-m'/? 0.697 (4.6) 0.348 3.9) 49.9 -

Gr' J/m? 96.9 (5.6) 51.9 (14.5) 53.6 108.0;
Grp J/m? 104.7 (6.6) | 56.0 24.7) | 53.5 1079
Jup MPa 3.06 (11.0) 1.10 (9.6) 359 —

leh mm 210.8 (40.0) | 539.9(454) | 256.1 —
MAPE2 % 2.40 3.10 - -
MAPEwo.2 % 0.78 0.45 — —

A graphical comparison for all specimens was also performed. The F—-d diagrams obtained from the
simulations with the identified values of the parameters are compared with the fracture test results in
Fig. 7. The figure also shows the course of the absolute percentage error (APE), which is based on
equation (4). From both numerical and graphical comparisons, we can conclude that very good
agreements were achieved between experimental and numerical responses of all tested specimens.

If compare the results for two sets of specimens, the mean values of specimen parameters of both
sets determined by direct methods as well as by NNE reach significantly different values depending on
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the type of curing condition during maturation. According to the relative Paiwet value, the largest
difference between the two sets is in tensile strength (approximately 64 %), while the smallest
difference is in the modulus of elasticity (approximately 35-37 %). A separate chapter is
the characteristic length I, for which the difference between the two sets is more than double.

Fig. 7 Comparison of selected F—d diagrams obtained from laboratory tests and numerical model
simulations with identified values of parameters of tested specimens — WG_wet (left) and
WG_air (right).

4 Conclusions

The paper describes a methodology for the identification of mechanical fracture parameters of fine-
grained composites. The NNE identification system was designed to be easily implemented in the
existing FraMePID-3PB software tool and also expanded for other types of composites at any time in
the future.
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In the application part, the NNE system was tested in determining the parameters of two sets of
AASM, which differ in curing conditions during its maturation. From a statistical point of view,
the values of comparable parameters obtained from identification by NNE were slightly higher
compared to the values obtained by direct methods. The difference in modulus of elasticity is about 7.5
to 12 %, while in fracture energy it is about 8 %. From the visual comparison, it can be concluded that
the experimentally and numerically obtained F—d diagrams had a good agreement. In the case of
AASM, using the Hordijk tensile softening model seems to be a good choice.
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Abstract

The present study utilises the new hybrid precast beam-to-column joints cast with Engineered Cemen-
titious Composite (ECC) for relocating the plastic hinge zone on the beams outside the joint zone.
Three samples including a monolithic reinforced concrete (RC) sample were tested under a quasi-
static-cyclic loading to assess the seismic behaviour of the joints. The test results exhibited that the
use of ECC for casting the hybrid joints and the adjacent beams areas can prevent brittle failure due to
the superior mechanical properties of ECC. Moreover, the increase of energy dissipation capacity of
the proposed hybrid joints was also observed compared to the RC sample. Therefore, casting the joint
using ECC is recommended for enhancing the seismic behaviour.

1 Introduction

Many developing countries have used precast concrete (PC) systems for constructing building struc-
tures to reduce waste materials, time consumption, and safety risks during construction. Precast con-
crete building systems offer a variety of advantages, including fast construction, high-quality control,
and cost-effectiveness [1-4]. Moreover, PC structure is a sustainable approach for reducing carbon
dioxide (CO,) emissions [5-8]. However, the precast joints of many PC buildings can be damaged due
to earthquakes [8-11]. Past seismic events have demonstrated the poor behaviour of joint system
designs [12]. As a result, efforts have been made to improve the design details of PC joint to meet the
seismic criteria for structural buildings [13,14]. Precast joints are an important part of the PC struc-
tural buildings since they have a critical role in ensuring sufficient seismic performance, particularly
failure mode, load-deformation capacity, energy absorption, stiffness, strength, and ductility [3,15].
The existing codes [16-18] stated that the failure should be located outside the joint zone, thus brittle
failure is not recommended in the PC buildings [17,19]. However, using advanced construction mate-
rials such as Engineered Cementitious Composite (ECC) for casting the PC joints, which is character-
ised by high ductility, pseudo strain hardening behaviour, high strain capacity, and energy absorption,
can be a viable approach to enhance the seismic behaviour of the joints [20,21]. In addition, different
strengthening techniques were used to relocate plastic hinge zones away from the joint zone as an
alternative approach to improve the seismic efficiency of monolithic reinforced concrete (RC) beam-
to-column joints [22-24]. As a result, the resistance of beam-to-column joints against earthquake
loads was significantly improved and brittle failure was avoided in these RC joints. These studies
have focused on evaluating the use of various strengthening methods only in RC beam-to-column
joints. Hence, the studies on the improvement of PC joints in terms of forming the plastic hinge on
beam and located outside the joint zone is limited [25,26]. Therefore, this research is aimed to im-
prove the seismic performance of innovative PC beam-to-column joints by casting the joints using
ECC. Besides, for developing the failure mode of the joints by preventing the brittle failure and relo-
cating the plastic hinge on the PC beams of the proposed hybrid joints.
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2 Experimental methodology

21 Materials properties and mixes design

In this research, two mixes were prepared as follows: (i) the control for the normal concrete (NC) and
(i1)) ECC containing different fibres, namely PVA fibre and hooked-end steel fibre, at 1% volume
fraction for PVA fibre and 0.75% for hooked-end steel fibre. The NC mix was designed according to
a previous study [27] and used to cast the RC sample and PC members, while ECC was used to cast
the PC joints and the adjacent PC beams areas. Table 1 presents the design mixes of NC and ECC of
this research. According to Table 1, C refers to the cement, FA refers to the fly ash, SF represents the
silica fume, RS is river sand, S1 is silica sand with a maximum size of 200um, S2 is silica sand with
size ranging between 200um-1.25mm, CA is coarse aggregate with size ranging between Smm-
12.5mm, W is water, and SP is superplasticiser.

Table 1 Mix proportions for NC and ECC used in this research.

Kilogram/ cubic meter, (kg/m®)

Mix type | C FA SF RS S1 S2 CA \ SP
NC 450.0 | - - 670.0 | - - 1014.0 | 171.0 4.50
ECC 720.0 | 144.0 | 69.12 | - 717.12 | 405.08 | - 251.94 | 27.99

2.2 Sample design and details

The seismic efficiency of the exterior hybrid PC joints was evaluated under quasi-static reversed
cyclic loading. One control sample of monolithic RC (MRC) joint and two samples of the innovative
hybrid PC joints, namely HPCH1 and HPCH2 were used; see Fig.1.

Fig. 1 3D view of innovative hybrid PC joints of the (a) HPCH1 and (b) HPCH2 samples.
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The innovative hybrid joints were proposed in this research and used steel tubes (Tube 1 and Tube 2),
steel plates (main steel plate and gusset steel plates in the HPCH2 sample only) to connect the PC
beams and PC columns. In addition, grouted steel couplers with an embedded length of 8 times the
bar diameter (@) [28] were used to connect the main longitudinal steel bars of PC columns of the
hybrid (HPCH1 and HPCH?2) samples (Figs. 1 and 2). The steel tubes (Tube 1 and 2) have the same
dimensions and mechanical properties in HPCH1 and HPCH2 samples. The reinforcing details of the
MRC, HPCHI1, and HPCH2 joint samples are presented in Fig. 2.

(b)
(a)

(c)

Fig. 2 The reinforcement details of the (a) MRC, (b) HPCH1, and (c) HPCH2 samples (dimen-
sions are in mm).
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Based on the test results of three specimens for steel materials, the average yield strength (fy) of the
main reinforcing bar (O016mm), transverse reinforcing bar (®10mm), steel plate with a thickness (T)
of 10mm, Tube 1 (®73mm and T=14mm), and Tube 2 (®101.6mm and T=12.7mm) is 573 MPa,
505MPa, 367.40MPa, 320MPa, and 315MPa, respectively. The minimum ratio of the (f,/fy) was 1.25;
here f, represents the ultimate strength of steel materials. In addition, the compressive strength of
cast-in-situ using NC is 73.40MPa for the MRC sample, and it is 72.20 MPa for the PC members of
HPCH1 and HPCH2 samples. The compressive strength of cast-in-situ ECC is 78.40MPa for the
hybrid samples and 74.10MPa for cast-in-situ NC for PC beams of the hybrid samples.

2.3 Test setup and protocol

The test setup and instrumentation of samples subjected to the quasi-static cyclic loading are shown in
Fig. 3(a). The exterior beam-to-column sub-assemblies were supported by pin support at the bottom
of the column.

(a) (b)

Fig. 3 The view of the (a) schematic test setup of the sample and (b) cyclic loading protocol of
the samples.

A constant axial load equivalent to (0.1 A,f.) was applied on the column top at the beginning of the
test through an actuator capacity of 2000kN. A, and f; are the gross section area and the compressive
strength, respectively of the column.

The cyclic protocol load presented in Fig. 3(b) was applied at the beam end using displacement con-
trol and the load was applied through an actuator with the capacity of +450kN. Dur-
ing the test, vertical, horizontal, and diagonal displacements were measured u ing load linear variable
displacement transducer (LVDTs).

3 Results and discussion

31 The failure mode of samples

A beam-to-column joint can fail under different modes as follow: (i) beam flexural failure; (ii) beam
shear failure; (iii) column flexural failure; (iii) column shear failure; (iv) joint shear failure; (v) bond
failure of the reinforcement; and (vi) a combination of the various modes listed above. Some of these
failure modes should be prevented if the beam-to-column joint undergo large plastic deformations
(e.g., shear failure of the column or joint and bond failure of reinforcement). The collapse of the
whole structure may occur due to the limited deformation capacity of such a brittle plastic mechanism
[29,30]. To reach the ductile structure, in particular a ductile joint, each element should be designed
for having sufficient displacement capacity. Fig. 4 presents the failure modes of the tested samples.
According to the failure modes of the tested samples, the plastic hinge of the MRC sample was
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formed at the beam end and extended a little bit to the joint area. The plastic hinge of HPCH1 and
HPCH2 samples were formed outside the joint zone and located at a distance of 20mm and 60mm,
respectively, measured from the column face. In general, the tensile strengths of the concrete, trans-
verse reinforcing bars, and longitudinal reinforcing bars, and effective joint width can contribute
significantly to the shear capacity of the joint. Moreover, the high tensile strength and strain capacity
of the ECC compared to the NC [31,32] can significantly improve the shear strength capacity of the
joint. Furthermore, the steel section element of the joint greatly enhanced the shear strength of hybrid
joints. Therefore, the use of ECC to cast the joint area can relocate the plastic hinge to form at the
beam area.

Fig. 4 Failure mode of the (a) MRC sample, (b) HPCH1 sample, and (¢) HPCH2 sample.

3.2 Load, displacement, and energy dissipation of the tested samples

The load-displacement curves of the MRC, HPCHI1, and HPCH2 samples during the quasi-static
reversed cyclic loading test are presented in Fig. 5. In addition, the average displacements and loads
curves (envelop curves) of both push (+) and pull (-) directions of the tested samples are illustrated in
Fig. 6 (a). The capacity of the drift ratio at the failure stage of the MRC, HPCH1, and HPCH2 sam-
ples was 4%, 4.5%, and 6%, respectively (Fig. 6 (a). There is an improvement in the drift ratio of the
HPCH1 and HPCH?2 samples by a factor of 1.125 and 1.5, respectively compared to the MRC sample.
This is resulted from using ECC that contained hybrid fibres.

The building structural elements and joints should be able to dissipate the energy under lateral loading
for enhancing the seismic behaviour of the structures. The sufficient energy dissipation for the joints
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subjected to the seismic excitation can decrease the transmitting loads and deformations to other
structural elements. The energy dissipation of each sample was calculated using the region enclosed
in the hysteretic cycles. The energy dissipation of HPCH1 and HPCH2 samples was increased by a
ratio of about 44% and 213%, respectively compared to the MRC sample (Fig. 6(b)). Table 2 pre-
sents the results of the tested samples. The improvement of mechanical bridging in the crack region,
adequate amount and distribution of PVA and hooked-end steel fibres, and good bonding in the ECC
resulted in an increase in the drift ratio and energy dissipation capacities of the HPCH1 and HPCH2
samples compared to the MRC sample.

Fig. 5 The load-displacement curve of the MRC, HPCH1, and HPCH2 samples.

Table 2 The results of the tested samples in terms of load, displacement, and energy dissipation.

Sample Direction Max. Load | Max. Displacement Energy dissipation
kN mm kN.mm

Push 56.55 51.50

MRC 19701.10
Pull -57.57 -51.60
Push 61.10 57.70

HPCH1 28347.72
Pull -61.74 -57.90
Push 90.16 77.50

HPCH2 61735.60
Pull -90.60 -77.94
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(a) (b)

Fig. 6 The result of the (a) envelop curves in both directions (push and pull) of the samples and
(b) energy dissipations of the tested samples.

4 Conclusions

In this research, the ECC was used for casting the joints and the adjacent beams areas of the innova-
tive precast beam-to-column joints. The following conclusions can be drawn based on the findings
made during the experimental campaign and the results discussed in this article:

1. The plastic hinge relocation on beams of the hybrid PC joints due to using the steel sections to
connect the beams and columns. Besides that, casting the joints using ECC can result in the
formation of the plastic hinges on beams and outside the joints.

2. The energy dissipations of the hybrid joints were increased by the ratio of about 44% for the
HPCHI1 sample and 213% for the HPCH2 sample compared with that of the MRC sample.

3. Based on the test results, using ECC for casting joint is highly recommended for enhancing
the seismic performance of the PC joints and the PC joints can emulate the performance of the
RC joint.

Overall, the hybrid fibres can increase the deformation capacity of the hybrid PC samples. The im-
provement of mechanical properties such as better bridging in the crack region, adequate amount and
distribution of PVA and hooked-end steel fibres, good bonding in the ECC, and increased slip resis-
tance for reinforcing bars enhanced the drift ratio and energy dissipation capacities of the HPCH1 and
HPCH2 samples compared to the MRC sample. Therefore, casting the joint and adjacent beam area
using ECC can significantly improve the seismic performance of the hybrid PC samples compared to
the MRC sample that is used NC for the casting joint.
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Abstract

UHPC (ultrahigh-performance concrete) is a type concrete that has significantly better properties than
commonly used concrete. In addition to the widely known high compression and tensile strengths,
greater durability and resistance are also advantages of these types of concrete. These concretes can
be used for both new structures and reconstructions. Nowadays, these types of concrete are in minor-
ity due to higher price and complex casting.

This paper deals with the properties and behaviour of concrete structures strengthened using UHPC.
One of the most important properties is a good bond between old concrete and the layer of UHPC.
According to this fact, some types of bond were tested and evaluated. Then, using the most effective
type of connection, experiments to determine and to compare values of bending load capacity both
specimens strengthened using UHPC and without strengthening were made. Three types of elements
were used; elements without strengthening and elements strengthened using 30 mm and 50 mm of
UHPC. Besides the load bearing capacity, deformations and cracks were observed. Finally, measured
values were compared with results of simplified calculations.

1 General information on experiments

The concept of strengthening of concrete slabs considered in this paper is casting UHPC (ultra-high-
performance concrete) layer on top of the old concrete slab. To determine load bearing capacities of
elements composed of two layers of concretes (concrete with regular properties and ultra-high-
performance concrete), it was crucial to find out the proper bond between these two layers. This bond
type must have both good properties and easy realization on site. Due to this fact, experiments to
compare bond types were made at the beginning of the research.

After this, experiments to determine load bearing capacities under some types of loading were
made. There are usually three important ultimate limits states for concrete elements — bending, shear
and punching. All these three ultimate states were verified. These experiments were executed accord-
ing to the application of mentioned strengthening method (UHPC layer is on top of the old concrete
element). This article deals with bending of slab elements.

A bending capacity was tested using UHPC in both compression and tension. There were always
three types of specimens for all the experiments — specimens without strengthening, specimens with
30 mm of UHPC without bar reinforcement and specimens with 50 mm of UHPC with bar reinforce-
ment. This variation was designed to determine the significance of strengthening.

Before the experiments, some basic calculations to predict the performance were executed. For
the calculations, literature and standards were used, e.g., [1]-[3].

2 Bond experiments

21 Specification of the experiments

The sufficient bond between two types of concretes is an elementary condition for improving proper-
ties and bearing capacity of slab elements. Choosing the most effective type of bond with respect to
its strength and difficulties making on site was the aim of these experiments. According to the second
condition and properties of UHPC, only methods of improving bond without mechanical connectors
(i.e. steel) were chosen and tested.
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2.2 Preparation and execution of the experiments

There were old prefabricated concrete panels with two types of surface — smooth surface shaped
by formwork and rough surface without contact with formwork. On these panels, four types of prepa-
ration of the surfaces were applied: mechanical water blasting (higher pressure of water), manual
water blasting (lower pressure of water), sandblasting and surface without any modification. In fact,
six types of surfaces were prepared using these methods:

»  Surface without modification shaped by formwork (S1)
= Surface without modification (S2)

= Sandblasted surface shaped by formwork (S3)

= Sandblasted surface (S4)

= Manually water jet blasted surface (S5)

= Mechanically water jet blasted surface (S6)

Water jet blasted surfaces are not divided according to contact with formwork, because these surfaces
were became significantly rough and this difference of the original surface quality disappeared.

Later, on one half of the surfaces the adhesive bridge was applied to determine its significance to
properties of bond. This was followed by casting the UHPC layer. The whole preparation was fin-
ished by core drilling to get specimens for tension tests. The drills had a diameter of 100 mm, were
drilled through the whole slab and for every type of bond three specimens were drilled.

2.3  Results of the experiments

Results from these experiments are summarized in Table 1. In this table, the treatment of surface and
whether the adhesion bridge was used or not, is shown. In the next columns the average stresses in the
moment of failure are shown, the standard deviation of these stresses and where the crack developed.

Table 1 Average failure stress and its standard deviation according to the type of bonding (surface
preparation). Explanation: D — failure during drilling, C — crack in old concrete, AB —
crack in adhesion bridge.

Modification Without adhesion bridge With adhesion bridge

Area of Failure Standard Area of Failure Standard
failure average deviation failure average deviation
tension stress [MPa] tension stress [MPa]
[MPa] [MPa]

S1 D - - D - -

S2 C 2.59 0.17 AB 1.24 0.29

S3 C 3.19 0.18 AB 0.80 0.17

S4 C 2.28 0.33 AB 1.40 0.31

S5 C 2.81 0.28 AB 1.69 0.42

S6 C 2.84 0.20 AB 1.99 0.18

As it is shown in Table 1, adhesion bridge provides lower bond strength for each type of surface
treatment. It means UHPC itself had better adhesive properties and adhesion bridge was not used for
other experiments. Surfaces without treatment that were in contact with formwork were too smooth,
the bond between materials was weak and the layers of concrete delaminated during drilling. For all
other cases there was a failure in old concrete, so the bond between concretes was sufficient. For
following experiments panels, the type S5 — water jet blasting with lower water pressure was chosen,
because this method is quite easy to use and effective.
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3 Bending experiments with UHPC in compressive zone

3.1 Specification of the experiments

The experiments were made using about 10 years old concrete panels which were strengthened using
UHPC layers — one type of panels with 30 mm UHPC and second type with 50 mm UHPC including
reinforcing mesh with bars of 8 mm in diameter in the distance of 100 mm. Because of the weak
reinforcement, these old panels were also strengthened using another reinforcement bars to make the
reinforcement more similar to ordinary used structures. The average strength of cylinders of the old
concrete was 32.3 MPa and the reinforcement was assumed as BS00B. The strength of cylinders of
UHPC was 140 MPa and the experiments were executed about 30 days after casting.

The experiment was designed as a four-point flexural test due to its advantages. This experiment
should approximate the situation when the maximal bending moments are in the middle of the span
with low values of shear forces. The span between supports was 2.5 m and the distance between point
load locations was 0.8 m (Fig. 1). For the experiment, one hydraulic jack and a steel beam to transport
load into two steel tubes were used. The point loads were uniformly distributed in the transversal
direction across the panel.

yF
F/2I X X I'I'/Z

K 850 L 800 L 850 5
2 i 2500 ~ 25
2750
Fig. 1 Longitudinal scheme of the bending test

3.2 Preparation and execution of the experiments

The panels used for experiments were 490 mm wide, 120 mm high and 2750 mm long. The original
longitudinal reinforcement ratio was about 0.8% (4x@12mm) and these bars were placed irregularly
in the panel (Fig 2). Because of this, panels were strengthened using four bars with diameter 10 mm
near the bottom surface. This raised the longitudinal reinforcement ratio to 1.3% and these panels
were appropriate to experiments.

Fig. 2 Cross-sectional dimensions of original concrete panel and reinforcement of this panel.

This process was followed by strengthening using UHPC layer. Nine panels were needed in total to
execute the experiments. Three panels were left without modification, three panels were strengthened
using 30 mm UHPC layer and last three panels were strengthened using 50 mm UHPC and rebar
mesh to reduce shrinkage deformation and load of the whole specimen.

During the experiments, two main values were measured — the deflection in the middle of the
span and the force induced by the hydraulic jack.

3.3 Results of the experiments

In Fig. 3, values of bending moments in dependence on the deflection of the specimens are shown.
This chart shows, that panels with UHPC had similar stiffness at the beginning. On the other hand,
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specimen ref-1 had no visible change of stiffness due to first cracks of concrete. This change of gradi-
ent is visible for specimen ref-2, unfortunately most of the values from this record were incorrect due
to the failure of the measuring system, so only results to deflection 20 mm are shown. It can be seen,
that for all specimens, the deformation of about 20 mm was important. It is clearly visible that rein-
forcement is reaching its yield point at this deflection and the gradients of the charts are significantly
changing. After reaching yield stress of the reinforcement, the curves in the chart were growing very
slowly.
Figure 3 also shows that strengthened panels reached greater deflection before failure.

Fig. 3 Bending moment in the middle of the span in dependence on the deflection in the middle
of the span.
Fig. 4 Cracks at the bottom surface of the panels after executing experiments. Left figure is

reference panel and right figure is panel with 30 mm UHPC.

Figure 4 shows the difference between the performance of reference panels and strengthened panels.
It is visible that cracks in specimen with 30 mm of UHPC (on the right) are wider than cracks in
reference panel (on the left).

Table 2 summarizes numerical results from the experiments. It can be seen that bending moments
of strengthened specimens increased significantly comparing to reference specimens. The bearing
capacity of reference panels is about 30 kNm, panels with 30 mm UHPC has average bearing capacity
40.7 kNm (161% of reference panels bearing capacity) and panels with 50 mm UHPC and rebar mesh
has average bearing capacity 59.5 kNm (201% of reference panels bearing capacity).
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Table 2 Bending moments M,,,, in the moment of failure in the middle of the span for tested
specimens. Averages for used types of panels and comparison with calculated values.

Type of panels Specimen Mpax [KNm] | Average M.« | Standard de- | Coefficient of
[kNm] viation [kKNm] | variation [%]

Reference ref-1 30.2
ref-2 28.1 29.6 1.1 3.6
ref-3 30.6

30 mm of 30-1 47.1

UHPC 30-2 474 47.0 0.3 0.6
30-3 46.7

50 mm of 50-1 60.1

UHPC 50-2 59.7 59.5 0.6 1.0
50-3 58.8

3.4 Simplified analysis and discussion

Table 2 shows that bearing capacities were increased significantly due to the strengthening. Usually,
with the same reinforcement and concrete, the bending bearing capacity increases in the similar ratio
to the height of the section. However, for specimens with 30 mm of UHPC, the bending bearing
capacity was increased to 159% of bending capacity of reference panels, when the thickness of the
specimens was increased to 125%. For specimens with 50 mm of UHPC, the bending bearing capac-
ity was increased to 200% of bending capacity of reference panels, when the thickness of the speci-
mens was increased to 140%. This means, that the lever arm of internal forces was increased more
than the depth of the cross-section. Lately, it was confirmed by calculation, because the depth of the
compression zone was calculated 28 mm for reference specimens and about 11 mm for strengthened
specimens because of the high compression strength of UHPC.

These panels are rather thin, and the increase of the ultimate load in thicker slabs would not be so
significant. However, using UHPC could be considered as very efficient also at thicker slabs. No
delamination appeared at any of the strengthened specimens, although a significant deformation was
achieved. No necessity of mechanical connectors was confirmed.

Better ductility which is important for safety of the structures is another advantage. In figure 3, it
is visible that strengthened panels reached higher deflection, which is related to high compressive
strength of the UHPC and small compression area in the cross section (confirmed by calculations).
Also, wider cracks in strengthened specimen (Fig. 4) indicate larger deformation of the reinforcement.

To analyse results of the experiment, the bearing capacities of specimens were determined by
simple calculation. For analysis, calculation of ultimate bending moment of given cross section ac-
cording to fib Model Code 2010 [1] was used. A parabolic material diagram with maximal stress
140.0 MPa (average strength of the cylinders) was used for UHPC and bilinear material diagram with
characteristic values for material BSO0B was used for rebars. Geometry was used according to Fig. 2.

Calculated bearing capacities were: 27.5 kNm for the cross section without strengthening (93% of
experimentally determined bearing capacity), 43.2 kNm for cross section with 30 mm of UHPC (92%
of experimentally determined bearing capacity) and 51.6 kNm for cross section with 50 mm of UHPC
(87% of experimentally determined bearing capacity). Based on these results, it could be said that the
differences between the experiments and calculations are consistent and using simple calculation to
determine bearing capacity of strengthened cross-section is satisfactory.

The main part of the difference is probably caused by the insufficient accuracy of reinforcement
parameters. Characteristic parameters were used for the reinforcement and it can be assumed that the
actual parameters of the reinforcement were higher than characteristic values. Another reason of the
difference is that the shrinkage of UHPC and the self-weight of the panels were not considered in the
calculation.
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4 Bending experiments with UHPC in the tensile zone

4.1 Specification of the experiments

These experiments were executed few months later than previous experiments and different panels
were available. These panels (Fig. 5) had a different cross-section (790 mm x 120 mm) and different
reinforcement (two rows with six reinforcement bars with diameter of 10 mm). The average compres-
sive strength of cylinders was determined using experiments and the result was 65.8 MPa. It is impor-
tant to mention, that vertical distances between reinforcement bars and surfaces were very variable
and it was not possible to determine the exact position of the reinforcement for all panels. Positions in
Fig. 5 are approximately.

UHPC

8474040474744 400047474040 4747 47 47 4007874740 4000 07474,

— o o o o )
— o o o \ o o

L 790 2x6x#10 L

120
9 3536
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Fig. 5 Cross-section of the specimens. Distances between the rows of bars were variable; aver-
age positions are shown.

It was important to specify properties of the UHPC in tension for these experiments. Experimentally
determined properties of UHPC; tensile strength was 4.9 MPa and bending strength was 18.6 MPa.

As shown in Fig. 6, the experiment was designed as the overhanging beam loaded at the end of
the cantilever. Exactly, the hydraulic jack was placed 0.6 m behind the support and the sensor recor-
ding the deflections was 0.75 m behind the support. The span of the supported beam part was 1.6 m.
This arrangement corresponds to the real conditions. Bending moments with tensioned upper surface
generally reach the maximum values above the supports and these supports are usually local and
cause the change of shear force. In fact, these experiments evaluate behaving of the strengthened
panels exposed to the bending moments and shear forces.

L 600
I 1F /l |
800 o 1600 2200
7 2600 7
Fig. 6 Diagram of the experiments to test the UHPC in tension area. “F” represents the force

caused by hydraulic jack.

4.2 Preparation and execution of the experiments

Figure 6 corresponds with the practical set up of the experiment. The tensioned surface was oriented
up to provide better view of the cracks. Similar to previous experiments, six panels were strengthened
using UHPC layer — three panels with 30 mm of UHPC and three panels with 50 mm of UHPC and
rebar mesh. Last three panels were left without strengthening.

The force from hydraulic jack was distributed into uniform line load using steel transversal beam.
Transversal beams were used as supports and the right-hand end of the beam had to be fixed to pre-
vent its lifting.

Experiments were executed in the laboratory within two days and approximately 30 days after
casting the UHPC layer, so the experiments were not distinctly influenced by weather conditions and
time. The experiments were controlled by displacement of hydraulic jack and the speed of loading
was set to 0.1 mm/s.
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4.3 Results of the experiments

Firstly, it needs to be said that for any specimen, any failure of the interface between the layers of old
concrete and UHPC was not visible. The chart in Fig. 7 shows the record of the deflection and the
bending moment above the support for chosen specimens. From every type of specimens, those with
the middle value of maximal bending moment were chosen for illustration. The results for all speci-
mens are given in the Table 3.

Bearing capacity of panels without strengthening, as it can be seen in Fig. 7, was very low due to
the unsuitable position of reinforcing bars (Fig. 5). In general, the values of bending moments were
very similar at increasing deflections which showed a large ductility of the panels without strengthen-
ing. The maximal value was reached with deflection of about 40 mm.

Comparing specimens 30-2 and 50-2, it is visible that curves in elastic part of deformation had
very stable growth of deflections, which means that the layer of UHPC had good tension properties
and had no failures. It is visible, that chart of specimen 30-2 change its gradient about bending mo-
ment 15 kKNm. Around this value, first cracks in UHPC layer were initiated and it caused reduction of
the moment of inertia and the stiffness of the section. These cracks caused activation of fibre rein-
forcement and the bending moment was still increasing with variable gradient and after reaching its
peak (19 kNm), the curve decreased slowly. Before reaching the maximum value, the change of the
gradient was caused by initiating and widening of cracks. After the maximum value of bending mo-
ment, only widening of initiated cracks was occurring. The fibres were gradually tearing out of the
concrete and the section lost its bearing capacity and stiffness. The diagram also shows that after
reduction of the UHPC’s tensile strength, the bending moment was similar to that of the specimen ref-
1.

Chart of specimen 50-2 has a different shape compared to that of the specimen 30-2, because of
the rebar mesh. There is a change of gradient when reaching the bending moment about 40 kNm,
which is related to initiation of first cracks in UHPC layer. After origin of these cracks, the value of
bending moment is still growing due to the rebar mesh and the maximum value is about 55 kNm.
After this maximum value, the bending moment was decreasing slowly as the specimen lost its
strength due to the failure of the UHPC.
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Fig. 7 Bending moment above the support (calculated according to force in hydraulic jack) in
dependence on the deflection of the overhanging end of the panel.

The Table 3 shows, that the ultimate bending moments of strengthened specimens increased signifi-
cantly compared to specimens without strengthening. The bearing capacity of reference panels is
about 4.7 kNm, panels with 30 mm UHPC has average bearing capacity 20.1 kNm (428% of bending
capacity of reference specimens) and panels with 50 mm UHPC and rebar mesh has average bearing
capacity 56.7 kNm (1206% of bearing capacity of reference panels). The bearing capacity of refer-
ence panels is low because of their low thickness and inappropriate position of rebars. Therefore, it
can be said that strengthening of panels is effective.
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Table3 ~ Maximum bending moments M,,,, (calculated according to force in hydraulic jack) above
the support for tested specimens, height of the UHPC layer, average maximal bending
moments of tested types of panels, its standard deviations and coefficients of variation.

Type of Specimen | My, [KNm] | Thickness of | Average Standard Coefficient
panels UHPC [mm] Mmax deviation | of variation
[kNm] [kNm] [%]

ref-1 4.1 -

Reference ref-2 6.6 - 4.7 1.3 28
ref-3 3.6 -
30-1 15.9 31

30 mm of

UHPC 30-2 18.7 33 20.1 4.1 20
30-3 25.6 43
50-1 52.9 58

50 mm of

UHPC 50-2 55.0 58 56.7 3.9 7
50-3 62.1 58

According to Table 3, reference panels have high coefficient of variation. It is probably caused by big
variation of reinforcement bars positions as mentioned before. In case of panels with 30 mm of
UHPC, also high coefficient of variation can be seen, but this fact is related to high bearing capacity
of the specimen 30-3, that is caused by thicker layer of UHPC (inaccuracy during casting of UHPC).
The coefficient of variation of panels with 50 mm of UHPC is about 7% and it is related to constant
thickness of UHPC in these specimens and using the rebar mesh. The thickness of UHPC for all
specimens was actually 58 mm (instead of the value 50 mm, which is used to keep the article consis-
tent). These thicknesses were different than the required, but it is important that thicknesses are simi-
lar for purposes of this research.

Fig. 8 Cracks at the top surface of the panels after executing experiments. Left figure is refer-
ence panel and right figure is detail of the panel with 30 mm UHPC.

Tested panels after the experiment are shown in Fig. 8. In the left figure, it is clearly visible that there
is one wide crack above the support and other cracks are marginal. This crack corresponds to the peak
of bending moment above the support in this set up of the experiment. In the right figure, there is a
detail of the crack in strengthened specimen. In this detail, the wide crack in the UHPC layer is visi-
ble. The later stage of performance shows that the due to the wide crack, the UHPC layer was not able
to contribute to the load carrying capacity of the section at this stage.
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4.4 Simplified analysis and discussion

Simple calculations to estimate load bearing capacity of cross sections and stresses in the cross sec-
tions were executed. They were compared with the experimental results.

The calculated load bearing capacity of the cross-section of the reference panel according to Fig.
5 (without UHPC) was 22.8 kNm, which does not correspond to the experimental results. The reason
may be found in different positions of reinforcing bars. Perhaps, the reinforcement was closer to
compressed area (lower layer). Based on this experience, the reinforcements of the original panels
were neglected in calculations of strengthened elements.

The elastic calculation was used to analyse behaving of specimens with 30 mm of UHPC. At first,
the stress of uncracked ideal cross-section (including different modulus of elasticity) exposed to
bending moment of 18.1 kNm (average bending moment when the first crack was initiated) was
calculated. The tensile stress in UHPC layer according to this bending moment was 5.87 MPa on the
outer edge and 3.72 MPa on the inner edge (in contact with old concrete). The old concrete is of a
rather good quality, so it can be assumed that this stress did not cause any cracks in the original panel.

To analyse the behaviour of specimens with 50 mm UHPC, two calculations were executed:
1.Elastic calculation as in case of the specimens with 30 mm of UHPC (the depth of the cross section
was 178 mm, according to the measured thickness of the specimens) and 2. Calculation of the behav-
iour of the cross-section under the assumption of a large crack where reinforcement with the rebar
mesh 8/100mm was introduced and the UHPC was neglected (because of a large crack and negligible
effect of fibres). The ultimate bending moment in the critical cross-section was 36.0 kNm (the mo-
ments of initiation of first cracks were registered during experiments). Stresses calculated according
to these assumptions, are 7.9 MPa on the outer edge and 3.1 MPa on the inner edge.

From elastic calculations before initiating of the first cracks for specimens with 30 mm and 50
mm of UHPC, it can be seen, that calculated stresses are slightly higher than tensile strength of the
UHPC itself. On the other hand, these values are much smaller than its flexural strength. Stress values
close to tensile strength were expected, because the layer of UHPC is completely in tension. This
means, that the impact of nonlinear stress distribution in UHPC is rather small and can be neglected.
Panels with 50 mm of UHPC reached higher stress values probably because of rebar mesh, that
probably helps with the redistribution of the stress.

Comparing calculated of bending moment 36.0 kNm with measured average maximal bending
moment 56.7 kNm can be assumed, that the maximum bending capacity is given by combination of
UHPC and rebar mesh.

5 Conclusion

The bearing capacities of panels with UHPC in compression were raised to 200% with 50 mm of
UHPC and to 159% with 30 mm UHPC comparing to reference specimens. The bearing capacity of
panels with UHPC in tension were raised to 1206% with 58 mm of UHPC and to 428% with 30 mm
of UHPC comparing to reference specimens. It has to be said, that the increase for specimens with 50
mm UHPC is rather distorted, because of the reinforcement of reference panels. Despite specific
conditions (thickness and reinforcement of original panels) strengthening using UHPC is a convenient
way to improve properties of old concrete structures. Results of the experiments are also a good
background to more detailed analysis of the behaviour of strengthened panels. However, only very
thin specimens were used. The increase of load carrying capacities of thicker elements will be lower.

Using UHPC for strengthening of structures is quite simple, because it does not need any special
precautions comparing to strengthening using ordinary concrete. Using of UHPC improves the prop-
erties even more than ordinary concrete. Low thickness of UHPC is an important advantage. Experi-
ments confirmed, that 30 mm UHPC without any reinforcement is a layer thick enough to achieve
significant improvement of properties of the specimens. Comparing to ordinary concrete layer with
minimum thickness around 45 mm (without reinforcement) or 70 mm (with reinforcement), thinner
layer of UHPC saves the load and depth of the structure.
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Abstract

The aim of the research work was to determine the influence of cyclic freezing and thawing on an-
choring non-metallic BFRP and HFRP reinforcements in concrete beams. The tests were carried out
on HFRP (Carbon-Basalt Fiber Reinforced Polymer) and BFRP (Basalt Fiber Reinforced Polymer)
bars with diameters of ¥4 mm, @6 mm and @8 mm. The scope of the analysis included testing the
efficiency of reinforcement anchoring in concrete, testing the longitudinal and transverse thermal
expansion

of reinforcing bars, as well as the visual assessment of structure of bars stored at a constant tempera-
ture of +20°C in comparision to bars subjected to 150 freezing and thawing cycles in the range of
temperature from -20 °C to +20 °C. Determining the standard parameters of the anchoring efficiency
required making a reinforced concrete beam connected in the upper part of the span section using a
steel joint, and in the lower one with a common FRP bar and testing it in a 4-point bending system.
The composite bar slips on both ends of the tested beam were measured. The stand used to determine
thermal expansion coefficients was an original technical solution. Measurements of changes in bar
length and diameter were made in a climate chamber with a set range of temperature changes.

The analyses allowed confirmation of the analogy of the behavior of innovative HFRP bars in relation
to the widely known BFRP bars. The correlations between stresses at the reinforcement-concrete
interface, stresses in reinforcing bars and anchor length of bars were determined. Additionally, the
degree of degradation of reinforcement anchorage in concrete was determined after subjecting the
samples

to 150 cycles of freezing and thawing, thereby simulating the 50-year service life of concrete structure
in changing temperature conditions.

1 Introduction

The fibre reinforced polymer (FRP) bars have a higher thermal expansion coefficient than concrete
(CTE, 10 x 10-6x°C). For composite materials, the values of the coefficient in the transverse direc-
tion to the fibers (TCTE), depending mainly on the properties of the polymer matrix, and longitudinal
(LCTE), depending mainly on the properties of the fibers should be distinguished. The values of the
TCTE coefficients for the AFRP, CFRP and GFRP bars are respectively, 8 times, 3 times and 3 times
higher than the value of the above-mentioned coefficient for concrete [6]. Due to the cyclic effect
of freezing and thawing, the composite reinforcement inside reinforced concrete members exhibits
much greater deformation than the surrounding concrete. This phenomenon in turn creates stresses
and microcracks at the interface of both materials. The consequence of the described phenomenon
is a decrease in bond between reinforcement and concrete, which leads to premature loss of load
bearing capacity of concrete members [2, 5]. Most of the studies describing the issue of thermal ex-
pansion

of reinforcement concerned the behavior of GFRP, CFRP or AFRP under the influence of variable
temperatures [ 1, 5], while only a few studies dealt with BFRP [4, 7], which gave rise to the following
experiments.

The research program included determination of longitudinal thermal expansion coefficient LCTE
and transverse thermal expansion coefficient TCTE as well as testing the efficiency of anchoring
of HFRP (Hybrid - Carbon and Basalt Fiber Reinforced Polymer) and BFRP (Basalt Fiber Reinforced
Polymer) reinforcements in concrete. Their purpose was to determine the effect of cyclic freezing
and thawing on the anchoring efficiency of the basalt and hybrid bars in concrete.
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2 Test procedure for determination of thermal expansion coefficient

The procedure for testing the coefficient LCTE (Longitudinal Coefficient of Thermal Expansion) and
TCTE (Transverse Coefficient of Thermal Expansion) of composite bars included placing a 250 mm
long straight segment of a BFRP or HFRP type bar in a specially designed steel support frame and
applying 2 opposing pairs of dial indicators with an accuracy of 0.001 mm and a range of 1.0 mm, as
shown in Fig. 1. The samples were simply supported on two supports. Their position was stabilized
by the pressure forces of the measuring probe stems. In order to increase the accuracy of measure-
ments and to avoid accidental slipping of the sensor heads from the irregular surface of the bars, steel
plates with sizes of 20x20%2 mm were glued in places of planned measurement points.

Fig. 1 Schema of a test stand for testing longitudinal and transverse thermal expansion of com-
posite bars; A - side view, B - cross-section; (1) - dial indicators, (2) - steel plates,
(3) - support frame, (4) - composite bars 250 mm long. All dimensions are in mm

The subject of the study were BFRP and HFRP bars containing an epoxy resin matrix and basalt
or hybrid fibers (75% basalt fibers and 25% carbon fibers). Bars with diameters of 34 mm, @6 mm
and @8 mm were used for the experiment. First, the entire system presented was placed in a climate
chamber and reference measurements were made using 4 dial indicators at a temperature of +20 °C.
Then

the test started, setting a total of 3 freezing and thawing cycles in the temperature range from -20 °C
to +20 °C for 8 hours each one. The measurements of elongation at temperature -20 °C and +20 °C
were made in 5 points of each of the reinforcing bars. The results were presented in the form of ther-
mal expansion coefficients LCTE and TCTE [10-6 x °C] referring to the length of the samples.

3 Procedure for efficiency of anchoring test

The members for testing the anchoring efficiency consisted of two concrete beams connected by a
steel joint using a common reinforcing bar, as shown in Fig. 2. The dimensions of the beams made
corresponded to type A samples for reinforcing bars with diameter up to 16 mm according to [10].

A simply supported beam loaded with two symmetrical forces was tested. The anchor length in
the concrete was 10 times greater than its diameter. The remaining sections of the bar were placed in
metal sleeves, protecting against contact with concrete, enabling its free movement along its axis.
Sensors
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for measuring reinforcement slips with an accuracy of 0.001 mm and a range of 30 mm were mounted
at the ends of bars protruding beyond the beams. It was required to prepare special molds enabling
centric laying of reinforcing bars and steel structural reinforcement, preventing concrete splitting,
as shown in Fig. 3. For the tests, concrete class C30 / 37 was used, meeting the requirements for
concrete structures operated in exposure class XF3 according to [9].

Fig. 2 Scheme of sample for testing the efficiency of bar anchoring; (1) - dial indicators, (2) -
supports, (3) - steel joint, (4) - load rollers, (5) - aluminum shielded tubes, (6) - anchoring
zone of FRP bars (length of 10 x @) with diameter 4 or 6 or 8 mm, (7) - concrete beams.
All dimensions are in mm

Fig. 3 Sample reinforcement during assembly in the mold

The beams (12 series) were made using BFRP and HFRP bars with diameters of ¥4 mm, @6 mm and
8 mm. The test members were stored in various temperature conditions. Firstly, all samples were
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stored for 28 days in water at a constant temperature of +20 °C. Then 6 series of samples were placed
in a freezing chamber with controlled temperature, and subjected to 150 freezing and thawing cycles
in the temperature range from -20 °C to +20 °C at 100% air humidity, reflecting the 50-year service
life of the members in the zone of fluctuation of water levels or subjected deicing agents according
to [8]. The remaining 6 series of samples were placed in an air-conditioned room with a constant
temperature of +20 °C and 40% RH. Prior to destructive testing, all samples were stored for 24 hours
at temperature +20 °C.

The spacing of supports in the testing machine was 650 mm. The loads were applied with two

steel rollers at a distance of 200 mm from each other (Fig. 2). The loading was carried out in stages,
stopping the growth and stabilizing their level after reaching the set stress values in the bars, every 80
MPa.
The load was increased steadily until the tested specimen failed. Each of the given load steps was
achieved within 30 seconds. The duration with a constant force for a given step lasted no more than
120 seconds. The measurements of bar slips were made after stabilization of both dial gauges' indica-
tions.

During the test, the values of load for reinforcing bar slips equal to 0.01 mm, 0.1 mm, 1 mm,
as well as the value of maximum force were recorded. The test was completed after complete loss
of adhesion of tested bars to concrete in both beam halves or after breaking of the composite reinfor-
cing bar. If a slip of more than 3.0 mm was recorded at one end of the beam, the anchor of the bar was
strengthened to block further displacement and the test was continued until the bond in the rest
of the test specimen was broken.

4 Coefficients of thermal expansion

The obtained values of coefficients of thermal expansion of BFRP and HFRP bars corresponded to
the typical range of coefficient values that are characteristic for bars with carbon or glass fibers. The
test results are presented in Table 1.

Table 1 Average values of longitudinal (LCTE) and transverse (TCTE) thermal expansion coeffi-
cients and standard deviation (o) values for BFRP and HFRP reinforcement

Rod type Diameter LCTE (o) TCTE (o)
[mm] [10°C] [10°/°C]
4,0 1,4 (£0,2) 38,8 (42,3)
BFRP 6,0 1,7 (20,2) 1,5 (£0,2) 36,5 (£2,5) 37,8 (+2,1)
8,0 1,5 (0.3) 382 (£1,4)
4,0 1,3 (£0,2) 32,6 (£2,5)
HFRP 6,0 1,5 (£0,2) 1,4 (£0,2) 342 (+2,9) 33,5 (+2,0)
8,0 1,5 (£0,2) 33,7 (£0,4)

The test results have shown that HFRP bars are characterised by TCTE value 11.4% lower and a
LCTE value 6.7% lower than BFRP bars. It was the effect of 25% carbon content in HFRP bars.
According to the data presented in [6], specimens based on carbon fibers (CFRP) showed lower val-
ues of the coefficient of thermal expansion compared to specimens based on basalt fibers (BFRP)
obtained in test presented.

5 Effectiveness of anchoring FRP reinforcement

During the experiment, 12 series of BFRP and HFRP reinforcement beams with diameters of @4 mm,
@6 mm and @8 mm were examined. Members which were subjected to cyclic freezing and thawing
were marked as FT, while the reference members stored at constant temperature as REF. The values
of bar slips depending on the applied load were shown in Fig. 4.

The destructive influence of cyclic freezing and thawing on the durability of the concrete-
composite bar interfacial zone could be observed by comparing the values of FRP bar slips at indivi-
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dual levels
of beam loading. The BFRP REF series was characterized by 51% lower bar slip values than the
BFRP FT series. Similarly, the HFRP REF series showed 48% lower bar slip values than the HFRP
FT series.

The ultimate criterion for the destruction of all tested elements was the breaking of composite
bars which confirms very good bond in concrete. For none of the test members, the complete reinfor-
cement slipping from concrete beams was achieved. The maximum achieved stress levels in the bars
were approximately consistent with the predicted tensile strength values. Beams of the FT series were
destroyed on average at 10% lower load value than those of the REF series.
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Fig. 4 Average values of bar slips [mm] depending on the value of adhesion stress [MPa] for
bars with diameters of ¥4 mm (diagram A), @6 mm (diagram B), @8 mm (diagram C).

The above observation confirms the fact that the degradation of concrete-composite bond has the
important effect on the decrease in durability of concrete members reinforced with composite bars.
In addition, research confirmed that beams made using BFRP and HFRP bars were characterized
by similar slip values of reinforcing bars in concrete. The external appearance of both types of bars
was almost identical, which makes them difficult to distinguish with the unaided eye. Even subjecting
specimens to cyclic freezing and thawing did not cause differences in their surfaces.

6 Conclusions

During the experiment, the physical properties of composite bars made of basalt fibers (BFRP) as
well as basalt and carbon fibers HFRP were determined, under variable temperature conditions rang-
ing from -20 °C to +20 °C. The HFRP bars showed a 11.4% lower transverse coefficient of thermal
expansion TCTE than BFRP bars, which is insignificant difference.

An evaluation and comparison of the effectiveness of anchoring BFRP and HFRP bars in concrete
subjected to cyclic freezing and thawing as well as for concrete members stored at constant tempera-
ture +20 °C were carried out. Exposure to variable temperatures was aimed at accelerating the aging
of the tested elements, simulating the 50-year service life of structures in the zone of water level
fluctuations or subjected to deicing agents.

The degradation of concrete-composite interfacial zone has a significant influence on the decrease
in durability of concrete members reinforced with composite bars. The values of slip for beams stored
in the climate chamber were an average of 50% greater than the values of slip recorded for those kept
at constant temperature +20 °C. Thus, the decrease in the anchoring efficiency for members subjected
for a long time in cyclically variable temperatures. Therefore, an increase of 50% in the required
anchor length for components exposed to the XF3 environment should be considered compared to
structural members protected from adverse temperature conditions. However, this issue requires
further testing and verification. In terms of anchoring efficiency, durability, appearance or the degree
of visible degradation of the bar surface, no significant differences were found between the BFRP and
HFRP reinforcement.
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Abstract

The paper is focused on the assessment of existing prestressed concrete bridge by advanced semi-
probabilistic methods. The bridge is represented by a non-linear finite element computational model
and thus it is necessary to employ efficient methods for estimation of a coefficient of variation
(ECoV). There are two practical cases studied presented in this paper: Semi-probabilistic analysis of
single bridge girder and application of ECoV methods to bridge structure. It is shown how to deter-
mine design value of ultimate load capacity by semi-probabilistic approach in case of single bridge
girder and obtained results are compared. Moreover, ECoV methods are applied in the second case
study with a limited stochastic model and three analyzed limit states. Employed ECoV methods are
compared to the reference value determined by Latin Hypercube Sampling technique.

1 Introduction

The non-linear finite element analysis (NLFEA) represents a powerful tool for accurate assessment of
existing structures and thus it is employed more often also for practical applications in recent years.
Nonetheless, it is also necessary to assume uncertainty in input variables for proper modeling of real
structures. Therefore, it is necessary to perform complex stochastic analysis instead of deterministic
computation of NLFEA. On the other hand, it is still highly time-consuming to perform a fully proba-
bilistic analysis of large non-linear models with many stochastic input variables. The solution can be
represented by semi probabilistic approach focused on the determination of the design value of re-
sistance under prescribed simplifications, which can greatly reduce the number of needed calcula-
tions.

The key ingredient in a semi-probabilistic design and assessment of structures is an estimation of
a coefficient of variation (ECoV) of resistance. In recent years, the development of ECoV methods is
an area of interest for many researchers and engineers, and there are several known approaches in the
scientific literature [1]-[3]. Selected ECoV methods are employed in this paper for the assessment of
the existing prestressed concrete bridge failing in bending. This bridge was selected in the framework
of the European Project Safebridge (interreg project Austria-Czech Republic) focused on advanced
numerical analysis of existing bridges. Specifically, the paper presents the first study focused on the
semi-probabilistic assessment of one typical bridge girder KA-61 (frequently used in the Czech Re-
public) and the application of ECoV methods to an existing bridge with the limited stochastic model.

2 Semi-probabilistic Methods

According to the semi-probabilistic approach, the resistance of a structure R is separated, and the
design value R, satisfying given safety requirements is evaluated instead of calculating the failure
probability. Such an approach directly leads to the design value of resistance which can be easily used
for a design and an assessment of structures in the industry, similarly to the Partial Safety Factor
method (PSF). It is assumed that R is lognormally distributed; thus, the design value of resistance R,
is defined as

Rq = ug exp(—ag f vg) (D

where vy is the coefficient of variation (CoV) of resistance, and ay represents the sensitivity factor
associated with R derived from the First Order Reliability Method (FORM). For industrial applica-
tions, FORM is simplified by fixed value ap = 0.8. Target reliability index 8 can be found in codes for
specific types of structures and class of consequences. As can be seen, in order to accurately deter-
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mine the design value of resistance by a semi-probabilistic approach, it is crucial to correctly estimate
the mean value and variance of structural resistance, which can be seen as a function of a random
vector r(X). This task might be challenging due to a fact that input random variables can generally be
non-Gaussian and correlated. The only general approach to estimate statistical moments is pseudo-
random sampling by a Monte Carlo type algorithm such as Crude Monte Carlo or Latin Hypercube
Sampling [4] employed in case studies as a reference solution. However, it is necessary to perform a
high number of simulations of the original mathematical model, which usually can not be employed
in industrial applications due to the enormous computational burden. On the other hand, it is possible
to assume several simplifications and use simplified methods, presented in the following paragraphs.
Note that, one should assume model uncertainty and geometrical uncertainty in order to estimate
the design value of resistance in compliance with Eurocode [5]. In this case, one should calculate

CoV of R as:
Vg = /vj+vr%1+vf (2)

where vy is part of CoV caused by the uncertainty of input random variables, v,, represents the coeffi-
cient of variation associated with model uncertainty [6] and v, represents CoV caused by geometrical
uncertainty. For the sake of generality, this paper is further focused only on vy

ECoV methods are focused on the estimation of statistical moments of resistance and estimation
of the design value of resistance under the assumption of the lognormal distribution. CoV of re-
sistance R according to Cervenka [1] can be estimated as follows:

v =—1 ln(R—m) 3)
7165 \Ry

Note that, just 2 simulations of NLFEA are needed in this approach: R,, with mean values of input
random variables and Rj, using characteristic values (5% quantile). The global resistance safety factor
is then calculated assuming Lognormal distribution as:

v = exp(arfvy) 4

The described concept was adopted in the fib Model Code 2010 [7] and design value R; was later
decreased by yrg = 1.06 in order to take model uncertainties into account:
Rm

R, =
¢ YRVRd

)

Improved ECoV method based on Taylor Series Expansion was proposed by Schlune et al. [2]. The
coefficient of variation vy, if material parameters are not correlated, can be calculated as:

N 2
D (6)
T~ Ry L_ Ax, X

where the response of construction Rpy; is determined by NLFEA using reduced mean values of
material variables by AX; and gy; is the standard deviation of the i-th variable. If the lognormal distri-
bution of material variables is assumed, the reduced values of X; can be calculated as:

Xpi = Xmi exp(—c - vy;) (7)

where X,,; is the mean value of i-th material characteristic and step size parameter ¢ = (azp)/V?2.
Besides ECoV methods, there are two general methods for the design of structures in Eurocodes
using NLFEA. Commonly known general partial safety factors according to EN 1990 [5] and the
global safety factor method for NLFEA of concrete structures according to EN 1992-2 [8]. These
methods are based on the very strict assumption that a numerical simulation with input variables set to
a generally desired quantile leads to a result corresponding to the identical desired quantile of re-
sponse distribution R. Of course, this might be a severe problem in case of NLFEA, where a simula-
tion with extreme values of input variable may lead to the unrealistic behavior of the computational
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model, which is usually verified within a specific range of input variables (working conditions).
However, such an approach can be acceptable for simple structural members with a single almost
linear failure mode and low vg, e.g. the bending of a simply supported beam.

According to EN 1990 numerical simulation is computed with design values of input random var-
iables (such as design value of yield strength of reinforcement f,,; or compressive strength of con-
crete f.4) and obtained result of simulation corresponds to design value of resistance R;. Design
values of material characteristics can be obtained from laboratory experiments or directly from EN.
Typical approach for the determination of design values of input variables is the usage of normative
coefficients, which contains model uncertainty, thus no additional reduction by safety factor is needed
(further denoted as PSF tabular). On the other hand, the design values can be estimated from laborato-
ry experiments as a following percentile of statistically processed values:

Xq = uy exp(—ag B vy) (3)

where vy is CoV of a random variable (material characteristic). The results of NLFEA leads to design
value R, however partial safety factors in EN include reduction due to model uncertainty, thus addi-
tional reduction of the design value of resistance by the safety factor yr; = 1.06 should be applied:

Ra _R(hyaSea ) ©)
Yra 106

In the global safety factor concept according to EN 1992-2, the design value resistance is estimated
as:

Rd:

Rd — R(fym:\]j;ENZ: ) (10)

where the global safety factor for resistance is set as yp = 1.27 including model uncertainties,
fym = 1.1 fi is the mean value of yield strength of reinforcement, f,; represents its characteristic
value (5% quantile), and f.gy, 1s the reduced mean value of concrete obtained as f.gyz =
0.85 f,k.This reduction reflects higher variability of concrete material parameters in comparison to
reinforcement. The global safety factor method can be recommended in combination with NLFEA for
concrete structures with lower vy, since yg = 1.27 was not derived for special structures with a high
variance of resistance such as shear failure.

3 Single Bridge Girder KA-61

The very first case study is focused on a comparison of ultimate limit state design values of resistance
determined by normative methods and semi-probabilistic approach. In the first step of the study, the
structure is represented by one girder: simply supported prefabricated prestressed bridge girder KA-
61 failing in bending and loaded by half of special six-axle truck according to Eurocode national
annex. The KA-61 girder is 19.98 m long; a rectangular cross-section (see Fig. 1 left) is 0.85 m high
and 0.98 m wide. The girder is prestressed by 15 tendons (4 parabolic and 11 straight). Material of
reinforcement is 10 400B and concrete class is C35/45 according to the bridge documentation.

3
1 08 1
Fig. 1 Original geometry of cross-section (left) and simplified geometry for NLFEA (right).
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The non-linear finite element model was created in software ATENA 3D and it consists of 13,000
elements of hexahedra type in the major part of the volume and triangular "PRISM' elements in the
blue-colored parts of cross-section (see Fig. 1 right). Brick elements were preferred due to general
numerical stability and mesh compatibility between two volumes connected by fixed contact, i.e.
nodes of elements share the same position in both connected volumes. Moreover, brick elements
allow easy definition of structured mesh significantly reducing the number of finite elements in com-
parison to unstructured mesh consisting of tetrahedra elements. Concrete is described by a non-linear
mathematical model according to [9] based on the theory of fracture mechanics. Reinforcement and
tendons are represented by discrete 1D elements with geometry according to original documentation.
The ultimate limit state is represented by the load applied in the last step of the analysis representing
structural failure (peak of load-deflection diagram). Bending failure mode and locations of cracks in
the last step of analysis (ULS) can be seen in Fig. 2.

Load-Deflection of girder KA-61

e
/ =
o/ H]
20 / Decompression
/// Cracking
/1/‘/ ® ULS (failure)
—o
0 0.02 0.04 0.06 0.08 0.1
Deflection [m]
Fig. 2 Prestressed concrete girder KA-61: bending failure mode and locations of cracks during

ULS (right), corresponding load-deflection diagram of KA-61(right).

Variability of concrete material characteristics are summarized in Table 1 and it is assumed ac-
cording to recommendations of JCSS [10] - Young's modulus E; laboratory experiments of material
obtained from original documentation of the bridge - compressive strength of concrete f;; and expe-
riences from the large testing campaign [11] - tensile strength of concrete f; and fracture energy Gz
Mean values of E, f;, G were determined according to formulas implemented in the fib Model Code
2010.

Table 1 Stochastic model of single prestressed bridge girder KA-61.

Parameter Mean CoV [%] Probability distribution Units
fc 59 9 Lognormal [MPa]
ft 4.6 16 Lognormal [MPa]
E 38.8 15 Lognormal [GPa]
Gr 152 22 Lognormal [Jm?]

Determined results are depicted in Fig. 3. Reference statistical moments of resistance R were ob-
tained by LHS method with 30 simulations: the mean value is y;ys = 692.7 kN and the standard
deviation is g,y = 40.2 kN. The ultimate limit state design values were determined for reliability
index f = 3.8 and under the assumption of Lognormal distribution of resistance. Although the design
value estimated by the ECoV method is very close to the result of LHS, it significantly underesti-
mates both the standard deviation ogc,y = 21.5 kN and the mean value pgcoy = 652.8 kN. On the
other hand, ECoV by Schlune slightly overestimates the standard deviation ogcpiyune = 44.8 kN,
which in combination with the mean value identical to g,y leads to a lower design value of re-
sistance. Nevertheless, the problem is in the estimation of mean value by a single simulation with
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mean values of material characteristics and the assumption that R,, (i) =~ ugr which is standard in
ECoV methods, but it does not lead to correct estimation in this case. Interesting results are obtained
by normative methods: partial safety factors (PSF tabular) method highly overestimates the design
value of resistance (even after calibration of safety factors by experiments in PSF experiment). On the
other hand, EN 1992-2 method leads to very accurate result close to the reference value obtained by
LHS. Note that all performed non-linear simulations assuming given probability distribution of input
variables lead to identical flexural failure mode in bending and thus all design values compared in
Fig. 3 are directly comparable.
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Fig. 3 Comparison of design values of resistance determined by various techniques.
4 Prestressed Concrete Bridge

It was decided to create a mathematical model of the middle span of the bridge with a length of super-
structure 19.98m and total width 16.60m, which represents the crucial span of the whole bridge. The
geometry of single bridge girders KA-61 is assumed according to original documentation including
reinforcement and tendons. The shape of the cross-section is simplified to regular shapes (triangular
and rectangular) in order to obtain regular mesh, see Fig. 1 (geometry is measured in centimeters).
The girder is assumed as a simply supported beam and supports are assumed as elastic blocks with
boundary conditions corresponding to simply supported beam. The geometry of supporting elastic
blocks and elastic blocks representing loading plates is assumed according to bridge documentation
and national annex of Eurocode for load-bearing capacity of road bridges by exclusive loading by six-
axial truck.

Due to the fact, that single girders are not transversally prestressed and thus there is different in-
fluence of girders to stiffness of bridge in dependence on their distance to the loading position, it was
necessary to create the numerical model of the whole bridge span, see Fig. 4. It consists of 16 bridge
girders KA-61 in a transverse direction, each girder is 19.98m long. The girders are connected by
reinforcement according to original documentation together with a concrete mixture between single
girders, which leads to realistic behavior of the numerical model.

« activating of the pavement
« activating of the concrete among girders

. application of load by
single six-axial truck

Fig. 4 Construction process (3 steps) of the bridge consisting of 16 girders KA-61
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During prestressing of structure, especially during prestressing of the superstructure, neglecting
the construction process might lead to unrealistic behavior of the whole structure. Therefore, it is
often necessary to respect the real construction process in order to obtain the same boundary condi-
tions of mathematical model and real structure. In the case of this bridge, it was decided to model all
important construction steps:

1. Prestressing of girders and application of self-weight.

2. Activating the concrete mixture between girders and the pavement.

3. Application of the exclusive load by single six-axial truck.

In this first study, the stochastic model is limited only to two random variables: compressive
strength of concrete F, ~ Lognormal (CoV 9%) and prestressing force (after losses) P ~ Gaussian
(CoV 6%). Mean value and CoV of f, is obtained from material experiments; mean value of P is
obtained from original deterministic calculation and CoV is determined according to JCSS. Note that
additional material characteristics of concrete are calculated according to fib Model Code 2010 based
on the specific realization of F.. The quantity of interest R represents the weight of a single six-axle
truck in tons corresponding to specific limit state. Using software ATENA based on theory of fracture
mechanics, the following three limit states were analyzed: a) limit state of decompression, b) limit
state of cracking (beginning of cracking) and c) ultimate limit state (load during failure of the bridge).
Selected ECoV methods are compared with Latin Hypercube Sampling using 30 simulations in Tab.2.

Table 2  Obtained results of ECoV methods employed for semi-probabilistic analysis of the bridge.

Limit state | Cervenka (uig [ton] / Vr[—]) | Schlune (ug [ton] / ve[—]) | LHS (ug [ton] / ve[—])
a) 295/0.062 295/0.039 295/0.062
b) 728 /0.094 728 /0.062 717/0.045
c) 800/0.079 800/0.071 792 /0.059

As can be seen from summarized results in Tab. 2, both ECoV methods lead to accurate estima-
tion of mean values in all three limit states. However, there is a significant deviation in estimated
CoV for limit state of cracking by both methods. Overestimated CoV leads to conservative design
values of resistance and thus such deviation might be still acceptable, but significant overestimation
might also lead to unnecessary intervention and thus significant economic impact. Moreover, ECoV
by Schlune based on Taylor Series Expansion underestimated the CoV of limit state of decompres-
sion. This might be caused by fixed step-size parameter ¢ for all limit states in order to reduce compu-

tational demands of this method, though it can be adapted according to ¢ = (agB)/+/2 for each limit
state separately.

5 Conclusion

The paper presents the results of an initial study focused on the semi-probabilistic assessment of
existing concrete bridges using a combination of non-linear finite element method and advanced
ECoV methods in order to estimate the design value of resistance. The two practical case studies were
presented: Typical single bridge girder and a whole bridge structure. The ultimate limit state of the
single bridge girder was analyzed by various safety formats and ECoV methods. Obtained results
were compared in terms of estimated design values of resistance. The whole bridge structure was
analyzed with respect to three typical limit states. Selected ECoV methods and LHS were employed
for the estimation of coefficient of variation of all three limit states. It can be seen, that simplified
ECoV methods lead to significantly overestimated CoV of limit state of cracking. Further work will
be focused on advanced analysis of the whole bridge structure, i.e. application of presented safety
formats (including PSF and EN 1992-2) for estimation of the design value of resistance and since the
limited stochastic model might lead to inaccurate results, an extended stochastic model used for single
girder will be used in case of the whole bridge structure and obtained results will be compared.

Acknowledgments

The development of the theoretical part of this contribution has been progressed under the project of
Czech Science Foundation Project No. 20-017818S. Practical application was part of the research
project No. TH04010138 funded by the Technology Agency of the Czech Republic.

50 | Structural analysis and design (Semi-probabilistic Assessment of Prestressed Concrete Bridge)




Semi-probabilistic Assessment of Prestressed Concrete Bridge

References

1.

10.

11.

Cervenka, V. 2013. “Reliability-based non-linear analysis according to fib model code 2010.”
Structural Concrete 14(1):19-28.

Schlune, H., K. Gylltoft, and M. Plos. 2012. “Safety formats for non-linear analysis of concrete
structures.” Magazine of Concrete Research 64(7):563-574 .

Castaldo, P., D. Gino, and G. Mancini. 2019. “Safety formats for non-linear finite element analy-
sis

of reinforced concrete structures: discussion, comparison and proposals.” Engineering

Structures 193:136 -153.

. McKay, M. D. 1992. “Latin hypercube sampling as a tool in uncertainty analysis of computer

models.” In: Proceedings of the 24th Conference on Winter Simulation, WSC '92, pp. 557-564.
New York, NY, USA.

CEN. 2002. EN 1990 - Eurocode: basis of structural design. Brussels: European Comitee for
Standardization, Brussels.

Holicky, M., J. V. Retief, and M. Sykora. 2016. “Assessment of model uncertainties for structur-
al resistance.” Probabilistic Engineering Mechanics 45:188 — 197.

fib federation internationale du beton. 2013. fib Model Code for Concrete Structures 2010. ISBN:
9783433030615.

CEN. 2004. EN 1992 — Eurocode 2: Design of concrete structures. Brussels: European Comitee
for Standardization, Brussels.

Cervenka, J., and V. K. Papanikolaou. 2008. “Three dimensional combined fracture plastic mate-
rial model for concrete.” International Journal of Plasticity 24(12): 2192-2220.

JCSS. 2001. JCSS Probabilistic Model Code. Joint Committee on Structural Safety. ISBN 978-3-
909386-79-6.

Noviak, D., L. Routil, L. Novék, O. Slowik, A. Strauss, and B. Krug. 2015. “Database of fracture-
mechanical concrete parameters and its implementation into reliability software FReET.” In:
Proc. of the 13th International Probabilistic Workshop (IPW 2015). ISBN 978-981-09-7963-8.

Lukas Novak, Drahomir Novak | 51



Conceptual peculiarities of composite steel-concrete
shallow floors

Laurie Couavoux1’3, Jan Bujnakz, Abdelhamid Bouchair®

" Peikko France SAS, 5 Rue Gallice, Grenoble (38100), France

? Peikko Group, P.O Box 104 Voimakatu, Lahti (156101), Finland

% Université Clermont Auvergne, CNRS, SIGMA Clermont, Institut Pascal, Clermont- Ferrand
(63000), France

Abstract

Shallow floors made of precast hollow-core slabs supported on steel-concrete composite beams offer
numerous advantages to different stakeholders involved in the construction process. Among others,
the combination of steel and precast concrete allows to create functional and architecturally valuable
open space buildings. While the resistance of steel parts of the composite floor can be assessed using
state of the art design methods, the different stiffness of the steel and concrete part of the composite
floor might affect the structural performance of the concrete slabs. The paper will summarize re-
search-based design and detailing rules used to assess the effect of the beam stiffness on the perform-
ance of concrete slabs. Methods currently used by practitioners in different European countries will
be compared against test results available from literature.

1 Introduction

Flat slabs locally supported on columns without down stand beams are a structural system allowing to
create buildings with open spaces offering a high functional and aesthetic value. Traditionally (since
1950’s), this kind of structures has been executed as cast in situ concrete slabs. Such slabs must be
reinforced to carry bending moments in two orthogonal directions in the span and column area. Verti-
cal shear reinforcement is typically installed adjacent to the column to provide resistance against
punching shear failure. More recently (since 1990’s), the development of so-called shallow floors
allowed to introduce a high degree of prefabrication into the construction process of flat slabs. Shal-
low floors typically consist of precast or semi precast slabs bearing on transverse steel beams inte-
grated in the depth of the slab and supported on vertical columns as Fig 1. The bending resistance and
stiffness of the transverse beams might be optimized by creating a bond between steel and concrete
using mechanical shear connectors. From general point of view, the shallow floor is nowadays a very
competitive construction method as it allows to combine the functional benefits of flat slabs with the
advantages offered by prefabrication (speed and ease of design and construction).

Fig. 1 Examples of floor types with shallow beam [1]

The structural performance of shallow floors is typically assessed by demonstrating the conformity of
their components (steel or composite beams and precast slabs) with harmonized European standards
or technical approvals of proprietary building products. The joints between slab and beams are further
reinforced with a system of reinforcement bars and hooks that help to secure a proper transfer of
forces between the two structural elements and are typically designed to fulfill best practice require-
ments that are in place on the particular markets. While such assessment might seem a priori enough
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to secure a reliable design of a shallow floor, some specific behavior patterns resulting from the fact
that the shallow floor associate structural members with different bending stiffness might negatively
influence the structural performance of the hollow core floor. Despite having been identified by re-
search, these specific behavior patterns are yet only partly normalized and thus little known by practi-
tioners. The aim of the present paper is to summarize some current practice about the structural be-
havior of precast slabs supported on steel or composite beams and provide practical recommendations
for the design.

2 Structural behaviour of shallow floor

2.1 Hollow core slabs

The hollow core units are traditional elements for prefabricated floors, produced in factories using the
basic technologies of production (extrusion and slip-forming). This type of slab is composed of
prestressed concrete with longitudinal voids (in the order of 30 to 50 % empty space) as Fig. 2, longi-
tudinal strands and without transverse reinforcement. These longitudinal strands ensure the bending
capacity and increase the shear capacity of non-reinforced webs. The characteristics and properties of
hollow core units allow to obtain much lighter slabs, larger spans (up to 18 m), smaller thicknesses
(between 12 and 40 cm), with high mechanical performance. Initially, the hollow core units were
developed and designed for rigid supports, such as walls. However, with the emergence of column-
beam structures, and especially with shallow floors in the 1990’s, the hollow core slabs began to be
used on supports qualified as flexible, such as beam (concrete or steel shallow beam, composite shal-
low beam, etc.).

Fig. 2 Hollow core slabs [2]

2.2 Steel shallow beam

The steel shallow beams are integrated into the depth of the hollow core units, where these prefabri-
cated slabs are supported on the edge of the bottom flange of these profiles as Fig. 3 (right). In this
way, it is possible to obtain floors with low thickness without down stand beams. This type of profile
is therefore designed to fully support the loads of the floor through its bottom flange, both in the
erection stage (without joint concrete) and in the final stage (with joint concrete). Shallow steel
beams usually have significant flanges and webs thicknesses to ensure the correct functioning of the
floor.

Fig. 3 Steel beam with hollow core slabs

2.3 Composite shallow beam

Composite shallow beam, such as integrated steel beam, allow to obtain floors without down stand
beam by integrating in their depth the hollow cores units, but with lower profiles. This is enabled
through the composite interaction between the slabs and the beam throught the joint concrete, allow-
ing the advantages of steel and concrete to be used in the floor design. In other words, the good com-
pressive strength of the concrete and the good tensile strength of the steel.
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An example of composite beam is the DELTABEAM® as Fig. 4. This beam is a box-shaped profile,
composed of a bottom flange wider than the top flange and has openings in these two inclined webs,
in order to develop a composite interaction between the beam and the floor (thanks to the joint con-
crete crossing the DELTABEAM™). This composite section can be reinforced with transversal rein-
forcement to the slabs (transverse to the beam section as Fig 1.).

Fig. 4 Composite beam DELTABEAM®™

2.4  Particularity of shallow beam with hollow core slabs

Hollow core units on flexible supports, compared to rigid bearings, are subjected to a double curva-
ture induced by the deformation of the beams, when the floor is subject to a uniformly distributed
load as Fig. 5 (left). Moreover, as the loading increases, the slip of the hollow core units in relation to
the beam increases as shown in Fig.5 (right b). In practice, the chemical and mechanical bond, the
friction between the slabs ends and the joint concrete tend to prevent this displacement. In that case, a
horizontal shear flow is formed in the transversal direction of the hollow core slabs. Specifically, this
flow is created at the level of the webs (the link between the top member and the bottom member of
the hollow core slabs), where a compressive force in the top part is opposed an adhesion in the bottom
part of the hollow core slab [2]. This flow can cause shear-tension cracks in the hollow core slabs on
flexible supports (mainly in the edge slabs), until a shear-tension failure (also called web-shear fail-
ure) of the prefabricated slabs occurs prematurely, compared to rigid bearings. Consequently, the
design of the hollow core units on flexible supports has been the subject of many researches and
studies (the most significant are discussed in the following section).

Transversal direction of the slab
—

Fig. 5 Deformation of hollow core slabs on flexible supports [2]

3 Tests of hollow core slabs supported on steel/composite beam

The first research on the behavior of hollow core units on flexible supports began in 1990 in the
Finnish Technical Research Center VTT, with three large-scale tests, where the objective was to
analyze the possibility of a reduction in the load capacity of prefabricated slabs due to the formation
of longitudinal cracks (cracks along the beam) [3]. However, during these first experiments, a shear-
tension failure of the slabs webs has always been decisive, and the resulting failure load was only 40
to 70 % of the respective load on rigid supports. Consequently, further large-scale tests were con-
ducted with different type of hollow core units and supporting beams (concrete, steel, composite), as
well as analytical and numerical studies. Pajari collected and published 20 of these experiments in the
Technical Paper n°148 of the VTT [3]. For all these investigations, Pajari observed that the origin of
the breach on the floors was an unexpected failure of the web in the slab edges by shear-tension, with
a reduction of up to 60 % in the shear capacity. Nevertheless, according to Pajari, the decrease in the
load capacity of prefabricated slabs on flexible supports is not only due to the deflection of the beam,
but also to other important parameters, such as the bond properties between the floor elements (beams
and slabs) and the cross section of the prefabricated slabs. Indeed, for some beams type, even slight
deflection of the beams led to a significant reduction in the load-bearing capacity of the hollow core
slabs.
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In Sweden, Ferreira and Bajic conducted 8 tests on individual hollow core units, simulating flexi-
ble supports with plates of different thicknesses under the prefabricated slabs tested, in order to recre-
ate the deflection of the beam [4]. According to Roggendorf’s researches [5], the Swedish experi-
ments also showed a reduction in the load capacity of the hollow core units on flexible supports, in
order of 15 to 24 %, due to the transverse bending on the slabs.

More recently in Germany, in 2000’s, Roggendorf [5] tested 8 large-scale experiences on the be-
havior of hollow core units on flexible bearings. The shallow mixed floors were composed of two
type of IFB steel beams (two different bending stiffness) integrated into the depth of hollow core
slabs (265 or 250 mm thick with different cross-section shapes). During these experimental results,
Roggendorf observed in all cases a shear-tension failure of one or more edge webs. Moreover, he
found that the load capacity of the prefabricated slabs on the various flexible bearings tested was only
52 to 78 % compared to the references on rigid supports. However, despite several beam stiffnesses
and the different deflection associated, the load capacities obtained for the floors tested were relative-
ly the same. Roggendorf, as Pajari, explains that the deformation of the beam is not the only decisive
parameter responsible for the reduction in the load capacity on flexible supports. Consequently, no
effect of the beam stiffness on the shear strength of the slabs could be determined.

In France, the researches are more restricted, only Polania’s experiments [6] were found on the
behavior of hollow core slabs on beams, where the objective of his experiments were to show the
effects of the beam’s flexibility on the hollow core units. He tested two floors, each composed of 8
hollow core slabs of the same dimensions and characteristics, but with two different central beams,
one test with prestressed concrete beam and the other with an I-shape steel beam. During these exper-
iments, Polania observed a shear-tension failure of the web at the edge units, as well as a 33% reduc-
tion in the slab strength between these two beams. In the results, according to this scientist, this de-
crease was in accordance with the ratio of bending stiffness between the two beams tested. However,
Polania explains that the effect of other factor responsible for a reduction in the load capacity of the
hollow core slabs could not be measured or studied, such as the composite action.

4 Design recommandations for hollow core slabs on flexible supports

The European standards [7] and [8] include no information on the effects of flexible supports about
the behavior of hollow core slabs, or specific formulae for the design of the shear resistance of slab
webs. The specific standard of hollow core slabs [7] only indicates that it is necessary to reduce the
shear resistance of the hollow core slabs in the case of flexible supports, in order to consider trans-
verse stresses (acc. section 4.3.3.2.2.1 (3) [7]). Consequently, some countries have implemented their
own recommendations. This paper focuses on the Finnish method developed and the German recom-
mendations for hollow cores slabs on flexible bearings.

In Finland, the Concrete Association of Finland developed the Code Card N°18 for the design of
hollow core units supported on beams [9]. It is based on the design model developed in the Finnish
researches and the experimentations (all references are given in the document [9]).

In the Code Card N°18, the phenomenon of transverse shear flow inducing premature failure of
the webs is considered in the design of hollow core slabs, as in (1). This formula uses the principal
tensile stress, noted o; and limited to the tensile strength of the concrete at the critical point of the
cross-section. This principal tensile stress, established from the Mohr circle, is calculated according to
the normal stress (g, and gy ), the vertical stress (7j. and 7y ) and the transversal stress (7,;). That
is:

2
Ocp +ocm (acp + UcM)
9T 4

2 1
+ (Thc + Tcp) + IBrTgl < fctd.hc ( )

Fig. 6 Representation of the principal stresses of the hollow core slabs supported on beams [10]
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This principal tensile stress condition, as in (1), can be expressed in an easier form to determine the
failure of hollow core slabs webs on beams. In this way, this failure condition, noted Fr;;, is given to
the equation (2) by the Code Card n°18. If this equation is fulfilled, the strength verification of hollow
core slabs on beams is satisfied.

F _ (Thc + Tcp>2 +( Tyl )2 |ch| — Ocm <1 (2)
fat fctd.hc fctd.hc fctd.hc

The first and the last component in the failure function appear in any slabs and the one in the middle
appears only in the slabs supported on flexible supports. With:

" G is the compressive normal stress in the slabs due to prestressing, appearing in the critical
section for the stresses of the webs in the hollow core units. It is determined on the assump-
tion of a linear distribution of stresses in this section and according to St Venant (analogously
with the formula for prestressed concrete beam). The Code Card 18 gives theses values ac-
cording to a certain number of hollow core slab types (Table 2/B [9]).

"  0.: is the normal stress component due to bending moments of the hollow core slabs in the
critical section for the stresses of the webs (=0).

" 1., is the shear stress due to development of the prestressing force within the transmission
length, appearing in the critical section. The Code Card 18 gives theses values according to a
certain number of hollow core slab types (Table 2/B [9]).

® T, 1s the shear stress in the webs in the direction of the slab, due to the vertical shear flow of
the slab, appearing in the critical section, and determined according to the theory of beams
(section 3.3.1 of the Code card 18 [9]).

" foranc: 18 the design tensile strength of the slab webs.

= 1, is the transversal horizontal shear stress in the slab webs, due to the longitudinal shear
flow, appearing in the critical section, as Fig 6, given through:

3 Fyika 3 Viwbst
T == = — 3
vt 2 Awe.l ‘Bf 2 (hhc - hct) Z bw.i 'Bf ( )

Where:

» F,,.1gq: 1s the design horizontal transversal shear force on a single web, based on the shear
flow vy, and the nominal width of the slab unit bg;. The shear flow vy, should be assessed
considering all the effects of the charges after the beginning of the mixed action.

" Ayeq: is the effective shearing area of the single web, according to the depth of the slab hy,.,
the depth of the plated section in the slab webs h.;, the sum of the width of the slab webs b,,, ;
and the reduction facteur S (for the cases when the effective length of the core infill exceeds
50 mm). As Fig 7.
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Fig. 7 Definition of the critical section according to the shape of the slabs in the Code Card 18
[9]

In Germany, the technical approval of DIBt Z-15.10-279 [11] is used for the design of hollow core
slabs on flexible supports. In this approval, no formula is given to verify and estimate the transverse
shear strength of the webs. However, based on researches, it gives four specifications to be considered
in the design of the hollow core units on beams:

= (1) A 50 % shear capacity reduction on flexible supports (shear strength calculated in accor-
dance with Part 3.9 of the DIBt and based on European standards). Let V,; < 0,5 Vgq.

* (2) A permissible deflection of L/300 for the beam.

* (3) A mandatory installation of hollow core units on an elastomer strip. This strip must be
checked according to the bearing force and must not be less than 35 mm wide and 10 mm
think.
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= (4) A concrete filling of the exterior cells of the hollow core units over a length at least 80 cm
with reinforcements (stirrups) or concrete filling of all the cells on a depth at least 25 cm.

5 Comparaison between code results and results in flexible support tests

The results provided by the Finnish and German codes are compared with the test results, shown in
the table below. The comparison includes the experimental tests carried out in Finland [3], Germany
[5] and France [6] with hollow core slabs on flexible supports (with integrated steel beam or compo-
sitebeam), where shear failure of the webs occurred (section 3).

For the Finnish code, the formula of o7, as in (1), is compared with the main tensile strength of the
hollow core slabs concrete, f,,. Regarding f,, it is derived from the cubic resistance measured in the
real tests [5], using the following formulas.

form = 03 f2% =03 (f, — 4)*/3 [MPa] with f, = 0.824 f, cupe 4)

C

On the Germany regulation side, the 4 recommadations given are compared with the shemes of the
tests.

Table 1 Summary of experimental research for hollow core slabs on flexible supports.

N | Tests Center of | Beam | Authors Years | Code[9] | Dibt[11]
research type o1/ fetm ?ul ;?lléiitions
1 | DELTA 265 VTT CR | Koukkari 1990 1,23 | no 3%
2 | WQ265 VTT S Koukkari 1990 1,30 | no 3%
3 | WQ 400 VIT S Pajari 1992 1,42 | no©?
Iso-Mustajérvi
4 | MEK 265 VTT CR | & Pertti 1994 1,40 | no©?
5 | LBL 320 VTT CP Pajari 1998 1,64 | no@®3¥
6 | DELTA 400 VIT CR Pajari 1999 1,41 | no @3
7 | SUPER 320 VTT CR | Pajari 2002 1,10 | no®*
Suonio &
LB 320 TUT CP Taskinen 2002 1,48 | no 39
WQ 500 VTT S Pajari 2005 1,36 | no !9
10 | DELTA 500 VTT CR | Pajari 2005 1,59 | no @3
11 | ABEAM 320 | VIT CR | Pajari 2006 1,25 | no“®?¥
12 | IFB 265 (1) IMB S Roggendorf 2010 142 | no®
13 | IFB265B(3) | IMB S Roggendorf 2010 129 | no®@
14 | IFB265M (6) | IMB S Roggendorf 2010 1,19 | no®?
15 | IFB265RD (7) | IMB S Roggendorf 2010 1,14 | no®
16 | IFB 250 (2) IMB S Roggendorf 2010 - no @
17 | IFB250B (4) | IMB S Roggendorf 2010 - no @
18 | IFB250 M (5) | IMB S Roggendorf 2010 - no @
19 | IFB250 RD (8) | IMB S Roggendorf 2010 - no @
20 | IProfile INSA S Polania 2006 181 | no®?
Average value 1,38 -
Coefficient of variation 0.14 -
Characteristic value 1.01 -
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VTT and TUT: Finland S: Steel beam

IMB: Germany A-beam, Delta, MEK, LB, LBL et Super: Patented
INSA: France composite beams

CP: Composite, prestressed beam WQ: Top-hat steel beam

CR: Composite reinforced beam no ™ : x condition number(s) no fullfided

The calculation model developed in the Code Card 18 presents homogeneous and coherent values in
relation to the available test results. The mean value of the test to calculated value is 1.38 with a COV
of 0.14. The model consistently predicts the correct failure mode. The evaluation shows that the
model original developed for slabs produced in Northern Europe can provide a realistic and reliable
estimate of the effect of the support flexibility also for slabs produced in France and Germany.

The detailing of most of the tests was different from the requierement of the DIBT approval,
therefore the applicabily of the empirical design method for these tests can not be verified.

6 Conclusions

Thanks to numerous practical advantages they offer, shallow floors are an increasingly popular
method to construct flat slabs. The fact that the structure associate structural members with different
stiffness offers possibilities to optimize the design of the slab. On the other hand, it requires a proper
and sensitive assessment of the interaction between the different structural components. The paper
does summarize some practical recommendations for the design of precast hollow core slabs sup-
ported on flexible beams.
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Abstract

In this paper, numerical simulations are performed to investigate the performance of post-installed
anchors used to connect a gusset plate in corner configuration. Thereby, the complete connection is
both fully and partly fastened to the concrete specimen to determine the effect of the concrete corner.
It is found that the stiffness and ultimate load of the fully fastened connection is twice compared to
the partly fastened connection. Furthermore, an analytical approach is applied to design such a con-
figuration using the methods provided by current standards and the obtained capacities are compared
to the numerical results. The comparison shows that the applied analytical approach yields conserva-
tive results compared to the numerical results.

1 Introduction

Before the introduction of modern seismic codes, the design of RC structures was, if at all, not suffi-
ciently considering the high demands and the adverse effects of earthquake loading. This is especially
the case for RC frame structures as they are particularly prone to lateral loads. As a result, RC struc-
tures suffered severe damage or even collapse during strong earthquakes in past decades [1]-[3]. One
main reason for the poor performance during an earthquake is the reinforcement detailing of these
structures as they were mostly designed for gravity loads. Consequences thereof are unfavourable
failure modes such as beam column joint failure, column shear failure or soft-story mechanisms [4]-
[6]. The essential challenge is to develop retrofit solutions, which on the one hand ensure adequate
safety and improved performance during future earthquakes and on the other hand offer a practical
and economical solution with low invasion and interference with the existing structure. Steel bracing
is a popular solution as it results in a substantial increase in lateral capacity and because of its benefi-
cial impact on the global ductile behaviour as shown in [7], [8]. Furthermore, when directly connected
to the existing RC frame structure, it provides a practical, low-invasive solution which is highly
adaptable to the architectural preconditions. Several direct connection methods have been investigated
such as steel-jackets, bolted-through connections, external rods, or precast headed studs. These meth-
ods have been applied in experimental studies ([9]-[12]) where it was shown that the direct approach
offers an efficient way to connect the bracing system. However, the above-mentioned methods have
certain shortcomings when it comes to retrofitting of existing structures. It becomes apparent that
precast headed studs are not suitable for retrofitting, but also other methods require, for example, the
accessibility of two sides of the columns and beams in which the connections are installed. In some
cases, however, the required access cannot be provided, or the accessibility is associated with elabo-
rate construction work. In these cases, the beneficial effects such as practicability and low invasive-
ness are significantly reduced. Forming a connection using post-installed anchors offers an alternative
approach that can be installed also with one-sided access. In addition, the use of post-installed an-
chors can further reduce the invasiveness and allows for easy and fast installation. Connections using
post-installed anchors have been applied in experimental studies such as [13], [14] where it was
shown that the behaviour and performance of such a connection is sufficient to guarantee the effec-
tiveness of the steel bracing in enhancing the global structural behaviour.

1.1 Problem statement

In case of diagonal bracing, the steel braces are connected to the corner joint of the frame structure as
illustrated in Fig. 1 (a). The connection element generally comprises a gusset plate which is welded to
an anchor bracket. The bracket is in turn fixed to the RC members using post-installed anchors. One
problem that arises particularly when using post-installed anchors is that for such an anchor configu-
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ration no design recommendations are provided by current guidelines and standards. A simple and
convenient design solution based on engineering judgement could be to treat the complete connection
as two separate anchor groups. In the example shown in Fig. 1 (b), the connection would be treated as
two 2x2 anchor groups, which are located perpendicular to each other. The total capacity of the con-
nection could then be calculated by adding up the individual capacities of the two groups.

When designing anchor groups, concrete related failure modes such as concrete cone failure are
often governing the design. Thereby, a cone like breakout body forms, where at the bottom of the
breakout body, cracks propagate from the embedded ends of the anchors towards the concrete surface.
The evaluation of a large number of experimental data has shown that the angle of the resulting cone
is approximately 35° ([15]). For the case at hand this means that if the embedment depth of the an-
chors is large enough compared to the distance from the back anchors to the corner, the breakout
bodies of the two perpendicular anchor groups would overlap as indicated in Fig. 1 (a). It becomes
apparent that in this case, the two anchor groups might have a mutual influence. However, the type
and extent of the influence is not clear. On one hand, the compressive struts of the two groups may
stabilize each other but on the other hand, they might interfere and have a negative impact on the
overall performance.

In [13] the potential negative influence is discussed, and two approaches are distinguished. The
rather conservative approach considers a free edge at the beam or column face ignoring the joint panel
whereas the second approach simply neglects any potential influence. Thereby, the experimental
results suggest that the second approach reflects the capacity of the connection more realistically.

(a) (b)
Fig. 1 (a) Connection between steel bracing and RC members using post-installed anchors and
(b) Dimensions of the connection element comprising a gusset plate and an anchor
bracket. (Note: All dimensions are in mm).

1.2 Scope and methodology

The aim of the present work is to investigate the concrete breakout behaviour of the corner connection
as described above. To this end, a numerical parametric study is conducted where the effect of vary-
ing embedment depth is investigated. In the numerical simulation bonded anchors are used to fasten
the connection element to the concrete specimen. Besides the variation of the embedment depth,
simulations are performed in which only one of the two anchor groups is fixed to the concrete speci-
men keeping other conditions, such as the direction of loading or the dimensions of the specimen, the
same. By comparing the capacities of the fully fastened connection with the partly fastened connec-
tion, a conclusion can be drawn as to how great the mutual influence of the neighbouring anchor
groups is. Besides the general behaviour of the connection, the capacities obtained from the numerical
simulations are compared to the capacities obtained from an analytical approach using the design
methods given in EN 1992-4 [16] for the design of fastenings.

In order to focus on geometrical influences on the breakout behaviour of this type of anchor con-
figuration, it is necessary to exclude some of the effects which would make a basic evaluation of the
connection difficult. This includes for example bending of the RC members or the frame action effect
on the gusset plate [17], which is expected to affect the behaviour of the connection but is not consid-
ered in this study for simplification. In this regard the concrete specimen used in this study is not
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modelled as a beam-column joint per se, but in such a way that the focus on the corner connection is
possible. Furthermore, it should be noted that this study considers the design case where the post-
installed anchors are only loaded when the steel bracing is in tension. Whereas, when the steel bracing
is loaded in compression, the respective loads are directly transferred to the RC members by the
anchor bracket. This essentially means that this study concentrates on the behaviour of the connection
when it is statically loaded in tension. Reversed or cyclic loading is not considered.

2 Numerical investigation

21 Description of the concrete specimen and the connection element

The connection element to be investigated, together with its dimensions is shown in Fig. 1 (b). It
comprises a gusset plate, an anchor bracket and eight bonded anchors. The bonded anchor system
which is used to fasten the connection element to the concrete specimen comprises a high strength
threaded rod and an epoxy mortar. The anchors have a diameter of d = 16 mm and are embedded in
the concrete with different effective embedment depths (he;; =80 mm, he, =110 mm and
her; = 150 mm). The anchor bracket which connects the anchors has a thickness of 20 mm and is
made of steel. This anchor bracket can be thought of in simplified terms as two perpendicular anchor
groups (two 2x2 anchor groups). For each of these groups, the spacing between the anchors is
s; = 160 mm and s, = 80 mm. The load is applied on the upper face of the gusset plate as indicated in
Fig. 2, from where it is transferred to the anchor bracket and to the anchors. An unreinforced concrete
specimen is used in the numerical simulation. The exact dimensions are provided in Fig. 2. The an-
chors are placed close to two parallel edges, with an edge distance of ¢, = 80 mm. The distance from
the back anchors (the two anchors which are closest to the corner in each of the two groups) to the
corner is 60 mm. In addition to the simulations where the connection is fully fastened to the concrete
specimen using eight bonded anchors, additional simulations are performed where the connection is
only partly fastened to the concrete specimen by means of four bonded anchors (See Figure 2).

11)

Fig. 2 Dimensions of the concrete specimen. (Note: All dimensions are in mm).

2.2 Numerical modelling approach

To perform the numerical analysis in this work, the 3D finite element software MASA (Macroscopic
Space Analysis) is used, which was developed at the Institute of Construction Materials at the Univer-
sity of Stuttgart. MASA uses the microplane model with relaxed kinematic constraint proposed by
[18] as the constitutive law for concrete. Smeared crack approach is applied to simulate the damage
and fracture phenomena. The basis of the model are planes of various orientation. These planes can be
interpreted as damage planes on a microstructural level, like for example the contact layer between
aggregates in case of concrete. In MASA the static constraint is replaced by kinematic constraint by
calculating the strain components on the microplanes as the projection of the macroscopic strain
tensor. By doing so, the uniqueness of the solution for a quasi-brittle material such as concrete can be
guaranteed. Furthermore, for realistic modelling of concrete material behaviour under dominant com-
pressive load, it is required to decompose the normal strain component into a volumetric and devia-
toric part. However, this leads to an unrealistic model response in case of dominant tensile loading
which is expressed by lateral expansion in case of uniaxial tension load. Therefore, the microplane
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strain components need modification to relax the kinematic constraint to prevent such pathological
behaviour [18]. To ensure mesh-independent results, a so-called localization limiter is required.
Therefore, in MASA, the crack band method is used [19].

The finite element model is created using the software FEMAP (Siemens) which is also used for
post-processing the results. The discretization of the concrete specimen and the connection element is
shown in Fig. 3 (a). The concrete specimen is modelled using 4-node tetrahedral elements. Steel
elements, such as the gusset plate, the anchor bracket and the anchor rods are modelled using 8-node
hexahedral elements. The gusset plate and the anchor bracket, which are welded together, are consid-
ered as one component in the numerical model. To simulate the bond between the anchor rods and the
concrete, 2-node bar elements are utilized. The 2-node bar elements are able to transfer compression
and shear (bond) forces. The corresponding discretization of the bond stress-slip behaviour is illus-
trated in Fig. 3 (b). It should be noted that besides the simulation of bonded anchors, this approach is
capable to simulate the interaction between concrete and reinforcement steel. The contact between the
anchor bracket and the concrete is modelled using compression-only 2-node bar elements. The ap-
plied modelling approach has been successfully employed in previous studies ([20]-[22]) to simulate
the behaviour of bonded anchors embedded in concrete and has been validated against experimental
results.

(a) (b)
Fig. 3 (a) FE discretization of the complete specimen and (b) Idealization of bond stress-slip
relation.

The connection element is loaded in displacement control by directly applying the load to the nodes
of the upper face of the gusset plate as indicated in Fig. 3. The displacements are stepwise increased
in increments of V2 - 1072 mm (0.01 mm per step applied to each anchor group). In this way, it gen-
erally takes 50-80 steps to reach the ultimate load of the connection. The total force acting on the
connection is calculated from the sum of forces on the loaded nodes in the direction of loading. Simi-
larly, the constraints are directly applied onto the nodes. On the upper side of the concrete specimen,
constraints are applied to the nodes located directly on the edge of the triangular recess. On the bot-
tom side of the specimen all nodes are constraint to prevent sliding and bending of the concrete
specimen.

In the numerical study the mean cylinder compressive strength of concrete is considered as
f, =20 N/mm?, the tensile strength of concrete is taken as f; = 2.2 N/mm?. Further material properties
for concrete that need to be specified are the modulus of elasticity of concrete E, = 30000 N/mm?,
Poisson’s ratio p, = 0.18, and the fracture energy G;y= 0.06 Nmm/mm?. For the problem at hand, the
investigation is focused on the breakout behaviour of concrete. Therefore, the size of the anchor rods,
the embedment depths and the concrete strength was chosen in a way to ensure concrete failure before
yielding of the steel elements. In this regard, the steel elements are modelled assuming linear-elastic
material behaviour with Young’s Modulus E;=200000 N/mm? and Poisson’s ratio ps = 0.33. In the
simulations where the connection is only partly fastened to the concrete specimen, however, the
nonlinear behaviour of the anchor rods is considered using von Mises plasticity criteria. The yield
stress is assumed as f, = 640 N/mm? and the ultimate strength as f, = 800 N/mm?,
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2.3 Numerical results and evaluation

The numerical program and the results of the numerical parametric study in terms of ultimate loads
and displacements at ultimate load are summarized in Table 1. In Fig. 4 (a) the load-displacement
curves of the respective simulations are shown. The solid curves map the results of the simulations
with fully fastened connection and the dashed curves map the numerical results of the case where
only one of the two anchor groups was fastened to the concrete specimen (partially fastened connec-
tion). Fig. 4 (b) shows the typical failure mode and the corresponding crack pattern in case of the fully
(top) and partially (bottom) fastened connection for an embedment depth of 150 mm. Note that the
cracks are displayed in terms of principal tensile strain, where red elements represent cracks with a
crack width of 0.1 mm or larger.

Table 1 ~ Numerical program and summary of the numerical results.

ID Effective Value Ultimate load, Displacement at
embedment Py um (KN) ultimate load, s,
depth, hes (mm)
(mm)
BC-80-FA 80 Fully fastened 240.91 1.089
BC-110-FA 110 Fully fastened 291.29 0.877
BC-150-FA 150 Fully fastened 381.77 0.820
BC-80-PA 80 Partly fastened 126.59 1.117
BC-110-PA 110 Partly fastened 145.67 0.735
BC-150-PA 150 Partly fastened 187.30 0.933
(a) (b)
Fig. 4 (a) Load-displacement curves obtained from the numerical analysis and (b) Crack pattern

obtained for hos= 150 mm in case of a fully (FA) and partially (PA) fastened connection.

2.3.1 Behaviour of the fully fastened connection

As can be seen in Fig. 4 (a), the initial behaviour of the connection is similar for different embedment
depths. The curves show a relatively linear behaviour until reaching the first peak. At first peak initial
circumferential cracking occurs at the tips of the embedded ends of the anchor rods. After the first
peak has been reached, the load slightly reduces while cracks start to propagate from the tips of the
anchors closest to the corner towards each other. As the cracks between the anchors merge, the short
phase of load reduction ends, and the crack growth stabilizes again. Upon further increase of the load
the initial microcracks that occurred at the tips of the front anchors (the anchors farthest away from
the corner in each of the two groups) become wider and propagate towards the concrete surface while
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the cracks between the anchors at the bottom of the breakout body become wider. Until the ultimate
load is reached the crack growths remains relatively stable.

After the first peak and the short phase of load reduction, the load-displacement behaviour varies
for different embedment depths. It can be seen, that with increasing embedment depth the behaviour
of the connection in the second loading phase is markedly stiffer. This is also reflected by the secant
stiffness value at ultimate load which increases with increasing embedment depth. It was also ob-
served in the numerical study that with increasing embedment depth, the post-peak behaviour be-
comes more brittle.

2.3.2 Comparison of fully and partly fastened connection

As could be expected the ultimate load reduces significantly when only one group is fastened to the
concrete specimen. Compared to the fully fastened connections, around 50% of the previously
achieved ultimate load is obtained. It was further observed that when the ultimate load is reached in
the simulations with the partly fastened connection, a load plateau occurs before the connection fails.
Like the ultimate load, the initial stiffness reduces markedly when only one of the two groups is
fastened to the concrete specimen as can be seen in Fig. 4 (a). To compare the initial stiffness of the
partly and the fully fastened connections the secant stiffness values at first peak are determined. It is
found that when only one group is fastened to the concrete specimen the stiffness reduces by around
45% on average as compared to the fully fastened connection. This also applies to the secant stiffness
at ultimate load where the stiffness of the partly fastened connections is on average 52% of the stift-
ness obtained from the fully fastened connections. These findings suggest that, assuming two stand-
alone anchor groups, the stiffness and ultimate load of the complete connection is simply composed
of the individual values of the two groups. The load-displacement behaviour of the connection can
therefore be determined from the behaviour of the individual anchor groups. However, the validity of
this assumption is limited to the ascending branch of the load-displacement curve until the ultimate
load is reached. Thereafter the potential beneficial geometrical effect of the corner that led to the load
plateau in case of the partly fastened connection is neutralized by the mutual effect of the two anchor
groups.

3 Analytical design approach

Current standards for the design of fastenings, such as EN 1992-4 [16], are limiting the use of post-
installed anchors to rectangular anchor configurations with maximum three anchors in a row. An
anchor configuration as shown in Fig. 1 is out of the scope of current standards and guidelines and
hence no design solution is available for such a configuration. In the numerical parametric study, it
was shown that the ultimate capacity of the complete connection is basically twice the capacity of the
connection when only one of the two perpendicular groups is fastened to the concrete. Accordingly,
the simplest design solution for the complete connection is to determine the capacity of one anchor
group by using the methods provided by EN 1992-4 [16] and calculate the capacity of the complete
connection as twice the capacity of one group.

When calculating the ultimate capacity of one group, it is assumed that the load is acting on the
anchor group at an angle of 45°. Thus, the anchor group is simultaneously loaded in shear and ten-
sion. In EN 1992-4 [16] an interaction between tension and shear is considered using the following

equation:
K K

(NER) + (V—Z) <1 (1)

In Equation 1, N and V are the tension and shear loads acting on the anchor groups, respectively, Ny
and Vy are the minimum capacities for tension and shear calculated for the relevant failure modes,
respectively, and k is the exponent which defines the interaction between tension and shear loads.
According to EN 1992-4 [16] relevant failure modes in tension include steel failure, concrete cone
failure, splitting failure and combined concrete cone and pull-out failure for bonded anchors. In shear,
steel failure and pry-out failure are considered. Often the concrete related failure modes are governing
the design as they yield the lowest capacity. This is also the case with the problem at hand where
concrete cone failure governs the design for the tension related failure modes and pry-out failure
governs the design for the shear related failure modes. It should be noted that mean values were used
to calculate the capacities of the concrete related failure modes. For the interaction between tension
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and shear, an exponent k = 1.5 is considered as proposed by EN 1992-4 [16] for failure modes other
than steel failure. It is assumed that due to the gusset plate the loads are evenly distributed to the
individual anchors of the group and thus centric loading is considered. Furthermore, two close parallel
edges have to be considered with an edge distance of 80 mm. The ultimate capacity of one group is
then calculated assuming 100% utilization of Equation 1. The capacities thus obtained are summa-
rized in Table 2.

Table 2  Calculated values for the ultimate capacity of one group and the complete connection and
comparison with numerical results.

Effective One anchor group Complete connection (two groups)
embedment

depth, heg Calculated capacity, M Calculated capacity, M
(mm) PEN1992.4p (KN) Py num,pa PEN1992.454 (KN) Py num,ra
hes= 80 mm 81.2 0.64 162.4 0.67

hey = 110 79.6 0.55 159.2 0.55
mm

he = 150 81.0 0.43 162.0 0.42
mm

As can be seen, the capacities calculated for different embedment depths are essentially the same.
Compared to the numerically obtained results, this results in a significant underestimation of the
capacity of the connection, especially for larger embedment depths. There are several possible expla-
nations for this. First, the fact that EN 1992-4 [16] does not recognize a corner configuration means
that no possible beneficial effect of the same can be considered. A favourable behaviour of the com-
plete connection until the ultimate load is reached, would partly explain the significant difference
between the numerical and the analytically obtained results. Second, prying action between the an-
chor bracket and the concrete specimen might result in an increased capacity of the connection. Third,
the capacities for concrete related failure modes when more than one edge needs to be considered
yields already conservative results.

4 Summary and conclusion

In this work, the geometrical effect of a corner configuration was investigated numerically. Therefore,
an anchor bracket-to-gusset plate connection was simulated where bonded anchors were used to
fasten the connection to the concrete specimen. Two cases were distinguished. In the first case the
complete connection was fastened to the concrete specimen and in the second case only one of the
two perpendicular groups was fastened to the concrete specimen. In both cases three different em-
bedment depths were simulated. Furthermore, the numerical results were compared to an analytical
approach using the methods provided by EN 1992-4 [16]. The main conclusions of the investigation
are:

1. With increasing embedment depth, the behaviour of the fully fastened connection becomes
stiffer in the ascending branch of the load-displacement curve, while the post-peak behaviour
becomes more brittle.

2. When the connection is fully fastened, the ultimate capacity is around double the capacity of
the partly fastened connection. Thereby, the stiffness of the fully fastened connection is also
doubled compared to the partly fastened connection.

3. The applied analytical approach using the methods provided by EN 1992-4 [16] resulted in
capacities which were well below the numerically obtained capacities of the connection. With
increasing embedment depth, the difference between the analytically and numerically ob-
tained capacities became even greater.
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Abstract

The size effect is an important factor in the shear strength of reinforced concrete elements (e.g., beams
and flat slabs). In this paper, nonlinear numerical analyses are carried out to study the influence of the
size effect in the punching shear resistance of reinforced concrete slabs without shear reinforcement.
Experimental tests of isolated flat slab specimens were simulated to validate the adopted material con-
stitutive laws and modeling strategies. In general, the numerical models provided a reasonable estima-
tion of the failure load and reproduced the size effect observed in the experimental tests. The numerical
and experimental results were analyzed and compared with analytical approaches. Furthermore, the
results were compared with design code equations, including the recent ACI-318-19, the fib Model
Code 2010 and Eurocode 2.

1 Introduction

The size effect refers to the reduction of the nominal strength with the increase of the structural size. In
the case of cementitious materials, both the nominal strength and material brittleness decrease with
increasing element size under tension. Different experimental works have recognized that this phe-
nomenon plays an important role in the shear strength of reinforced concrete elements (e.g., beams and
flat slabs) without shear reinforcement. Despite the intensive research in the last decades, there is still
no consensus on the mechanics governing the size effect and how to implement it within a physical
approach.

Pioneering works related to size effect in quasi-brittle materials, such as concrete, were carried out
by Bazant (1984) [1]. Based on fracture mechanics, he proposed an energy-based size effect law (SEL)
in which the phenomenon is associated with the energy rate released in the cracking process and the
fracture process zone (FPZ). The SEL accounts for the transition between strength criterion (limit state)
for small structures and linear fracture mechanics for very large structures. This law has been widely
used to study the shear failure of RC members, especially beams. For the case of punching shear, Bazant
and Cao (1987) [2] proposed a semi-empirical equation based on the proposed structural size effect law
and databank evaluations. However, the databank did not contradict the proposed equation, but it either
validated. As an alternative, several authors proposed empirical coefficients to consider the size effect
as a function of the effective slab depth based on experimental punching shear tests. [3]-[6].

A different approach to consider the size effect in concrete structures has been proposed in the
Modified Compression Field Theory (MCFT) [7] and the Critical Shear Crack Theory (CSCT) [8].
According to these models formulation, the size effect can be directly accounted through the crack
width and the aggregate interlock mechanism in the shear cracks, without including additional coeffi-
cients. Although this approach seems to be more appropriate, recently, some critics were raised about
the assumption and hypothesis of the MCFT and CSCT and their divergence with the SEL [9],[10].
Furthermore, the criticism was refuted in [11], [12].

Due to this controversy, this work aims to investigate the size effect by simulating experimental
tests of slab-column connections. In the simulations, the smeared fixed crack approach is used to rep-
resent concrete nonlinear behavior. After the validation of the numerical strategies, the experimental
test data was extended with additional models, and it was compared with the previsions of CSCT and
the punching shear equation proposed by Donmez and BaZant (2017) [9]. Finally, the results are com-
pared with code provisions, including the recent ACI 318-19 [13], the current Eurocode 2 [14], and the
fib Model Code 2010 [15].
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2 Application of NLFEA to investigate slab punching

Finite elements (FE) simulations have been used in the last decades to study the behavior of reinforced
concrete structures. The first works applied rotational symmetric continuum elements to simulate the
punching shear failures (e.g., [16]). With the development of computer capacities, the numerical inves-
tigations focused on the application of spatial (3D) continuum elements using, in most cases, the
smeared crack approach (e.g., [17], [18], [19] among others). In this paper, the software DIANA FEA
(version 10.3) is used to simulate the punching shear failure. The following section explains the consti-
tutive model implemented to represent the nonlinear behavior of reinforced concrete.

21 Material constitutive models

The concrete behavior was modeled using the total strain fixed smeared crack approach implemented
in DIANA FEA, which is based on the formulations of the MCFT (Vecchio and Collins, 1993 [7]) and
its 3D extension by Selby and Vecchio (1997) [20]. Before cracking, the concrete is represented as a
linear elastic isotropic material. As soon as the principal stress violates the tensile strength in an inte-
gration point, the isotropic formulation is switched into an orthotropic formulation defined at a local
coordinate system along the crack planes. The cracked concrete is treated as a continuum material, and
the quase-brittle behavior is simulated with the reduction of the material strength as a function of the
loading history. In this model, both the tensile and the compressive behavior of concrete can be captured
within uniaxial stress-strain for tension and compression.

The adopted stress-strain tension softening curve is considered according to Hordijk (1991) [21] as
a function of the fracture energy (Gr) and tensile strength (f7). The concrete compressive behavior is
described with the parabolic curve proposed by Feenstra (1993) [22], in which the softening of the
concrete is governed by the compressive fracture energy (G.) and the characteristic element length (%).
The failure criterion for compression considers lateral confinement, according to Hsieh et
al. (1982) [23]. A variable shear retention factor is used for the reduction of the shear stiffness in the
cracked state. The cracked shear modulus is calculated assuming that the secant shear stiffness degrades
at the same rate as the normal stiffness due to cracking and considering the reduction of the Poisson’s
ratio as a function of crack strain values. The reinforcing bars adopted a linear elastic-ideally plastic
behavior. Additionally, interface elements are used to model the bond stress and slip between the steel
bar and concrete.

3 Benchmark

The described reinforced concrete constitutive model was validated through the numerical simulation
of experimental tests performed by Guandalini et al. (2009) [24]. The selected slab tests were focused
on studying the size effect and reinforcement ratio in punching shear failure. The specimens corre-
sponded to squared isolated slab and represented the negative moment region of an internal column
(Figure 1). In total, seven isolated slab specimens were considered for the numerical investigation (Ta-
ble 1). These specimens were divided into three categories half-size, full-size, and double-size. The
amount of flexural reinforcement (p) ranged between 0.28% and 1.5% with yielding stress (fy) about
550 MPa. The slabs were cast with a 30 MPa concrete strength (f:) and a maximum aggregate size of
16 mm.

= < v/ /8

- _ - =

Fig. 1 Geometry of slabs tested by Guandalini et al. (2009) [24]: plan view (left) and lateral view
(right).
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Table 1 Main parameters of the series tested by Guandalini et al. (2009) [24].

Dimensions Material properties
Slab B [m] rq [m] ¢ [m] d [m] fe[MPa] | p[%] | fy [MPa]
PG-8 1.5 0.752 0.130 0.117 34.7 0.28 525
PG-10 | 3.0 1.50 0.260 0.210 28.5 0.33 577
PG-3 6.0 2.85 0.520 0.456 324 0.33 520
PG-7 1.5 0.752 0.130 0.100 34.7 0.75 550
PG-11 | 3.0 1.50 0.260 0.210 31.5 0.75 570
PG-6 1.5 0.752 0.130 0.096 34.7 1.5 526
PG-1 3.0 1.50 0.260 0.210 27.6 1.5 573

3.1 Modeling strategies

The slab and steel plates were represented by a structural mesh consisting of hexahedral elements with
20 nodes and quadratic interpolation. Interface elements, with zero tensile stiffness, were placed be-
tween the concrete and plate elements. Reinforced bars were represented by embedded beam elements,
that included bond-slip with concrete elements. As shown in Figure 2, only one-quarter of the slabs was
simulated in order to reduce computational cost. Lateral constraints were imposed at the symmetry axis,
and vertical displacement was restricted at support plates. The test loading was simulated with an in-
cremental displacement at the center node of the loading plate.

All the FE models were discretized with eight element layers through the slab thickness; this means
that, in general, the number of degrees of freedom was the same for all the simulations. This approach
covers the possibility of mesh bias, which may occur using smeared crack models [25]. As shown in
Figure 2, a more refined mesh was used close to the loaded area, where was expected to occur the
punching shear failure. For the simulations, the material properties were modelled according to the data
reported from the tests and the constitute models presented in the previous sections. The crack band, 4,
was considered as the cubic root of element volume. For the incremental iterative solution analysis, the
quasi-Newton (secant) method was adopted. The convergence criteria were based on energy and force
balance criteria.

Vertical restraint at

support plates
Concrete
A
VA
0

\ o-¢ relationship

Steel

-

lateral restraint
along symmetry axis

? o-¢ relationship -5 (bondslip)
Imposed incremental
displacement
Fig. 2 Typical mesh and boundary conditions adopted for the simulations.

3.2 Comparison between numerical and experimental results

The ultimate punching capacity, the load-rotation () response and crack pattern between the numerical
and experimental results are compared in this section. As can be seen in Figure 3(a), the punching shear
was accurately estimated by the numerical simulations. This comparison reveals that the size effect
observed experimentally was reproduced numerically with a good agreement. This result is also verified
in Figure 3(b), in which the load-rotation response of slabs PG-10 (normal-size) and PG-3 (double-size)
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are compared. The shape of the curves confirms that the failure in the double-size slab is caused mainly
by a brittle cracking failure at an ultimate load lower than the slab’s flexural capacity. On the other
hand, the slab PG- 10 exhibits a long horizontal plateau, indicating ductile behavior. These results rep-
resent a confirmation of the size effect law. The numerical simulations carried out in this study were
capable of representing this behavior.

3000 \ PG-3,p=033%
18 \\ d =456 mm
| \
2500 N —o— Guandalini et al. (2009)
1.4 — ——NFLEA
v E 2000 — = =CSCT failure criterion
V . ° ° =] AN
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Fig. 3 Punching shear capacity (left). Load-rotation curves of PG-10 and PG-3 slabs (right).

The numerical cracking pattern was obtained multiplying the maximum principal strain by the charac-
teristic element length (4). The Figure 6 presents the comparison of the crack patterns of slab PG-3 and
PG-10 at the peak load. In the numerical contour plot, the color legend corresponds to the status crack,
and it is linked to the Hordijk (1991) [21] softening curve. Based on the location and the shape of the
critical shear cracks, the simulations show a good agreement with the experimental failure cracks. Fur-
thermore, numerical models were able to capture the localized punching shear crack at the peak load.

(f;/ E)h w, w

Fig. 4 Comparsion between the numerical and experimental crack patterns at peak load for slabs
PG-3 (top) and PG-10 (bottom). The color legend indicated the status crack: elastic, no
crack (blue), opening (orange), and full opening (red).

4 Comparison of predicted the size effect according to the CSCT and Fracture
Mechanics

To investigate the size effect on punching shear failure and extend the experimental data obtained by
Guandalini et al. (2009) [24], three additional models were simulated in this study. Using the constitu-
tive models and modelling strategies, validated in previous section, the following slabs were simulated:
(1) half-size with p = 0.33%; (ii) double-size with p = 0.75%, and (iii) double-size with p = 1.5%. The
load obtained from the numerical models was compared to the ones calculated according to the CSCT
and the equation proposed by Dénmez and Bazant (2017) [9].
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Donmez and Bazant (2017) [9] proposed the Equations 1-3 for the punching shear strength in two ways
slabs based on least-square optimization of the fit of the ACI 445 database, using fracture mechanics
principles:

v, =v,0 (D
d 0.2 c 0.4
v, = A/Zaoom“ (—) (—j (2)
b b
0= I 3)

where vy is the nominal punching shear strength, 6 is the size effect factor; dop and 1 are empirical con-
stants corresponding to 60 mm and 2.0 MPa!’?, respectively, and b is the perimeter of the loaded area.

In the mechanical model proposed by Muttoni (2008) [8], the punching shear capacity is calculating
as a function of the aggregate size (dg) and the opening of a critical shear crack. The punching load is
estimated by applying the following failure criterion :

v 3/4 @
bod\/z 1415 %9
g0 tdg

where by is the perimeter measured at distance d/2 from column face and dg,0 is the reference aggregate
size (16 mm). Despite the theoretical background and experimental validation of the CSCT, some dis-
cussion has been raised about how the size effect is accounted for in this approach. According to the
energetic size effect law (SEL), the steepest possible slope for d — oo is -1/2 (in double-log scale),
corresponding to the energy dissipation by a point-wise crack tip. However, the CSCT predicts an as-
ymptotic slope for size effect in punching failure milder that -1/2. In fact, the load-rotation curve (based
on quadrilinear moment-curvature) and the failure criterion yields to an influence of the size effect on
punching strength governed by a slope closer to -1/3. This trend is justified by the redistribution of
internal forces in redundant structures such as flat slabs [26].

The previous approaches were compared with the numerical results obtained from the simulations.
Figure 5 compares the load-rotation response of the additional simulations with the quadrilinear load-
rotation relationship. Furthermore, the punching load obtained based on the CSCT failure criterion and
the equation proposed by Donmez and Bazant (2017) are also compared. It can be observed that in
general, both approaches gave similar estimation.

500 4000
450 3500 - "\ PG-3withp=1.5% Dénmez and
100N ‘ d =456 mm Bazant (2017), Eq. (1)
S 3000 - A
0k PG-8 withp =0.33 %
—_ . d =110 mm —_ Vo
2500 -
FE Z
= N4 =]
S 550l A Dénmez and T 00 -
g~ /s Bazant (2017), Eq. (1) g 0
— / Sso A el —~ i
200 ~< i ¢
/ Sael 1500 [/ &
150 - _ L S — i \ \__~\
| el 1000 H& = PG-3 withp=0.75% Teeeell L
100 - ',, """" d =456 mm o
s0 [ 500
0 . . . . . . . . . ) . . . . . ,
0 510 15 20 25 30 35 40 45 50 0 5 10 15 20 25 30
Rotation ¥ [mRad] Rotation ¥ [mRad]

-------- Load-rotation (Quadrilinear)
——NFLEA
————— CSCT failure criterion, Eq. (4)

Fig. 5 Additional numerical models: PG-8 (half-size) with p = 0.33% (left); PG-3 (double-size)
with p = 0.75%, and PG-3 with p = 1.5% (right). Comparison of load predicted by the
CSCT, the equation proposed by Dénmez and Bazant (2017) [9], and numerical simulation.
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Figure 6 shows the nominal punching shear strength, v., as a function of d in a double-log scale plot for
the three different reinforcement ratios. The SEL curve was adjusted to the NLFEA results using the
Levenberg-Marquardt nonlinear regression algorithm. In the three plots is observed a reduction of vc by
increasing the value of d. The estimations by Dénmez and Bazant (2017) [9] equation tend to be steeper
than the ones predicted by the numerical simulations and the CSCT. However, the difference is small,
at least for values of d used in slabs for practice design (100-500 mm).

1-
o8l @® NLFEA
) A Eq. (1) Dénmez and Bazant
L A @ Eq. (4)CSCT
06 —SEL
L4
]60 1 0‘00 1 (lHJ 1 (]l(){J 1;)/) 1 I)ll)()
d (mm) d (mm) d (mm)
Fig. 6 Comparison of the nominal punching shear resistance determined by CSCT and the equa-

tion proposed Dénmez and Bazant (2017) [9] and the SEL fitted according the numerical
results for p = 0.33% (left), p = 0.75% (center), and p = 1.5% (right).

4.1 Comparison with design code equations

In general, punching shear design code provisions rely on the verification of the shear stress on a critical
perimeter defined at a certain distance of the column. According to the ACI 318-19, for square columns,
the punching shear strength is calculated as : (in SI units; MPa, mm):

1 2
Vaer =~bacidin[fes g = |——— <1 5
act =3bacid’s Jes A 120,000 4 (%)

where bacr is the control perimeter, with straight corners, located at a distance d/2 away from the col-
umn face, d is the effective depth, A is the modification factor for lightweight concrete, taken as one for
normal-weight concrete, and /s is a factor for accounting for size effect.

For the punching shear capacity, the current Eurocode 2 (2004) specifies:

Voca = 018b5c2d0100pf)" %5 & =1+ |20 < o ©)

where brc is the control perimeter, with rounded corners, located at a distance 2d away from the col-
umn face, p is the flexural reinforcement ratio and ¢ is the size effect factor.

The fib Model Code 2010 formulation is based on the CSCT. For design purposes, the punching
shear capacity can be estimated using the Equation 5 and a simplified load-rotation relationship
(Equation 6), in which the rotation, y, is function of the distance of zero radial moment (7;), the shear
force (V), the nomimal moment capacity (mr), and the yield strength and elastic modulus of flexural
reinforcement (f, and Es, respectively):

3/2
d ES 8mR

Figure 7 summarizes the comparison of the shear punching strength estimated according to current
design codes. Only the experimental tests with punching failure were considered for this comparison
(specimens PG-8 and PG-10 were excluded). For the double-size, the additional numerical models were
included with the punching load obtained from the nonlinear analysis. It is to say that the comparison
of code provisions with experimental results is not completely fair because the code are may use
different partial safety factors. Nevertheless, this type of comparison is important to get an idea of the
safety margins and identified unconservative results.
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For the slabs analyzed in this paper, the predictions of the EC2 are closer to the experimental values;
however, for the PG-3 (double-size) slab with p = 0.33%, the predicted value is slightly higher than
the experimental one. The ACI 318-19 shows a good safety margin, except for the PG-3 slab, in which
the strength is overestimated by 32%. The fib MC (LoA II) presented the safety estimation for all the
sizes and reinforced ratios, with the smallest coefficient variation (0.064).

1.5¢

(6}
é
) = g O ACI318-19 - [Mean: 1.22, CoV:0.208]
ol a g | A EC2 -[Mean: 1.17, CoV:0.112]
Ve 7 g N 40 O fib MC 2010 (LoA II) - [Mean: 1.28, CoV:0.064]
chde @)
I prmmmmmmmmmm oo A Reinforcement ratio
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07 100 200 300 400 500
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Fig. 7 Comparison of the nominal punching shear resistance predicted by different design codes
and the experimental results obtained by Guandalini et al. (2009) [24]. For the full-size
slabs, the comparison was extended using the numerical results obtained in this study.

5 Conclusions and Outlook

In this paper, nonlinear simulations were carried out to study the size effect in punching shear failure
of reinforced concrete flat slabs. Experimental tests were used as a benchmark to validate the material
parameters adopted and the modeling strategies. In general, the numerical simulations provide a rea-
sonable estimation of the failure load and the rupture mode. The size effect observed in the tests was
well represented in the analyses. As the slab thickness increased, the punching shear strength decreased
and a more brittle failure was observed in the simulations. Furthermore, the numerical models were
able to capture the localized punching shear crack at the peak load. The comparison between the CSCT
and the punching shear equation proposed by Donmez and Bazant (2017) showed that both approaches
gave similar estimation for the ranges of d considered in this study. Thus, both approaches are suitable
for account the size effect for punching shear design. Finally, the comparison with the code equations
showed that the fib MC (LoA II) presents a safety margin for all the sizes and reinforced ratios with the
smallest coefficient variation in the analyzed sample.

Future studies will focus on the analysis of the influence of shear reinforcement on the size effect
as well as the influence of slab continuity.
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Abstract

A lot of existing flat slabs requires strengthening to increase in punching shear resistance because of
the increase in applied loads (change of use of the building, replacement of floors, ceilings, and non-
bearing structure), defects during design or construction, or even for the reason of meeting more strict
code requirements. Shear stresses have the most significant effects near the support (column, wall),
which can result in a very sudden collapse of the structure. The paper is focused on strengthening rein-
forced concrete flat slabs with the post-installed shear reinforcement (bolts and screw anchors). Nu-
merical verification was performed on experimentally tested fragments of flat slabs. According to the
observed results, the new experimental study was determined. This work presents the results of numer-
ical models for setting up the following experimental study.

1 Introduction

Locally supported flat slabs without shear reinforcement are the frequently used structure. The high
concentration of the shear stresses around the support may lead to the brittle failure of the slab. There-
fore, attention should be paid to designing and strengthening these structures. The flat slab with low
shear resistance is a common situation for structural engineers to deal with when renovating an existing
building. One of the strengthening techniques uses post-installed shear reinforcement, for which the
research is being prepared at the Slovak University of Technology in Bratislava. In engineering prac-
tice, a model developed for new constructions is used, although there are some differences in the be-
havior of strengthened and new flat slabs.

The experimental program aims to verify the shear resistance of the flat slabs that have been pre-
loaded before strengthening. To prepare the experimental study, it was first necessary to perform a
numerical analysis, which was based on experimental studies performed at our university before. At
the Slovak University of Technology in Bratislava, a large part of the experimental work focuses on
flat slabs, their maximum shear capacity, the effect of openings near the support, and also on the instal-
lation of shear reinforcement.

All investigated specimens have a square floor plan with a length of 2.5 m and a width of 2.5 m.
The material and geometric properties of the experimental specimens are given in Table 1.

Maximum shear capacity was verified by Majtanova (2017) [1]. The experimental testing was per-
formed on the specimens of 250 mm thick flat slabs, with compressive strength of concrete of 28 MPa,
longitudinal reinforcement ratio of 1.57 %, and with or without shear reinforcement. As a shear rein-
forcement, 10 radii with 16 studs of the diameter of 10 mm on each radius were used. The slab was
supported by a column with a circular cross-section with a diameter of 180 mm. The specimen without
shear reinforcement resulted in brittle punching at a shear force of 690 kN. The specimen with shear
reinforcement failed by crushing concrete struts at a shear force of 1250 kN.

The effect of post-installed shear reinforcement was verified by Keseli (2018) [2] on the specimens
with a thickness of 250 mm, with longitudinal reinforcement ratio pl of 1.7%, the compressive strength
of concrete of 74,3 MPa and 29,5 MPa, supported by the column with the circular cross-section with
the diameter of 250 mm. Two types of shear reinforcement were used: post-installed shear bolts and
bonded post-installed shear anchors, both of them were bonded with chemical adhesive. The failure of
the strengthened specimen by using anchors was within the shear-reinforced region. The strengthened
specimen by using bolts failed in flexure.

The results of experimental measurements were compared with theoretical predictions according
to three numerical approaches - Eurocode 2 [3], Model Code 2010 [4] [5], and the latest version of the
new generation of Eurocode 2 [6], see Table 1.

Proc. of the 13th fib International PhD Symposium in Civil Engineering 76
July21-22, 2021, Marme-la-Vallée, Paris, France



13" fib International PhD Symposium in Civil Engineering

The results of the numerical calculation according to Model Code 2010 are in very good compliance

with the experimental results of Majtanova (2017) [1]. The failure of the first specimen without shear
reinforcement is determined by the shear strength of the concrete and the longitudinal reinforcement
(Vrc). In the second specimen, the shear reinforcement (double-headed studs) increases the shear re-
sistance and the failure is determined by the maximum punching shear resistance in the face of the
column (Vrmax). When calculated according to Eurocode 2 the value of Cr. is considered to be 0.18
MPa.
The other two specimens are the part of the experimental research provided by Keseli (2018) [2]. The
first specimen is strengthened by using a post-installed shear reinforcement (bonded bolts) with a very
high value of concrete compressive strength, which caused a higher capacity in shear which caused the
bending failure. The second specimen with post-installed bonded anchors failed at the front of the col-
umn due to a lack of maximum shear resistance (V& max).

Tablel = Comparison of experimental results of different specimens with numerical approaches
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! specimen without shear reinforcement, 2 specimen with shear reinforcement, £, — mean compressive strength of
concrete (MPa), p, - reinforcement ratio of bonded longitudinal reinforcement (%), ¢ - diameter of a reinforcing
bar (mm), Vg max - maximum punching shear resistance of the slab (kN), V. - shear resistance of the slab without
shear reinforcement (kN), Vz s - shear resistance of the slab with shear reinforcement (kN)

The following experimental study will focus on reinforced flat slabs with a loading history.

2 Strengthening of flat slabs

2.1 Behavior of pre-damaged flat slabs

Due to the planned experimental verification of the effectiveness of the reconstruction, it is important
to look at the behavior of the locally supported flat slab during its existence.

As the shear force Vincreases, the rotation of the slab y also increases (y refers to an angle between
the horizontal axis and the deformed slab) until the flexural strength Vzex of the slab is reached. If the
punching shear strength Vz; of the flat slab is reduced and the rotation of the slab increases by unloading
and reloading, the flat slab will fail (according to the failure criterion presented by Muttoni) [9]. The
first crack opens around support (column) at the load value of V. that is approximately one-third of the
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ultimate load and the service load Vierv is around 70% of Vzs [8]. The strengthed flat slab goes through
several phases during its existence as it is shown in Fig 1. After the service load is applied to a new
structure it has corresponding rotation (due to crack opening) represented by point A. During the flat
slab strengthening, unloading, and installation of temporary supports under the pre-damaged slab, some
open cracks close but the residual rotation yreiaua remains. The residual rotation and partial plasticizing
of the reinforcing steel bars will reduce the shear strength from Vz; to Vz2 (Fig.1). For this reason, a
shear strength reduction should be considered when designing the strengthening of the flat slab, result-
ing in a previously damaged structure.

Fig. 1 Relationship between shear force and rotation of flat slab during loading, unloading, and
reloading [8]. The failure criterion according to [7].

2.2 Methods for strengthening existing concrete flat slabs

The punching shear resistance depends on the effective depth of the slab, flexural reinforcement ratio,
column size, concrete strength, yield strength of the reinforcing steel, maximum aggregate size, and the
span to depth ratio of the slab. Not each numerical model takes all these factors into account.

In practice, the most used strengthening techniques are the enlargement of supporting area,
strengthening with additional flexural reinforcement (by casting an additional concrete layer or near-
surface mounted FRP reinforcement), or using a post-installed shear reinforcement.

The strengthening of a flat slab by casting a new additional concrete layer is an effective way to
reliably increase in shear capacity (resistance without shear reinforcement Vz . and the maximum shear
capacity Vrmax) but also the flexural resistance. The disadvantage of this strengthening technique is the
demanding construction process in which it is necessary to remove the floor layers, roughen up the
upper surface of the load-bearing structure to ensure the interaction of the existing slab with the new
layer of concrete. In addition, this method affects the size of the door openings and the weight of the
slab as a whole.

Another way to strengthen the flat slab is to increase the dimensions of the column, which does not
increase the weight of the slab, does not have a significant effect on the floor layers, and also increases
the load-bearing capacity of the column. The most problematic part during this reconstruction is to
ensure interaction between the new concrete and the existing surface of the column.

The use of post-installed shear reinforcement for increasing the punching shear resistance of the
flat slab does not affect the weight of the slab and the structure as a whole and the ceiling or the floor
layers are only affected locally around the support. When adding bonded post-installed shear reinforce-
ment in the form of glued anchors, it is not necessary to remove the floor layers, only the ceiling. It is
not necessary to locate the bending reinforcement, because this type of reinforcement does not drill
across the entire slab.

As an alternative to bonded anchors, the bolts without or even with the adhesive can be used. The
position of the bending reinforcement should be known before installing the bolts, as the holes will be
drilled through the whole slab thickness. The use of shear reinforcement can reliably ensure the transfer
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of shear forces, but the maximum shear resistance of the slab on the face of the column (¥z max) is not
increased by this type of strengthening. This often becomes the limiting factor in increasing the shear
resistance of the flat slab.

2.3 Behavior of strengthened flat slabs with post-installed shear reinforcement

After the shear reinforcement
is installed, the failure crite-
rion line shifts vertically, as
shown in Fig. 2. The
strengthed flat slab has higher
shear resistance and higher
ductility. If the shear rein-
forcement is not prestressed,
the reinforcement is activated
only by the rotation of the slab
(activation phase), therefore it
is only able to transfer addi-
tional loads. It follows that a
slab with a low rotational ca-
pacity can lead to a low level
of utilization, and thus to low
efficiency of this strengthen-
ing method because the slab
fails before the shear rein-

Fig. 2 The behavior of strengthened slab with post-installed } X
forcement is fully activated.

shear reinforcement (according to [8]).

3 Experimental study

3.1 Experimental specimens

The behavior of a previously loaded flat slab should be considered. The prepared experimental study
is focused on the influence of a previously loaded and then strengthened flat slab to increase its shear
resistance by non-bonded shear bolts.

The specimens (Fig. 3ab) are
a) b) squared in shape with dimensions of
2500 x 2500 mm and a thickness of 250
mm. The support of each specimen has a
diameter of 250 mm and is represented
by a steel plate. Each specimen has a
mean compressive strength in the con-
crete of 30 MPa, yield strength of steel
of 500 MPa, and a longitudinal rein-
forcement ratio of 1.57 %. Shear bolts
are symmetrically distributed around the
support and have a diameter of 12 mm or
10 mm with steel class 8.8 and 4.8, re-
spectively. The bolts are made of
threaded rods, larger and smaller wash-
ers, and nuts at both ends (Table 2). For
better performance of shear reinforce-
ment, bigger washers was used. Accord-
ing to a study by /Inacio et al. [9], the
washer or steel plate increases the con-
tribution of the shear reinforcement to
the shear resistance of the flat slab.
Table 2 Material mechanical and physical properties of the post-installed shear reinforcement

Fig. 3 The specimen with shear reinforcement a) top
view and b) section.
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Five specimens are prepared, one without and four with shear reinforcements. Two specimens are
strengthened before loading. The other two specimens are loaded up to 50% and 75% of their shear
resistance without shear reinforcement, then unloaded, strengthened with bolts (12 bolts with 10 mm
in diameter), and reloaded again until failure. A numerical calculation was performed before the exper-
imental verification.

3.2  Numerical analysis

Before the experimental verification, the numerical investigation was performed. Specimens with
and without shear reinforcement are analyzed by using numerical models of Eurocode 2 [3], Model
Code 2 [4], [5], and the latest version of new the generation of Eurocode 2 [6], and also by non-linear
analysis in Atena 3D software.

Table 3 Comparison of different numerical approaches on an experimental specimen
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I specimen without shear reinforcement, 2 specimen with shear reinforcement, f.,, — mean compressive strength of
concrete (MPa), p; - reinforcement ratio of bonded longitudinal reinforcement, ¢ - diameter of a reinforcing bar
(mm), Vg max - maximum punching shear resistance of the slab (kN), Vz . - shear resistance of the slab without shear
reinforcement (kN), Vz . - shear resistance of the slab with shear reinforcement (kN)

Due to the experimental program by Majtanova [1], the value of the maximum shear resistance
VR,max in chapter 6.4.5 according to the Eurocode 2 was changed from 0.4 to 0.6.
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The results according to the numerical models differ in the type of failure (Table 3), except for the
specimen without shear reinforcement (FS-01), which fails by crushing a concrete strut. The specimen
with shear reinforcement (FS-02, FS-03) fails in shear but results differ in the type of shear failure. The
results from numerical models provide an idea of the future failure of experimental specimens.

The non-linear calculation in Atena 3D shows a smaller value of shear resistance with shear rein-
forcement than the results according to numerical models. The specimen without shear reinforcement
has shown a good agreement between the results of the nonlinear and numerical calculation.

a) b)

Fig. 4 Results from non-linear analysis of a) fragment from FS-01, b) fragment from FS-02.

3.3 Test setup

The configuration of the experimental program with post-installed shear reinforcement in a flat slab
was performed by numerical models and nonlinear numerical analysis in the ATENA software (Fig. 4).
Based on a good agreement between the numerical model and previously experimentally measured
results, an experimental study was prepared. The test setup of the prepared experimental study is shown
in Fig. 5.

The test setup is designed to simulate a flat slab with an inner column, which is performed by a
hydraulic jack pushing a force on the sample and stabilizing rods.

Until the publication of the article, 3 samples were tested using post-installed shear reinforcement.
Their resistance was higher than the calculation of shear resistance (in Table 2) according to the previ-
ously mentioned calculation models.

a) b)

Fig. 5 Test setup (dimensions in mm) a) top view, b) section.

4 Conclusions
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The paper presents previous experimental studies, numetical calculations, and its nonlinear numer-

ical verifications. Most numerical procedures are based on models that have been derived for new struc-
tures and do not have a loading history. The existing flat slab has a certain rotation (deformation) which
should be considered. This experimental study is supposed to verify the influence of the loading history
on the final resistance of a flat slab reinforced with post-installed shear reinforcement.
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Abstract

Structural behavior of reinforced concrete (RC) structures is greatly influenced by bond loss between
rebar and concrete due to rebar corrosion. It is important to understand the influence of bond deterio-
ration more deeply for improvement of performance assessment for deteriorated structures. This
research aims to numerically investigate the impact of bond deterioration on the structural perfor-
mance of RC beam, especially due to loss of interlocking by lug on the deformed bar. With the pa-
rameters used in reproduction analysis on the previous experiment, we tried to analyze the effect of
bond loss under more realistic states such as a part of lug loss on rebar surface or height reduction of
lug. It is shown that bond performance reduction is slight in the case that lug remains on rebars even
if its height is reduced, although smooth surface by complete loss of lug has significant influence.

1 Introduction

Corrosion of reinforcement bar is one of the significant issues on RC structures. Rebar corrosion
causes section loss of rebar, cracks around rebars by expansion force generated by corrosion product,
and bond loss between rebar and concrete. These phenomena have influence on load capacity, rigidity,
and load-carrying mechanism. Assessment of corrosion affected RC structure is essential [1]-[3].

The bond between rebar and concrete is one of the dominant factors for the load carrying
mechanism of RC member. Bond is defined as the union mechanism between rebar and concrete.
Bond includes three mechanisms; interlocking by mechanical contact, resistance by friction, and
chemical adhesion. When deformed bars are embedded as reinforcement, lug on the reinforcement
bar surface is mechanically interlocked with surrounding concrete, and the predominant bond can
overcome the bond by friction or chemical adhesion. It is one of the reasons that deformed bar is
widely used around the world. Therefore the loss of rebar lugs by corrosion causes bond loss and have
a significant impact on structural performance. It is crucial to understand the effect of bond
deterioration deeply to improve the assessment accuracy of the remaining structural performance of
RC structures with rebar corrosion.

This research focused on the change of structural performance by bond deterioration especially
from interlocking loss with nonuniformity. Previous studies have reported the effects on structural
performance by bond loss, such as flexure rigidity reduction, ductility change, or shear capacity
increase due to tied arch formation [4]-[6]. On the other hand, researches focusing on bond
performance with ununiform lug loss are not so many. Many factors due to rebar corrosion are
interlinked on bond performance. For example, crack induced by corrosion along with the rebar also
deteriorate the stress transfer around the crack, and sometimes it can be regarded as the apparent bond
loss. To understand the influence of corrosion on the structural performance more deeply, it is
important to purely extract the deterioration of interlocking in the corroded RC member. In this study,
the influence of interlocking loss due to corrosion on lugs is investigated by 3D finite element
analysis.

2 Overview of the experiment

The authors have conducted the static loading test on RC beam specimens with different bond condi-
tions. [7] This study tries to reproduce this experiment by 3D finite element analysis, and more cases
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that were closer to the practical state were computed and evaluated to understand the mechanism of
interlocking by lug on rebar surface.

21 Experimental setup

Three RC beam specimens with different bond conditions, 100%, 50%, and 0% of the proportion of
interlocking area were tested as shown in Table 1. The specimen with 100% interlocking was a sound
RC beam using normal deformed bars as the main reinforcement. The specimen with 50% interlock-
ing was an RC beam whose cover concrete along the main rebars was physically removed. It means
that the bottom half sides of the rebars were exposed. The specimen with 0% interlocking was the
beam using round bars. This beam had no interlocking effect.

All beams were designed to fail in shear. The rebar arrangement and beam dimension are shown
in Fig. 1, and Table 2 shows the material property of concrete and rebars. Ready-mixed concrete was
used for casting, and its mix proportion is shown in Table 3. Beams were cured under sealed condi-
tion to prevent the drying shrinkage of concrete. Static loading test was conducted in 12 days age.

Table 1 3 bond conditions of beam specimen

Case Main rebar Overview diagram

100 % interlocking \ S \
(sound beam) Deformed bar eoe T —
50 % interlocking ——

(Bottom half side of Deformed bar | |
rebar are exposed)

0 % interlocking | T ‘
(No interlocking) Round bar Y p—
‘ 500 600 300, (mm)
230 D 188
150
pay 95 6@ 115690 D 1@65-155 | 220 )
Anchorage nut
_ _ SD295A D6
.. .| %42
188
— - - i 50
Py L RN
SD295A D10—— 90 USDES5A D22 51595951
Fig. 1 The dimension of specimens (Top: 100% interlocking, Bottom: 0% interlocking)
Table 2. Material properties of concrete and rebar
Concrete property Yield strength of Rebar (MPa)
Compressive Young’s modulus | Stirrup Deformed bar Round bar
Strength (MPa) (GPa) SD295A D10 | USD685A D22 PC rod Class B
39.7 26.5 304 710 1018
Table 3. Mix proportion of concrete
- - 3
W/C (%) Maximum size | UMt quantity (kg/m”)
of gravel (mm) Water Cement(OPC) | Gravel Sand
42.5 20 173 408 1033 697
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2.2 Experimental results

In the static loading test, the deflection of beam and applied load were measured by displacement
transducer and load cell. The Load-deflection curve and crack patterns in each specimen are shown in
Fig 2.

Fig. 2 Load-deflection curve (left) and crack distribution (right)

In the case of the specimen with 0% interlocking, the flexural rigidity declined significantly from
120kN, the middle stage of loading. It was found that the flexure cracks were concentrated in the
center of the span. The specimens with 0% interlocking failed by anchorage failure. Because of the
bond loss on the rebars, a tied arch was formed in the beam; tensile stress was distributed uniformly
on the rebars as the tie, and the compression strat was formed between the loading point and the
anchorage nuts. Finally, anchorage failure occurred when the compressive stress exceeded the com-
pressive strength of concrete.

The rigidity of specimens with 50% interlocking also declined after the middle stage of loading,
but the rigidity reduction degree was smaller than the case of 0% interlocking. The whole behavior
against load was similar to that of 100 % interlocking case. It is known that the shear capacity can be
improved due to the formation of the tied arch when the bond is lost on the rebars. In the 50%
interlocking case, improvement of the shear capacity was not observed, and its failure mode was the
same as that of 100 % interlocking specimen. It meant that the bond loss was not so significant.

Fig. 3 Load-Strain curves of main rebar on each case
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The bond condition can be also estimated from the strain distribution on the main rebars. Fig. 3 shows
the location of strain gauges for rebars and the relationship of load and strain of the main rebar. As
long as the bond is sound, the strain distribution of the main rebars is the same trend as that of the
bending moment. In this experiment, strain should be the largest at the center of the span and decrease
as getting closer to the supports. In the 50% and 100% interlocking cases, this trend was observed
under loading as shown in Fig. 3. However, the strain distribution of 0% interlocking beam was dif-
ferent from the other cases. In the initial stage of loading, strains at each location had the same trend.
However, after the middle period of loading, each strain value was getting close. It meant that the
strain on main rebars became uniform. This phenomenon started from about 150kN, and it is the same
timing as rigidity declination in the load-deflection curve. Tapping sound had been heard from this
stage many times. It seems to be caused by the rebar slipping when the chemical bond was lost locally.

2.3  Outcomes from the experiment

From the crack pattern in Fig.2, the sound bond can clearly diversified flexural cracks, and it prevent-
ed crack localization. Crack dispersion has an important role on the viewpoint of the durability and
load-carrying mechanism. In the 50% interlocking case, the interlocking effect by lug was reduced,
but the cracking behavior was not significantly changed from that of the 100 % interlocking case.

There was a clear difference in the load-deflection curve among three specimens. The bond per-
formance influenced the rigidity after flexural cracks are formed. When the concrete-rebar bond does
not work, cracked concrete does not resist tensile stress. When the concrete and rebar are well inte-
grated by bond, the concrete between the flexural cracks can carry some tensile stress. Therefore the
rigidity dropped sharply when the flexural cracks were formed in the specimens with 0% interlocking.
In the case of 50% interlocking, the bond is deteriorated slightly and it can cause the reduction of
rigidity. The shear cracks of 50% interlocking case were more localized than that of 100% bond case.
It is thought that interlocking resistance by aggregates at crack surface became weaker by the opening
of concentrated shear cracks, and shear capacity reduced. However, a significant difference in struc-
tural performance between 100% and 50% interlocking was not observed. It is considered that bond
performance can be preserved even when the interlocking becomes half.

3 Reproduction analysis

3.1 3D nonlinear finite element model

For investigating the influence on the structural performance by bond deterioration, numerical analy-
sis was conducted. 3D nonlinear finite element analytical system “COM3” is used for reproducing our
experiment and for the case study of interlocking loss.[8] This system is based on the smeared crack-
ing model, and multi-directional non-orthogonal cracks can be considered in the computation to
simulate the behavior of the concrete structure under various external actions. In recent years, the
system is enhanced to reproduce the deteriorated RC structural system [9] [10]. In this study, the
shape of rebars embedded in the concrete was modelled precisely, and the bond between steel and
concrete was modelled by 2-dimensional interface elements for the stress transfer on the interface.
COMS3 can also simulate the structure which has multiple materials and interface between them, such
as composite structure or underground structure [11] [12].

Fig 4. Geometry of analysis model (left and center) and random gravel placement (right)
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Fig 4. shows the quarter-cut FE beam model with 60,000 cube solid elements and 8,000 interface
elements between main rebar and concrete. Main rebar shape, including lugs, was modelled precisely
and embedded in concrete for focusing on the interlocking effect. Reproduced lugs had 2mm height
and 60-degree angle from the bar axis. These values were based on the Japanese Industrial Standard
(JIS). Stirrups and compression rebars were modelled by providing smeared reinforcement ratio.

The mesh size of the model was fine (minimum 2mm) to reproduce the geometry of the lug. In
the original concrete model in this system, concrete components, such as cement matrix and aggregate,
are averaged as a concrete element. However, this original model is not appropriate in this case
because the mesh size is much finer than the model assumption. Therefore, the concrete part was
divided into two types of elements, as mortar elements and gravel elements, and proper material
properties were set for them. The volume proportion of gravel elements was 36%, which was decided
from the mix proportion in the experiment. Gravel elements were modelled as RC element with 140
MPa of compressive strength, 10 MPa of tensile strength, and 54 GPa of young’s modulus. These
properties were decided based on the general material property of limestone produced in the same
area as the gravel that is used in the experiments [13]. It is noted that the basic material property of
limestone has a small scatter.

3.2 Reproduction analysis on experiment

As shown in Fig. 5, the numerical analysis could reproduce the load-deflection curves on each case in
the reduce of load capacity and rigidity after cracking. In the case of 0% interlocking, the stress con-
centration in the anchorage zone and crack localization under loading points were observed. Slipping
between rebar and concrete happened in 120 kN and rigidity decreased significantly after that. In
contrast, local rebar slipping in the experiment occurred intermittently with load increment, not in
whole area of rebar in a certain load. In the 50% interlocking case, rigidity and the number of flexural
crack of analytical result were smaller than experiment. This difference was caused by the modelling
of the stirrups. In the experiment, stirrups keep rebar and upper concrete contacted, and the interlock-
ing effect was preserved. However, such kind of effect was not explicitly modelled in the analysis,
and main rebar could peel off from upper concrete as the displacement got larger. It caused interlock-
ing loss. Even though there are some minor differences, the numerical analysis successfully repro-
duced the influence of lug loss on structural behavior.

Fig. 5 Comparison analytical and experimental results on Load-displacement curve (left) and strain
distribution at failure (right)

4 Case study on structural performance due to bond reduction by lug loss

The validity of the analysis model with embedded rebar was confirmed in Chapter 3. With the param-
eters used to reproduce the experiment, more cases that were closer to the practical condition were
computed and evaluated for understanding the role of interlocking more deeply. This study tried to
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analyze focusing on two viewpoints to simulate the effect of bond loss under a more realistic state,
height decreasing of the lugs due to corrosion and ununiform distribution of corrosion.

4.1 Analytical cases

In general, the rebar corrosion process is as follows; penetration of deterioration factor such as chlo-
ride ion, starting corrosion of rebar, cracking around rebar by expansive stress due to corrosion prod-
uct, and spalling of cover concrete. In the initial stage of corrosion, rebar corrosion is considered to
occur in the rebar area closer to the concrete surface. It causes lug loss in a partial area of rebar sur-
faces such as only the bottom area or side area. This study set 3 conditions on the lug loss area; half
surface lug loss on the bottom (Bottom-0%), in outside surface (Outer-0%), and on all surface of the
outer two rebars in three ones (Side-0%). In order to grasp the difference clearly, an ultimate situation
that lugs were completely lost in damaged area and sound in other area were reproduced.

In the corrosion stage after cracking, lugs in all surface of rebar are considered to be deteriorated.
However under this process, rebar shape becomes not like round bars, but the roughness of rebar
surfaces will be maintained. For reproducing this condition, the 3 cases with reduced lug height (75%,
50% and 25% of height) were analyzed. Table 5 shows the lug condition of 6 cases which was
evaluated in this study.

Table 5 Analytical cases (parts lug loss of rebar surface)

Parameter | Area of lug loss Loss of lug height

Name Bottom-0% | Side-0% Outer-0% LugH-75% | LugH-50% | LugH-25%
Lug

condition

Ratio of 50% 33% 33% 75% 50% 25%
Sound lug | (50% loss) | (67%loss) | (67%loss) | (25%loss) | (50% loss) | (75% loss)

4.2  Analysis results and discussions

4.2.1 Effects of lug loss location

Fig. 6 shows the analysis results on beams with different locations of complete lug loss area. The
bottom-0% case has almost the same behavior as that of 50 % interlocking case without cover con-
crete in the former chapter from the point of rigidity, capacity declination, and crack pattern. On the
other hand, in Side-0% and Outer-0% cases, bond loss was observed as the crack localization. Side-
0% beam showed load reduction by rebar slipping at about 160kN.

Fig. 6 Load-displacement curve (left) and strain distribution at failure (right)
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When a half or more of the section of rebar lugs are lost, bond deterioration was observed in terms of
crack concentration and rigidity declination. Rebar slipping was observed only in Side-0% case,
although Side-0% and Outer-0% had the same lug loss ratio. The surface of two outside rebars were
smooth in Side-0%. It can be said that the uniform distribution of interlocking by lug had a significant
effect to prevent brittle behavior by rebar slipping even though lugs became small.

4.2.2 The effects of loss of lug height

Analytical results with the different lug height are shown in Fig. 7. In the case of 75% and 50% lug
height, almost the same load-deflection curves were observed, and the rigidity and load capacity of
LugH-25% becomes low. From the principal strain distribution map, the beams with 100% and 50%
of lug height show similar flexure and shear crack patterns. On the other hand, in the case of LugH-
25%, the number of flexural cracks is decreased, and shear crack formation was suppressed due to the
tied arch effect by bond deterioration.

Fig. 7 Load-displacement curve (left) and strain distribution at failure (right) of each beam with dif-
ferent lug height

The influence of lug height reduction on the structural performance was smaller than that of local
complete lug loss. The chemical bond between rebar and concrete is small, and it is why the rebars
can not resist large pull-out force when the bar does not have lugs. After the bar slips, the bond con-
sists of just friction. When the surface of the rebars is rough, the bond can be maintained at the same
level as the sound condition even though the roughness is small. The relationship between roughness
of rebar surface and bond condition is not linear, and bond performance is considered to decrease
rapidly after a certain deteriorated condition. In the real structure, the roughness of the rebar surface
can be preserved even after lug height is reduced by corrosion. It means that stress can be transferred
between rebar and concrete unless contact between rebar and concrete lost by spoiling of concrete.

To assess the residual structural performance of corroded RC structure, the reduction of cross-
section area of rebar and bond loss are requested to be modelled precisely. This study presented the
possibility that surface roughness can preserve the bond between concrete and rebars even when
section loss occurs due to corrosion. It needs to investigate the relationship between bond decline
ratio and corrosion state deeply for the assessment of real deteriorated RC structures, including the
influence of other factors such as cracking along rebar or corrosion product.

5 Conclusions

The static loading behavior of the beam specimens with various interlocking conditions were investi-
gated from the experiment and analysis investigation, and the followings are showed.

1.  When the bond is deteriorated, cracks will be localized, and the rigidity and capacity of RC
member will be decreased. Significant bond loss induces to form the tied arch in the beam,
and it improves the shear capacity.
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2.

Bond deterioration is slight in case that roughness on rebar surface by lug is maintained.
This is because the interlocking between concrete and lug works even after the rebar is cor-
roded. Assumption of complete bond loss between rebar and concrete with rebar corrosion
can overestimate the magnitude of bond deterioration.

Stirrup can prevent peeling off of main rebar from concrete and keep them contacted. It can
prevent bond deterioration even if the bottom surface of rebar lugs are lost.

Acknowledgements

This study was supported by JSPS KAKENHI Grant Number JP19J22658 as Grant-in-Aid for JSPS
Research Fellow.

References

(1]
(2]
(3]

[4]
(3]
(6]

(8]
(9]
[10]

[11]

[12]

[13]

J.G. Cabrela. Deterioration of Concrete Due to Reinforcement Steel Corrosion. Cement and
Concrete Composites. 18: 47-59

Rodriguez, J., Ortega, L. M., Casal, J. Load Carrying Capacity of Concrete Structures with
Corroded Reinforcement. Construction and Building Materials. 11(4): 239-248

Lim, S., Akiyama, M., Frangopol, Dan M. Assessment of the structural performance of
corrosion-affected RC members based on experimental study and probabilistic modelling.
Engineering Structures. 127 189-205

Coronelli, D., Corrosion Cracking and Bond Strength Modeling for Corroded Bars in
Reinforced Concrete. ACI structural journal,99(3): 267-276

Ikeda, S., Uji K. Studies of Bond on The Shear Behavior of Reinforced concrete Beams.
Journal of Japan Society of Civil Engineers. 283: 101-109

Saether, 1. Bond deterioration of corroded steel bars in concrete. Structure and Infrastructure
Engineering. 7(6): 415-429.

Ito, Y., Kurihara, R., Chijiwa, N. 2019. The influence of the deterioration of concrete-rebar
bond due to corrosion on the structural performance of RC structures. Paper at 16th East Asia-
Pacific Conference on Structural Engineering & Construction (EASEC16). P147. December
3-6

Maekawa, K., Okamura, H. & Pimanmas A. 2003. Nonlinear mechanics of Reinforced
Concrete. London: Spon Press.

Toongoenthong, K., Maekawa., K. Multi-Mechanical to Structural Performance Assessment
of Corroded RC members in Shear. Journal of Advanced Concrete Technology, 3(1): 107-122.
Kurihara, R., Chijiwa, N., Maekawa, K., Thermo-Hygral Analysis on Long-Term Natural
Frequency of RC Buildings with Different Dimensions. Journal of Advanced Concrete
Technology, 15(8): 381-396

Ito, Y., Chijiwa, N., 2018. The influence of corrugated steel web PC bridge. Paper presented
at 8th Regional Symposium on Infrastructure Development in Civil Engineering (RSIDS),
2A-5, October. 25-26.

Maekawa, K., Zhu, X., Chijiwa, N., Tanabe, S., Mechanism of Long-Term Excessive
Deformation and Delayed Shear Failure of Underground RC Box Culverts. Journal of
Advanced Concrete Technology. 14(6). 183-204

Limestone Association of Japan. 2005. Limestone aggregate and concrete. Limestone
Association of Japan

90

Analytical evaluation on the influences of deterioration of bond between rebar and concrete on structural
performance of RC structures



ANALYSIS OF CREEP IN PLAIN CONCRETE
FLEXURAL MEMBERS

Mary Williams, Devdas Menon and Anumolu Meher Prasad

Indian Institute of Technology Madras,
Chennai (600036),
Tamil Nadu, India

Abstract

The most widely accepted methods for estimation of long-term deflections in flexural members are
mostly based on axial creep studies in cylinders. The application of these models to flexural creep is
questionable because of the stress gradient and the effect of tension (if present). A few flexural creep
tests in plain concrete beams reported in the literature are analysed in the present study. In all the tests,
the applied load is kept constant throughout the test duration. From the measured strains, using static
equilibrium, the stresses can be generated at any time, and the flexural creep behaviour has been studied.
The study observes that the compressive stresses decrease with time, whereas tensile stresses increase.
Therefore, it is not appropriate to predict the creep strains based on constant stress, rather the varying
stresses need to be accounted for in the prediction.

1 Introduction

The study of long-term behaviour is very significant in concrete flexural members because it results in
an increase in deflection which in turn affects the serviceability of the structure. This is detrimental
especially in lifeline structures like bridges which are mostly creep sensitive. The long-term behaviour
of concrete structures is mainly governed by creep, shrinkage and relaxation of steel (in prestressed
members). This study mainly focuses on the creep behaviour of concrete. The effect of creep in concrete
depends on various [material, environmental and loading] factors, mainly the mix design, temperature,
humidity, the stress to strength ratio and the age of loading.

Creep in concrete consists of basic creep and combined creep. While the basic creep depends only
on the loading and the member characteristics, combined creep is also affected by environmental con-
ditions. So, to detach the influence of local environmental conditions and to generalise the creep be-
haviour, most creep tests include a basic creep specimen and a combined creep specimen. A large num-
ber of creep tests have been reported on plain concrete cylinders subject to axial compressions for years
[1]-[10], and based on these tests, various creep models have been developed, some of which separates
basic creep and combined creep[11]-[12]. In practice, these models are being used for all kinds of
members (columns, beams, etc.) irrespective of their loading conditions as long as the stress is within
the linear range, which is widely accepted to be 0.4 /. (f- is the cylinder compressive strength).

The creep in members subjected to bending is referred to as flexural creep and the main difference
in flexural creep is the stress gradient across the section. In addition to this, if there is tension in the
member, the creep mechanism itself may be different. Contradicting results on the difference between
tension creep and compression creep have been presented by various researchers over time [1]-[7].
Brooks and Neville (1977) stated that the creep in tension and compression are considerably different
and depends on many factors, age of concrete and drying being the most important ones [1]. Some
researchers conducted basic creep tests and proved that compressive creep is higher than tensile creep
[2]- [4] whereas the opposite is stated by Kristiawan (2006) and Forth (2015) [5],[6]. In literature, few
studies showing that the creep in tension and compression are similar [7]. Because of the contradictory
results, it is not possible to arrive at a conclusion on the difference in the rates and magnitudes of creep
in tension and compression.

Since concrete is rarely subjected to direct tension (uniform tension throughout the cross-section),
emphasis should be given to flexural tension which is nearly unavoidable in concrete beams. Since
flexural creep has a complex mechanism due to the interaction between tension creep and compression
creep, a detailed analysis of the beam response is required to study the effect of tension and the stress
gradient on the creep behaviour.
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In the current study, few basic creep tests on plain concrete beams subject to constant loading,
reported in literature have been analysed and strains are compared with the prediction using existing
models. The study is limited to tests where the concrete is not loaded beyond cracking stress. Of the
many models available for the prediction of creep and shrinkage, three models (B3, B4 and GL 2000)
have been considered that separate basic creep and drying creep.

11 Creep models

1.1.1 GL 2000
Gardner and Lockman (2001) proposed the GL2000 model which is given by the following equation.

J(t’to):L_}_& (1)
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where #is the age of loading, #. is the age when drying starts and ¢is the age of concrete.

1.1.2 B3 model

This model can be used to predict the material parameters of ordinary Portland cement concrete having
a 28 day standard cylinder compressive strength between 17MPa and 70MPa. The compliance func-
tion using this model is as in (3).

J(t, t,) =g, +C,(t,1))+C,(t,1,,1,) “4)

g, =0.6x10°/ E,, (5)

i t (6)
Colt,ty) = 0,1 + g5 In[ 1+ (t=1,)" |+, In -
0

C,y(t.ty.t,) = q,[exp{-8H ()} —exp-H(t*)} | (7)

where J(t,10) is the compliance function at time ¢, the start time of loading is represented by #, q:
represents the instantaneous strain, Co represents the basic creep function and Cyu represents the drying
creep function.

1.1.3 B4 model

This model is an improved version of the B3 model. It allows for enhanced multi-decade response
prediction, distinguishes between the drying and autogenous shrinkage, and introduces new equations
to capture the effects of various admixtures and aggregate types. This model accounts for the tempera-
ture effect on the curing and ageing process by accelerating the time based on the activation energies.

J@i')=q,+R.C G +C, (17, ®

where Rris a scaling factor and the age of concrete, age of loading and drying, are corrected for tem-
perature.

1.2 Review of studies in flexural creep

Rossi et al. (2013) conducted experiments on basic creep in tension, compression and flexure and at-
tempted to predict the flexural creep using the strain data from direct tension and compression creep
tests. Due to the scale effect related to tensile and compression creep, the prediction was not successful
[7]. Similar behaviour between basic creep in tension and compression was observed by Wei et al.
(2018), and flexural creep was found to be 65 per cent higher when the water-cement ratio increased
from 0.3 to 0.4 which implies that flexural creep is sensitive to water-cement ratio [4]. The specific
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creep of direct compression is much higher than flexural compression when the stress to strength ratio
is the same [8]. The tensile creep shows large variability under different stress levels and flexural creep
has minimal non-linearity effects due to higher load level [9].

2 Experimental Data

Few basic creep tests from literature are considered and detailed analysis of the stresses and strains
obtained from the experiment has been carried out.

Rainovomanana et al. (2013) conducted creep tests on high-performance plain concrete specimens
under direct compression, direct tension and flexure tests [8]. Compressive creep tests were carried out
on cylinders and, tensile and flexural creep tests on rectangular prisms of size 100x100x500mm. The
loading was done at an age of 28 days and the stress to strength ratio is 0.5. The loading was such that,
the extreme fibre stress was 0.5 times the direct tensile strength of concrete. The test duration was 70
days (for flexural specimen) and strains have been monitored at the top, bottom and the neutral axis
level along the mid-span cross-section. The compressive strength of the concrete used for the tests is
69.7MPa.

Fig. 1(a) shows the measured strains across the cross-section with time and it is observed that the
compressive strains keep increasing significantly with time whereas the tensile strains remain almost
same.

50 0 T T T T T T T 1
0d (i) 10 20 30 40 50 60 70 80
40 —o—4.7d ;10 L
18.12d
30 — . B3
—0—27.78d  -20

0 - — —B4

—o—36.11
55.7d
—e—63.5d

eeeeecxp

&_
_\\- — . =curo

75

Depth (mm)
~ -
(9,
I\
W

-50

Microstraing Time since loading (days)

(a) (b)
Fig. 1  (a) Measured strains with depth and (b) Measured v/s predicted total strains in the extreme
compression fibre.

In order to predict the extreme compression fibre creep strains in flexure, the existing models are used
and the results are as shown in Fig. 1(b). It is seen that the magnitude of strains predicted by B3 model
are closer to the observed experimental strains while B4 and GL 2000 overestimate the creep strains.
Also, the rate of creep observed in the experiment is higher than the predicted rate of creep. All the
models give a similar trend in the rate of creep except that the magnitudes are different. The initial rate
of creep is overestimated by all the models whereas, at higher ages, the rate of creep is underestimated
by the considered models.

It is also seen from Fig. 1(a) that the rate of creep in compression is much higher than that in tension.
This causes the neutral axis to shift downward and additional tensile stresses to be developed in the
bottom part of the beam. The shift in neutral axis results in the relaxation of stresses in compression.
The difference between the predicted and observed creep rates can be attributed to this differential creep
mechanism in the beam cross-section. To validate this, an analysis has been carried out using the ob-
served strains.

From the measured strains, the depth of the neutral axis is found and the variation with time is
plotted in Fig. 3(a). Since the section is uncracked and the magnitude of stresses are considerably low,
a triangular stress profile is considered. Lever arm is calculated from the strain diagram obtained from
the experiment. Since the applied moment remains constant, using equilibrium, the top and bottom
stresses can be computed at different time intervals using the equations (9) to (12).
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C=0.5xbxy,, xo, 9)
T=05xbxy,, xo, (10)
M = CxLever arm (11)
C=T (12)

where C is the resultant compressive force, 7 is resultant tensile force, M is the applied moment, b
is the breadth of specimen, oc is the extreme fibre compressive stress, o: is the extreme fibre tensile
stress, yrop and yronom are the distances of extreme fibres from the neutral axis.
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Fig. 2 (a) Representative strain diagram and (b) Representative stress diagram

Due to the shift in neutral axis, it is seen that the stresses keep varying with time to satisfy equilibrium
as shown in Fig. 3(b). From the calculated stresses and measured strains, the modulus of elasticity in
tension and compression is also computed and the variation is plotted with time as in Fig. 3(c).
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Fig. 3 (a) Ratio of neutral axis depth to beam depth with time, (b) Variation in stress with time and
(c) Variation of effective modulus of elasticity in tension and compression with time.
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From the analysis, it is seen that the stresses in compression reduce with time (Fig. 3(b)) whereas the
stresses in tension increases with time. The lever arm is observed to remain constant.

The modulus of elasticity is different in tension and compression and the effective modulus in ten-
sion increases by about 35 per cent whereas the effective modulus in compression reduces by about 50
per cent in 60 days. Hence it is not appropriate to assume constant stress with time in the member even
if the beam is subjected to a constant load. To study this, the varying stress profile is considered in the
B3 model prediction using the principle of superposition as in (13).

£(t) =3 J(t,2)Ao.(z)
i=0

where J(¢,7;) is the compliance function and Acc is the stress increment or decrement at time 7.

It is observed that when the stress reduction in compression is considered, the prediction underes-
timates the actual strains and the rate of creep decreases further, whereas when the increase in tensile
stress is considered in the computation, the predicted strains match quite well with the actual strains as
shown in Fig. 4. This implies that the interaction of tension and compression creep influences the rate
of flexural creep.
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Fig. 4 Predicted top fibre strains at mid-span using B3 model with (a) constant stress assumption
(b) varying stress and (c) experimentally observed stains.

To validate these observations, more tests from the literature have been studied.

Hilaire et al. [10] studied flexural creep tests done by Reviron (2009) and proposed a three dimen-
sional model for predicting creep. The specimens were loaded at an age of 90 days from casting. The
strain variation with depth at different time intervals has been plotted in Fig. 5(a). The study was con-
ducted for only 5 days due to which the variation is small and irregular. The neutral axis position keeps
shifting due to the differential strains in tension and compression and is shifting downwards with time.
The variation in stress with time has been computed and is observed (Fig. 5(b)) to follow the same
pattern.
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Fig. 5  (a) Measured strains with depth. (b) Variation in stress with time.
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Rossi et al. (2013), studied creep of concrete in tension and compression by loading one at 50 per
cent and one at 70 per cent of the average compressive and tensile strength of concrete measured at 64
days [7]. The flexure creep tests were done on 150x200x700mm plain concrete specimens of 28-day
compressive strength 39.9MPa. They were loaded at 70 per cent of the flexural strength (4.8MPa at 64
days) at an age of 64 days.

The mid-span deflections were monitored for a period of 60 days. The deflections obtained in the
test are plotted in Fig. 6(a) and using the available creep models (B3, B4 and GL 2000), the long-term
deflection has been predicted based on instantaneous deflection. It is seen that the model predictions
show variability, some over-predicting and some under-predicting. The rate of creep predicted is also
significantly less than the rate observed in the test.
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Fig. 6 (a) Measured strains along depth with time, (b) Variation of stress with time and (c) Meas-

ured and predicted mid-span deflection with time

Using the measured strains, the stresses are computed and the variation with time is as shown in Fig.
6(c). It follows the same pattern as that of the previous cases. The prediction of creep deflections using
models will have more error than using strains because, deflection is controlled by both compressive
and tensile strains, whereas while predicting strains, only the extreme compression fibre strains are
considered which will give a more realistic value than deflections. With the computed stress profile,
the modified strains are computed as shown in Table 1, and it is seen that when the reduced stress is
considered, the error in prediction reduces by 8.2%.

Table 1 Predicted and observed strains

T Exp o ot B3 consto Error B3 vary o Error
(days) (mm) | (MPa) | (MPa) (mm) (%) (mm) (%)
0 74.86 3.36 3.36 106.93 42.84 106.93 42.84
60 115.74 3.12 3.64 132.78 14.72 123.29 6.5
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In all the tests reported in this study, it is observed that, with time, the strain distribution over the beam
depth remains linear, but the neutral axis keeps shifting. Due to this, the application of constant stress
assumption to predict the creep strains will give an inaccurate result. In order to estimate the actual
strains, the varying stress needs to be accounted for and the rate of flexural creep depends on the creep
in tension and compression.

To investigate this, an experimental program is being planned as a part of future studies, consisting
of prestressed concrete beams, where the effect of tension is eliminated by considering Type I prestress.
By doing this, the effect of stress gradient alone on the creep behaviour can be investigated.

3 Observations and Conclusions

It is observed that the rate of flexural creep is different from that of tensile and compressive creep. The
models considered in the study (B3,B4 and GL2000) shows some variability in the prediction when
compared to the experimental values. Even though the actual values lie within the band of predicted
values, the rate of increase in strains or deflections is not captured in the prediction.

In all the tests considered, the compressive strains keep increasing with time whereas the tensile
creep shows variability. This implies that the tensile creep may be more sensitive to the material pa-
rameters and the flexural creep cannot be accurately predicted without accounting for the tensile creep.

In a basic creep test in plain concrete beams, at any particular cross-section, the stresses in each
fibre change with time even if it is ensured that the applied moment remains constant. The analysis
shows that the extreme fibre compressive stresses reduce with time whereas the extreme fibre tensile
stresses increase with time in order to maintain equilibrium. Therefore the creep in tension and com-
pression are indeed different. This may be the reason for the higher rate of creep in flexure. The pre-
diction improves when this varying stress is accounted for in the analysis. For an accurate prediction,
an analytical framework has to be developed based on an iterative procedure and needs to be validated
with experiments.
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Abstract

Analytical formulations for the study of ultimate curvature capacity of reinforced concrete members
are useful in design practice, especially for preliminary definitions of member characteristics in order
to achieve a ductile behavior. This work, part of a broader research, analyzes the influence of various
parameters on failure mode of doubly reinforced concrete beams. Differently from classical approaches,
in this work all possible ultimate configurations are considered. An approach for identification of ulti-
mate condition based on failure mode domains are developed analitically. It is shown that variations of
reinforcing steel amount and ultimate deformation capacity can strongly affect the failure mode of the
section and, consequently, its deformation capacity and ductility.

1 Introduction

Most classical analytical formulations for the evaluation of ultimate curvature capacity of reinforced
concrete beams (e.g. [1], [2]) consider only concrete failure. Some technical standards propose rules
for the construction details of beams derived from these assumptions (e.g. EN1998-1 [3]). Actually,
considering the variability of the mechanical parameters and the geometric characteristics of the sec-
tions, the beams may develop failure modes different from those considered by the classical formula-
tions. Furthermore, considering cyclic loading conditions [4], [5] or variations in the characteristics of
the materials due to degradation phenomena [6], the failure modes may differ significantly from those
considered in the design phase. This work aims to study the influence of several parameters on the
flexural ultimate condition of the sections of doubly reinforced beams. In particular, the following set
of geometrical and material non-dimensional parameters has been considered: the ratio between cover
and section height ¢/H, the geometrical ratio of tensile (bottom) reinforcement p, the ratio between
compressive (top) and tensile (bottom) reinforcement geometrical ratios p /p, the ratio between concrete
strength and steel yielding strength fc/f,, the ultimate compression strain of concrete e, and the ultimate
tensile strain of reinforcing steel &s.. An analytical approach is adopted in order to define limit curves
aimed to identify domains representing different failure modes. The configurations of the domains are
analyzed varying the aforementioned parameters. Special attention is given to the steel properties and
in particular to steel ultimate tensile strain. Indeed, alternate cyclic loading, and/or corrosion of rebars
can reflect in low values of the steel failure strain [7], [8]. Some considerations on how these aspects
can influence the analytical formulations for ultimate curvature capacity and ductility evaluation of
reinforced concrete beam sections are proposed. Some improvements and future developments for the
proposed study are finally discussed.

2 Basic issues about the ultimate conditions for doubly reinforced concrete
beam sections

In this section a brief summary of the main assumptions of the doubly reinforced beam section ultimate
conditions for the formulation of failure mode domains is proposed. Figure 1(a) shows a schematization
of a generic beam section with the nomenclature adopted in the present study. In Figure 2 the adopted
constitutive laws for reinforcing steel and concrete are illustrated.
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(a) (b) (c)

Fig. 1 Description of the beam section and definition of strain profiles at ultimate condition. (a)
Section geometry; (b) Strain profile at concrete failure; (c) Strain profile at bottom steel
failure

(a) (b)
Fig. 2 Constitutive laws used for analytical calculation of section equilibrium (a) Reinforcing

steel: Elastic — perfectly plastic law; (b) Unconfined concrete: parabola — rectangle law

An elastic — perfectly plastic stress-strain relationship is used for steel, while the Model Code 2010
[7] parabola — rectangle law is employed for concrete. In this work, any possible effects of concrete
confinement are conservatively neglected. Concrete strength in tension is also ignored in the analysis.

In the adopted approach, failure is considered to be achieved either when extreme section fibers
reach concrete ultimate compressive strain or when the bottom reinforcement reaches its ultimate ten-
sile strain. Generic deformation profile along section height associated to the two failure types are
shown in Figure 1(b) and 1(c), respectively. In order to identify all possible different ultimate condi-
tions, deformation profile is varied in order to consider all possible combination of strain limits at ex-
treme concrete fibers, bottom reinforcement and top reinforcement. Table 1 summarizes all the possible
ultimate conditions obtained varying the deformation profile. It is worth noting that not all the listed
ultimate conditions can occur for beams of limited height, normal strength concrete and steel with sound
mechanical properties.

In order to recognize the failure modes which can actually occur for a given section, specific graphs
are developed, where a set of curves divide the plotted area into domains, each representing the occur-
rence of a specific failure mode. The procedure for the calculation of boundary curves which define
failure mode domains is presented in the next section, together with some examples of domains graphs.
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Table 1 Possible ultimate conditions for doubly reinforced concrete beam sections: Failure modes
labeled from A to J; failure type (C = Concrete, S = Steel); corresponding strain values for
extreme concrete fiber, bottom steel and top steel

Failure mode | Failure type | Concrete Bottom steel Top Steel
A C &c = -Ecu s < &y ey <es<egy
B C & = -Ecu s < &5y g5 < -gsy
C C & = -Ecu sy < & < &su gs > ey
D C &c = -Ecu sy < &5 < E&su -y <ées<é&gy
E C Ec = -Ecu esy <& < &ou gs <-gs
F S -&c2>6c> 0 & = Esu £s > €sy
G S 2> 6> 0 & = Esu ey <es<egy
H S ~Ecu > € > -Ec2 & = Esu gs > ey
I S -Ecu > Ec > -Ec2 & = Esu ey <es<egy
J S -Ecu > Ec > -Ec2 & = Esu gs<-gg
3 Domains for identification of failure mode

The axial force equilibrium of the section along the beam axis at failure can be expressed in non-di-
mensional form by the following equation, considering a null value of the axial load:

k—k'-——a-=-%. M) (1)

where &, k’and a are expressed by the following relations:

Es
k=—<1 (2)
Esy
£
k'=-1<-—<1 3)
Esy
Xu
ae B %® @
ferxu

The mean stress factor @ [1], [2] is determined using Eq. (4) considering the effective value of
neutral axis depth x, when the section reaches ultimate condition, either it is characterized by steel or
concrete failure. In Eq. (4), the term oz is the concrete stress corresponding to the strain &, according to
the concrete constitutive law illustrated in Figure 2(b). The choice to express Eq. (1) in non-dimensional
form using H has been here adopted since it allows to consider independently the influence of parame-
ters ¢/H, p and p /p. Writing Eq. (1) for each of the limit conditions which represents a transition be-
tween failure modes reported in Table 1 allows to define a set of equations which identify the bounda-
ries of the corresponding failure mode domains. In this work it was chosen to represent the domains for
different values of parameters p, fo/fy, esu in a Cartesian plane with the ratio p /p in the horizontal axis
and the cover-to-height ratio ¢/H in the vertical axis. An example of the obtained graphs is shown in
Figure 3(a). By assuming a constant value of the concrete cover c, it is possible to show on the vertical
axis the corresponding values of the heights H obtained varying the cover-to-height ratio, as shown in
Figure 3(b). Graphs illustrated in Figure 3 are obtained using p=2.5%, f=25 MPa, f,= 450MPa,
ecu=3.5%o and &e5=75%o.
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(a) (b)

Fig.3 Example of domains for identification of the ultimate condition for doubly reinforced con-
crete beam sections (a) as a function of non-dimensional parameters; (b) as a function of
section height H, given a constant value of concrete cover ¢ = Scm

This representation of the domains evidences the dependence of the failure mode on geometrical
ratios ¢/H and p7/p. The parameter ¢/H varies between 0.05 and 0.25 (its physical limit is 0.5, but it is
unreasonable to assume too high values, as they are not representative of real beam sections). The ratio
p/p varies between 0 and 2. It can be seen that, despite the range considered for values of parameters
¢/H and p/p, only few of the possible failure modes actually occur.

Varying the other non-dimensional parameters which influence the ultimate condition of the beam
section, it is possible to investigate how they affects the shape and location of failure mode domains.
Figure 4 shows three domains configurations obtained by varying the reinforcement ratio p, between
0.5%0 and 2.5%o, all other parameters being constant. This range is chosen in order not to represent
sections for which premature failures could occur just after concrete cracks [3], while assuring section
have sufficient ductility by limiting the maximum value of p [2]. Mechanical material properties are
the same as previously adopted for graphs in Figure 3. It can be seen that, as the reinforcement ratio p
increases, the top steel is more prone to yield in compression (occurrence of failure mode E). It is worth
noting that European Standard EN1998-1 [3] provides a detail rule for ductility of beam sections as-
suming the occurrence of failure mode E only [4].

The next section deals with the combined influence of geometrical and material parameters on the
configuration of failure mode domains.

4 Combined influence of non-dimensional geometrical and material parameters
on failure mode domains configuration

By significantly varing the mechanical material parameters, the corresponding domains notably change,
showing significantly different failure modes. The effect of the f./f; parameter on the domain shape is
examined by varying concrete strength fc between 30 MPa and 50 MPa while assuming a constant value
for steel yielding strength f;, equal to 450 MPa. According to the Model Code 2010 parabola — rectangle
law [7], the ultimate compression strain of concrete e.. can be assumed as a constant equal to 3.5%o for
different concrete strength classes, up to the C50/60 class. In order to analyze the effect of the ultimate
tensile strain of reinforcing steel &s on the domains shape, some preliminary considerations about the
values of this parameter at the ultimate condition of the beam section are proposed in the following.
Due to cyclic loading, buckling of longitudinal rebars can develop. In such a case, premature failure of
the longitudinal reinforcement in tension may occur [4]. The Model Code 2010 [7] proposes for ulti-
mate curvature calculation a reduced value of ultimate steel strain under cyclic loading equal to 3/8-
&suk, DEINg &suk the characteristic value of ultimate strain. In order to avoid the occurrence of buckling,
longitudinal rebars need to be adequately constrained by the presence of stirrups or other retaining
devices. To ensure this, limitations on longitudinal rebars diameter and/or limitations on spacing and
diameter of the stirrups need to be assumed.
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Fig. 4 Influence of the bottom reinforcement geometrical ratio p on the shapes of failure mode

domains for a section with fc=25MPa, £,=450MPa, £:=3.5%0 (a) Complete height range; (b)
Usual height range for doubly reinforced concrete beams
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Some indications about such limitations are reported in the work of Priestley et al. [5], which provides
a maximum value of stirrups spacing. A similar criterion is proposed by the New Zealand Standard
NZS3101 [9], which explicitly defines limits to be respected in the construction details of the stirrups
of ductile beams in order to prevent buckling of the longitudinal reinforcement. Priestley et al. [5]
underlined that the ultimate tensile strain of reinforcing steel of a beam section under alternate cyclic
loading should be assumed lower than the value assumed for monotonic load condition, even if buckling
phenomena in longitudinal rebars are prevented. The authors propose to use in calculations a value for
ultimate steel tensile strain equal to 0.6-&su,n, assuming &s,» to be the nominal ultimate tensile strain,
which can be conservatively assumed equal to the characteristic value. If, in addition, possible situations
in which the reinforcement is affected by corrosion are considered, then, as is well known, the ultimate
tensile strain of the corroded reinforcement will be lower than that of the sound rebars [8], [9]. There-
fore, a steel failure of the section for which the reinforcement develops an ultimate tensile strain &g
almost equal to the characteristic value &s,x appears to be possible only if construction details which
prevent buckling of the compressed reinforcement are present, the loading condition is monotonic and
the materials are not affected by degradation phenomena. It can be seen that, due to the causes listed
above, the value of the ultimate steel strain &5, to be used in the calculation of the failure condition can
vary significantly.

Considering the variability of the parameters analyzed above, three possible configurations of fai-
lure mode domains are identified, indicated as Type 1, Type 2 and Type 3, as depicted in Figure 5. The
domains configuration changes from 7ype I to Type 2 and up to Type 3, when either ultimate steel
strain &s and/or reinforcement ratio p decrease and when the ratio between concrete strength and steel
yielding strength f/f; increases. Accordingly, the non-dimensional parameters &su, p and fc/f, have been
varied in order to obtain the three different configuration types represented in Figure 5. In particular,
Figure 5(a, b) represent Type 1 configuration, which is the same illustrated in Figure 3 and Figure 4.
For this configuration steel failures almost never occur, considering reasonable values of ¢/H. For Type
2 configuration, Figure 5(c, d), steel failures may be achieved for beams with low values of parameters
p/p and ¢/H. In Type 3 configuration, Figure 5(e, f), domains related to steel failures overwhelm the
other ones. Since Type 2 and Type 3 configurations are characterized by low values of ultimate steel
strain, the deformation capacity of the section associated with steel failures for those cases will be very
low. This fact must be taken into account during the design phase.

Analyzing the variation of the boundaries of the failure mode domains with the non-dimentional
parameters, it is possible to determine analytical conditions which define the domains configuration
type which takes place. In particular, the Type I configuration occurs when the following inequality
applies:

1 f
ssu—scu-(a-;-é—2>>0 (5)
The Type 3 configuration occurs instead when:
1 f
esu—ecz-(a-l—)-i—2><0 (6)

In cases when nor Eq. (5) neither Eq. (6) are satisfied, the Type 2 configuration is achieved.

5 Conclusions

This work is part of a broader research dealing with behaviour of new and existing reinforced concrete
elements also accounting for degradation phenomena, with a particular focus on flexural behaviour and
ductility. The presented study proposed failure mode domains which can be useful to analyze the ulti-
mate conditions of beam sections during the design phase, studying the influence of different non-
dimensional parameters, allowing as a consequence a more conscious design. The influence of phe-
nomena such as cyclic loading related to seismic actions and the presence of corrosion in the reinforce-
ment can also be considered, though in a simplified way, through a modification of the reinforcing steel
properties.
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Fig. 5 Example of domains for identification of the ultimate condition for doubly reinforced con-
crete beams, given a constant value of concrete cover ¢ = Scm. (a), (b) Type I configuration,
fe =30 MPa, f, = 450 MPa; (c), (d) Type 2 configuration, f. =40 MPa, f, =450 MPa; (e),
(f) Type 3 configuration, fc = 50 MPa, f, = 450 MPa.
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The presented analytical formulation is based on some simplifications, as an example, in terms of
the the adopted constitutive laws for steel and concrete. A further development of the presented work
concerns the adoption of concrete constitutive models with post-peak strength degradation and the ac-
counting of cover spalling at the ultimate condition.

The proposed approach is particularly effective for the formulation of curvature capacity models
for new and existing doubly reinforced concrete beams.
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Abstract

Water vapor sorption is the key tool for characterizing the moisture properties of cement-based mate-
rials, temperature and carbonation have significant impact on it. The water vapor sorption isotherms
and kinetics were measured with a dynamic vapor sorption instrument, for noncarbonated and car-
bonated cement pastes under three temperatures. The isotherms were analyzed and the GAB (Gug-
genheim-Andersen-de Boer) [1] model was used to fit the isotherms. The sorption kinetics were
interpreted through the pseudo-first and -second order models. The results show that carbonation
reduces moisture content and specific surface area, turns the kinetics to lower order law while higher
temperatures have opposite impacts, but both inhibit hysteresis and strengthen the surface attraction to
water.

1 Introduction

Moisture is closely related to various processes of cement-based material deterioration. The long-term
durability of cement-based materials is significantly impacted by the interaction between moisture
and porous matrix, therefore, an accurate knowledge of moisture properties is indispensable for realis-
tic assessment of cement-based materials in engineering service states. Water vapor sorption is the
key tool for characterizing the moisture properties of cement-based materials, including equilibrium
properties and kinetics. Water vapor sorption isotherm (WVSI) describes the relationship between the
moisture content retained at equilibrium and the ambient relative humidity (RH), providing basic
inputs for the multi-phase transport model. Meanwhile, water molecules can probe the smallest C-S-H
interlayer spaces [2], allowing WVSIs to provide abundant information on pore structures, surface
properties, and insights into the underlying mechanisms of water-matrix interaction. Sorption kinetics
is related to different mechanisms involved in overall sorption process. Proper kinetic models are of
crucial importance for predicting sorption rate and revealing underlying mechanism. Furthermore, the
responses of water vapor sorption to ambient temperature change and carbonation are of particular
interests for engineering application, for concrete structures which are exposed to different tempera-
tures and carbonation by atmospheric CO..

Considerable works have been done to investigate the water vapor sorption characteristics of ce-
ment-based materials. Saturated salt solution method and dynamic vapor sorption (DVS) method have
been adopted to measure WVSIs and sorption kinetics, a series of models has been applied to analyze
them. Hysteresis, especially low-RH hysteresis was found in WVSIs of cement-based materials. Pore
structures, surface properties, transport properties can be deduced from water vapor sorption charac-
teristics. Some studies focused on the thermal impact on water vapor sorption [3]-[6], but the conclu-
sions were inconsistent with each other. Some results are also available for carbonation impact on
WVSIs [7]-[9], but further research is needed for a better knowledge of the impact.

In this study, a systematic measurement on the water vapor sorption behaviors of hardened ce-
ment paste was conducted using automatic DVS devices, under different temperatures (25, 40, and
60°C) and with or without carbonation. The sample compositions were determined with
thermogravimetric methods. Measured WV SIs and kinetics were analyzed along with the temperature
and carbonation impacts. The GAB (Guggenheim-Andersen-de Boer) model [1] was adopted to fit
the WVSIs, and the regressed parameters were discussed. The kinetics was interpreted through pseu-
do-first order and pseudo-second order models.
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2 Materials and experiments

Hardened cement pastes were prepared with water-to-cement ratio of 0.5. The cement used was of
type ordinary Portland cement PO 42.5, the mineral composition provided by the manufacturer is
given in Table 1. The pastes were cast into molds of 4 cm x 4 cm % 16 cm, demolded at 1d and cured
in saturated lime water under ambient temperature controlled to (20+3)°C. Prisms were divided into
two groups, the non-carbonation group and carbonation group. The carbonation group were taken out
of water at the age of 28 days, 60°C-oven dried for 2d, sliced with saw, and then placed in a test
chamber in which the CO, concentration was kept at (3£0.2)%, the temperature at (20+£2)°C, and
relative humidity at (70+5)% RH until total carbonation, which was checked by phenolphthalein
indicator and thermogravimetric (TGA) results. The non-carbonation group was taken out of water at
the age of 720 days, sliced with saw, vacuum-dried at 40°C for 48 hours, then oven-dried at 60°C for
48 hours. After this treatment, the samples were stored in a slight vacuum to prevent carbonation. The
non-carbonated sample was noted as PN, and the carbonated samples was note as PC.

Table 1 The mineral composition (wt.%) of cement in this study.

CaO SiO, AL, O4 Fe, 05 SO, MgO Na,O Cl Ignition loss

62.99 22.02 4.00 3.48 2.72 2.58 0.53 0.01 1.67

Dynamic water vapor sorption experiments were conducted with a DVS-Adventure analyzer
manufactured by Surface Measurement Systems, UK. This device continuously records the mass
change of the sample in a gas flow with precisely controlled flow rate, RH and temperature. High
purity nitrogen was used as carrier gas to prevent possible carbonation during sorption experiments.
Samples for DVS sorption experiments were crushed, ground and sieved between 200pm and 500um,
and each water vapor sorption experiment used approximately 30mg of dry particles. The target tem-
perature of incubator was set to be 25, 40, and 60°C, respectively, for different PN and PC samples.
The RH control program includes a zero-humidity drying stage, and a full adsorption — desorption
cycle between 0% and 95% RH, with a 10% RH step. The criterion of equilibrium in a single RH step
was |dm/dt| < 0.002 wt.%/min continuously in a 10 minutes period. Extrapolations with the kinetic
models in Section 3.2 predict differences less than 0.002 g/g and 0.005 g/g below and above 80% RH
between asymptotic sorption values and measured data, which are insignificant compared to the total
sorption. The maximum stage time was set to be 10 hours, which is enough for all the steps. The
whole program took about 50 hours for PN samples and 24 hours for PC samples. At the end of each
experiment, the recorded sample mass was determined as the reference mass m, (mg) for calculating
evaporable moisture mass. It is noteworthy that samples equilibrated at zero humidity under different
temperatures correspond to different hygral state. In order to provide a common reference for compar-
ing data measured under different temperatures, samples were dried at zero humidity under 25, 40,
and 60°C consecutively in DVS IsoActivity mode, with the same equilibrium criterion in sorption
experiments. The evaporable moisture content  (g/g) was calculated with

= MM

~ M

ref

where m is the sample mass (mg), m, is the reference mass (mg) which corresponds to isothermally-
dried state at zero humidity under 60°C.

Thermogravimetric analysis (TGA) was performed on powdered PN and PC samples. TGA was
conducted using a TA Q5000IR analyzer, the temperature range was room temperature to 900°C, and
the heating rate was 10°C/min. Portlandite content was calculated with the peak between 400-500°C
in the derivative of TGA curve (DTG) using tangential method [10], and the mass loss between 520-
950°C was converted to the amount of calcium carbonate. In addition, to measure the mass increase
due to carbonation and provide a common reference for analyzing compositions, samples were oven-
dried at 105°C for 24 hours to achieve constant weight, then heated to 1050°C in muffle furnace and
calcined for 3 hours. Under the assumption that PN and PC have the same compositions at 1050°C,
the ratios between mass at 105 and 1050°C were used to normalize sample compositions.
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3 Analysis of water vapor sorption

3.1 Sorption isotherms and hysteresis

The WVSIs depict the moisture content retained at equilibrium in terms of ambient RH. In adsorption
isotherms (WV Als), ambient RH increases monotonically from 0% RH. The WV Als of most building
materials, including cement-based materials, are inverse S-shaped type II isotherms [11]. Desorption
isotherms (WVDIs) measures moisture content as ambient RH decreases to zero humidity. Measured
WVSIs of PN and PC under 25°C are illustrated in Fig. 1 (left). WV AIs are inverse S-shaped, but the
WVDI of PN sample has different shape, and a sudden drop in 40-30% RH can be observed. The
hysteresis between WVAI and WVDI of PN sample is notable, even in low-RH region. Carbonation
significantly reduced moisture content and hysteresis extent in the whole RH range, however, it is
noteworthy that PC sample adsorbed slightly more water in the first 0-10% RH range.

We define a moisture storage coefficient £k = AW/ARH of each sorption step for a better descrip-
tion and interpretation of WVSIs. The coefficient £ for PN and PC samples under 25, 40 and 60°C is
plotted in Fig. 1 (right), with the x-coordinates of data representing the target RH of each step. All
adsorption k-curves are U-shaped, representing ranges of monolayer adsorption, multilayer adsorption
and capillary condensation. High values of & at 10% RH, followed by a sharp drop at 20% RH, indi-
cate a strong monolayer adsorption in 0-10% RH and a conversion to multilayer adsorption in 10-20%
RH. Minor variation of k£ was found between 20 and 60% RH, corresponding to the predominating
multilayer adsorption in this range. Above 60% RH, £ starts to increase and reaches quite high value
in 90-95% RH, implying significant capillary condensation in this range. For PN sample, increased
temperatures lead to higher £ in 0-10% RH, but this tendency is reversed immediately above 20% RH,
and much lower £ under 40 and 60°C was measured in capillary condensation region. For PC sample,
k-curves share similar shape with that of PN sample, but much less water was adsorbed above 20%
RH, and only limited temperature impact was observed.

In desorption branches, the shape of k-curves of PN sample is more complicated. A sudden drop
of moisture content can be distinguished in the range of 50-30% RH, which is believed to be induced
by the spontaneous cavitation of water confined in cavities of ink-bottle pores [12]. In 10%-0% RH,
more water is desorbed than adsorbed in corresponding RH range. For PC samples, the cavitation
extent was much smaller, and the k-curves are much closer to that in adsorption branches.

Fig. 1 WVSIs of PN and PC samples under 25°C (left). Water vapor storage coefficients of PN
and PC samples under 25, 40 and 60°C (right).

The hysteresis curves are plotted in Fig. 2. For PN samples, a peak at 70% RH is available for all
curves. In high RH ranges, hysteresis may arise from ink-bottle / pore blocking effects [13]. The
cavitation-induced drop in desorption branches leads to the reduction of hysteresis by removing liquid
water constricted in ink-bottle pores. Hysteresis in low-RH range remains obvious, which is different
from nitrogen sorption results [2]. For cement-based materials, the snap-through instability [14],
hindered molecular condensation during nanopore filling [15], and C-S-H interlayer space collapse
and recover [16] may explain the low-RH hysteresis. The inhibition effect of increased temperatures
on hysteresis can be observed clearly. The dissipation of “metastable” ink-bottle effect may be accel-
erated by increased temperatures [2], and similar mechanism may apply for low-RH hysteresis, for
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water molecules with higher energy can penetrate interlayer spaces more easily. For PC samples, the
hysteresis is sharply reduced in the whole RH range under 25°C, and it further decreases with temper-
ature. Special attention should be given to the low-RH hysteresis of PC samples, which may be relat-
ed to the properties of decalcified C-S-H.

Fig. 2 Water vapor sorption hysteresis curves of PN and PC samples at 25, 40 and 60°C.

The GAB (Guggenheim-Andersen-de Boer) model [1], which is a refinement to the classical BET
(Brunauer-Emmett-Teller) [17] model for multilayer physisorption, is adopted in this study to fit the
WVSIs in the range of 0-80% RH. The three-parameter GAB equation reads

CK -RH
e K RI)[ I (C-1) K RA) @

where W, is the monolayer capacity (g/g), C and K are energy-related constants which can be ex-
pressed as [18]

/ur!nultila er /ur!nonola er
C=ex Y = A>1 3
p{ RT } (3)

/U:i uid ~ /’lr!nultila er
K =ex 2 =<1 4
p{ RT } “4)

where Lhonolayer , Mmutiloyer and fiiqua are the standard values of chemical potentials (kJ/mol) of water
molecules in the monolayer, multilayer and liquid state, respectively. R is the ideal gas constant
(8.314 J-K™'*mol™), and T is the absolute temperature (K). The product CK and constant K reflect the
interaction strength of molecules in monolayer and multilayer with respect to molecules in bulk wa-
ter. The specific surface area S (SSA, m?/g) can be calculated with W, as

s=tnlay 5)

W

where N, is the Avogadro constant (6.022x10% mol™), M,, is the molar mass of water (18.02 g/mol),
and A, is the area occupied by a single water molecule in the adsorbed monolayer (10.5 A?). It is
noteworthy that regressed SSA values are apparent values because the filling of nanoscale interlayer
spaces might be different from physisorption.

The GAB-fitted curves are shown in Fig. 3. In the range of 0-80% RH, the GAB model can well fit
the WV AIs of PN and PC samples and the WVDIs of PC samples with R>>0.99, but fails to capture
the cavitation phenomenon in WVDIs of PN samples. All regressed parameters form WVAIs are
showed in Table 2 and Table 3. The ambient RH 4, corresponds to monolayer coverage is calculated
by letting W = W, in Eq. (1), and the SSA is calculated from W, with Eq. (5). Data in Table 2 corre-
spond to full monolayer coverage, and data in Table 3 provide energy-related information. Higher
temperatures lead to remarkable increase of W, and SSA. The value of 4, is reduced with tempera-
ture, suggesting that water molecules adsorbed in monolayer region may have stronger interaction
with matrix at increased temperatures, which is also suggested by the increased value of CK with
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temperature in Table 3. After carbonation, the SSAs decreased by about 10-30% for PC samples,
indicating that the majority of monolayer sorption sites are still available in PC samples. The notable
increase of CK and decrease of 4, suggest a stronger attraction of matrix surface to water molecules
after carbonation. The decrease of k& under increased temperatures and carbonation implies that water
molecules in multilayer become less stable in these states.

Fig. 3 GAB-fitted curves for WV AIs (left) and WVDIs (right).

Table 2  Regressed GAB monolayer capacity W,,, specific surface area (SSA), and corresponding
ambient RH 4., calculated from WV AIs measured at 25°C, (40°C), and [60°C].

Samples W (% g/g) SSA (m?/g) o (%)
PN 3.30 (3.91) [4.86] 116 (137) [171] 23.9 (14.9)[15.8]
PC 2.61 (2.96) [3.31] 91.8 (104) [116] 15.6 (13.1) [12.8]

Table 3  Regressed GAB energy-related constants calculated from WVAIs (0-80% RH) at 25°C,
(40°C), and [60°C].

Samples C K CK
PN 16.0 (60.5) [71.5] 0.839 (0.766) [0.671] 13.4 (46.3) [48.0]
PC 59.1(98.2) [126.2] 0.737 (0.699) [0.640] 43.5 (68.7) [80.7]

3.2  Sorption kinetics

Non-Fickian sorption kinetics has been observed for cement-based materials [19]. In this study, the
pseudo-first and pseudo-second order (PFO and PSO) models are used to fit the kinetic curves of PN
and PC samples. The sorption rates are respectively proportional to the first and second power of the
difference between sorption mass ¢(¢) (mg) and equilibrium sorption mass ¢, (mg). With the initial
condition g(¢ = 0) = 0, the sorption mass g(?) is expressed in the PFO and PSO model as

q(t)=q.[1-exp(-Ki)] (6)
_ qu:t
4(1)= 1+ K,q.t ™

where K; (min™") and K, ((g/g'min)") are respectively the PFO and PSO rate constants. It was sug-
gested in [20] that the PFO model fits kinetic curves better when transport process of adsorbate limits
the overall sorption rate, while the PSO model dominates as the sorption between adsorbate mole-
cules and substrate surface is rate-controlling. Some fitting results for adsorption and desorption
kinetic curves are plotted in Fig. 4 and Fig. 5.
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(a) PN, 30-40% RH, 25°C (b) PC, 30-40% RH, 25°C (c) PN, 30-40% RH, 60°C

Fig. 4 Typical PFO- and PSO-fitted adsorption kinetic curves of PN and PC samples.

(a) PN, 60-50% RH, 25°C (b) PC, 60-50% RH, 25°C (c) PN, 60-50% RH, 60°C

Fig. 5 Typical PFO- and PSO-fitted desorption kinetic curves of PN and PC samples.

For PN samples, the PFO model is suitable for describing monolayer adsorption kinetic curves in 0-
10% RH, while the PSO model can better depict most kinetic curves of other RH steps. In 0-10% RH,
the bare substrate surface has strong attraction towards the water molecules, and the sorption sites are
fully available, therefore, the transport of water molecules may be rate-controlling. After the comple-
tion of monolayer coverage, kinetics is more related to weaker interaction between water molecules in
vapor state and in adsorbed multilayer film, resulting in slower adsorption rates. In 80-90% RH, both
models fail to depict the kinetics, suggesting that other mechanisms during pore condensation may
intervene. Globally, the PSO model can better describe desorption kinetics in most RH steps, except
for the cavitation and pore evaporation region. After carbonation, the PFO model globally fits better
than the PSO model for both adsorption and desorption steps, cf. Fig. 4(b) and 5(b), even in capillary
condensation/evaporation regions. Under increased temperatures, higher-order kinetic law may be
necessary to describe the kinetic curves in multilayer region, cf. Fig 4(c) and 5(c).

4 Further discussion

41 Temperature impact on water vapor sorption

Theoretically, physisorption is an exothermic process, which should be depressed under increased
temperatures, leading to the “thermal desorption” described in [3]. However, in this study, increased
temperatures lead to significantly higher evaporable moisture content retained below 80% RH in
adsorption and above 30% RH in desorption, cf. Fig. 3. It is believed that much higher amount of
water adsorbed in 0-10% RH, cf. Fig. 1 (right), is the main reason for the elevation of moisture con-
tent. We believe that this phenomenon derives from different hygral state at zero humidity under
different temperatures. At zero humidity, increased temperature further mobilizes and removes water
from interlayer spaces, where water molecules have stronger interactions with C-S-H sheets. The re-
entry of this part of water, which may act differently from physisorption, will lead to elevation of
isotherms with temperature and increased value of regressed SSAs and CK. The value of k decreases
with temperature above 20% RH, cf. Fig. 1 (right), which suggests that the “thermal desorption”
mechanism is still valid.
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4.2 Carbonation impact on water vapor sorption

After carbonation, moisture content above 20% RH decreased significantly, while the monolayer
sorption in 0-10% RH increased slightly under 25°C. The GAB regression gives much higher mono-
layer adsorption energy CK after carbonation, while the calculated SSAs decrease only by 10-30%.
Hysteresis and cavitation are notably depressed, the low-RH hysteresis is almost eliminated. The
TGA results in Table 4 show that the C-S-H of PN samples was also carbonated significantly.

During carbonation, the precipitation of carbonates microcrystals in mesopores will lead to the
reduction of capillary porosity and ink-bottle effect, which can explain the reduction of moisture
content and hysteresis in intermediate and high RH ranges. However, variations in low RH range
should be related to decalcified C-S-H properties. Groves et al. [21] suggested that the overall mor-
phology of the C-S-H gel is preserved after carbonation, which may account for the largely remained
SSAs observed in PC samples. Meanwhile, the enhanced monolayer adsorption after carbonation
indicated by the increased value of CK might be explained by the reduction of alkaline ions concen-
tration in pore solution and their shield effect on surface. In addition, the decalcified C-S-H have a
more deformable structure, which may account for the reduction of low-RH hysteresis.

Table 4  Portlandite (CH) and carbonate (CC) contents calculated with TGA results (wt. % corre-
sponding to NC samples).

Samples | CH content | CC content | CC from CH carbonation CC from C-S-H carbonation

PN 11.35 6.10 -- --
PC -- 61.90 15.34 40.46
5 Conclusions

The water vapor sorption of hardened cement pastes was investigated along with the impact of tem-
perature and carbonation. The WVSIs, hysteresis and sorption kinetics were described in detail, the
GAB model was applied to fit the WVSIs, and the pseudo-first and -second order models were used
to analyze the kinetic curves. The results show that carbonation reduces moisture content and specific
surface area, turns the kinetics to lower order law while higher temperatures have opposite impacts,
but both of them inhibit hysteresis and strengthen the surface attraction to water. The elevation of
WVSIs under increased temperatures were attributed to the re-entry of interlayer water molecules
motivated and removed by higher temperatures at zero humidity. The carbonation impact on water
vapor sorption was explained with changes in pore structure, C-S-H morphology, concentration of
alkali ions in pore solution, and the possible inter-layer deformability of C-S-H.
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Abstract

The aim of the research was to assess the possibility of the use of various organosilicon compounds as
admixtures for internal hydrophobization of porous building materials such as cement mortar. The
study examined the effectiveness of three type of organosilicon compounds for internal
hydrophobization. The following tests were performed: compressive strength, capillary water absorp-
tion and contact angle. The results have shown that two types of silicon-based compounds:
poly(dimethylsiloxane) and triethoxyoctylsilane might provide an effective, but with some limita-
tions, volume hydrophobization.

1 Introduction

Water has a crucial influence on the durability of building materials which are mostly porous. Pene-
trating water into the pore system of the material might cause its accelerated and irreversible destruc-
tion. The freezing water by increasing its volume might induce cracks. In addition, salt crystallization,
growth of mold and fungi and general deterioration of hydrothermal conditions might occur. In case
of cementitious materials appropriate implementation, selection of the components, relevant water to
cement ratio, as well as further care of the material can partially contribute to the increase in the
durability of the material. However, the use of appropriate additives and chemical admixtures may be
important to increase the durability of the material, and thus the construction. One of the ways for
protection of porous cement-based materials is internal hydrophobization by means of organosilicon
compounds. The “hydrophobization” comes from Greek and means fear of water. A hydrophobic
material is not or hardly wettable by water. A water-repellent agent used as admixture interact with
cement phases during hydration and provides hydrophobicity of the internal pore structure of the
material. The key function of the hydrophobic admixture is to prevent penetration of moisture or
water into the pore structure of the porous material and thus increase its durability.

The organosilicon compounds (e.g., silicone resins, silanes and siloxanes) consist of chains and
networks of silicon, oxygen and carbon atoms. The primary structure of organosilicon compounds is a
polysiloxane chain (—O—Si—O—Si—O—) (Fig. 1A). The non-polar alkyl groups are attached as
sidechains to the main siloxane chain. These organic substituents provide the water-repelling proper-
ties to organosilicon compound. The longer alkyl chain provides better hydrophobic effects. Due to
this the organosilicon compounds are called amphiphilic ones which means they have both hydro-
philic and hydrophobic parts in their structures. It allows for a gas and water vapor permeability, the
ability to bind of organosilicon compound to the hydrophilic cement phases and at the same time the
internal hydrophobization [1-4].

In this study three different commercial admixture based on three different organosilicon com-
pounds were used. One of them is based on the poly(dimethylsiloxane) (PDMS) of which the sche-
matic structure is shown at Figure 1B. PDMS is a complex, macromolecular, polymeric compound
with a repeating group (unit) of the general formula: —[R,Si—O]— with methyl groups (—CH3) as
substituents attached to silicon atoms. Poly(dimethylsiloxane) is distinguished by flexible siloxane
chain (Fig. 1A) arranged in helix with the methyl groups directed outwards. During interaction with
hydrophilic substrate the siloxane chain of the PDMS will interact with the substrate and the non-
polar groups will be located as far from the hydrophilic matrix as possible. Considering that
poly(dimethylsiloxane) is already a polymer compound we assume that the only way for chemical
reaction between cement phases and PDMS is by detaching one of the methyl groups from silicon
atoms [1-4]. The other admixture is a water solution of potassium methylsiliconate (Fig. 2A). It is an
alkaline (pH=14) solution of siloxane resin (Fig. 2B) in potassium hydroxide. Methylsiliconate under
the influence of moisture (H,O) and carbon dioxide (CO,) present in the air, undergoes some chemi-
cal reactions which result in the separation of potassium carbonate and polycondensation of
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methylsilicates into larger, spatially expanded particles [1,2,5-7]. Heretofore the siliconates were used
as surface protection and preservation of monuments against water [8,9]. The main component of the
third admixture is monomeric organosilicon compound: triethoxyoctylsilane (OTES) (Fig. 3). OTES
is an emulsion of alkyltrialkoxy silane. Three ethoxy groups (—OEt) and one octyl group (—CgH;7)
are attached to one silicon atom. During hydrolysis reactions the silanol groups are formed. The hy-
droxyl groups can bond covalently to hydrophilic surface of cement-based materials and at the same
time the polycondensation reactions take place between silanols molecules. Polycondensation of
silanols leads to cross-linking and the formation of siloxane chains, resulting into a hydrophobic
properties of the material. The alkyl substituent "R" is an organic, non-polar group which provide the
hydrophobic properties to the cement matrix [3,6,7,10,11].

CH, TH3
HC SiO—S‘i——CH3
CH, CH,
A) B) L _|n
Fig.1 Schematic structure of the A) siloxane chain [4] and the B) poly(dimethylsiloxane)
(PDMYS).
N O/
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A) B) = R
Fig. 2 Schematic structure of the A) potassium methylsiliconate (MESI) and the B) siloxane
resin.
Fig. 3 Schematic structure of the triethoxyoctylsilane (OTES).

The purpose of our study is to determine the possibilities, advantages and limitations of using dif-
ferent organosilicon compounds for internal hydrophobization of cementitious building materials. In
our research we used three commercial admixtures based on siliconate (MESI), polysiloxane (PDMS)
and silane (OTES) compounds and we investigated their influence on the basic properties of cement
mortar.
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2 Materials and methods

Preliminary research was carried out for cement mortar and cement paste. The objective of our study
was to determine the influence of commercial organosilicon admixtures on the basic properties of
cement mortar. Both, mortar and paste, were prepared by using the Ordinary Portland Cement 42.5 R.
The composition of cement mortar per one batch is given in Table 1. The water to cement ratio was
equal to 0.5 for both mortar and paste. Mortar was prepared according to EN 196-1 standard [12].
Prismatic bars of hardened cement mortar, with dimensions160x40x40 mm, were prepared for follow-
ing tests: mechanical and capillary water absorption tests. Cement paste was prepared to wetting
angle test. In this paper the impact of three different organosilicon admixtures (based on three differ-
ent organosilicon compounds) on the effectiveness and reasonableness of internal hydrophobization
of cement mortar is shown. The first admixture is based on an aqueous emulsion of
triethoxyoctylsilane (OTES). The second admixture is also an aqueous emulsion, but the main ingre-
dient is a poly(dimethylsiloxane) (PDMS). The third one is based on potassium methylsiliconate
(MESI). It is a water solution of silicone resin in potassium hydroxide. The following amounts of
hydrophobic admixtures were used: 0% (as a reference), 1%, 2% or 3% referring to cement mass.
Water-repellents were added to batch water. All used admixtures are recommended for volume
hydrophobization by manufactures. In case of MESI admixture the manufacturer requires a reduction
in the amount of used mixing water. We decided that the sum of used water and MESI admixture
should be 225g per one batch of cement mortar (Table 1). None of the other admixture manufactures
(OTES or PDMS based one) do not recommend reducing of amount of mixing water. The authors are
aware that the water to cement ratio might be not constant. The authors do not have knowledge about
the composition of the commercial admixtures, especially about the amount of the water in it, so it is
not possible to calculate the appropriate amount of water which should be subtracted from the amount
of mixing water.

The mechanical properties of cement mortar were examined according to EN 1015-11 standard [13],
and it was determined after 28 days of curing. The compressive strength was verified on six mortar
samples with dimensions 40x40x80 mm. Capillary water absorption test was carried out after 28 days
of curing according to EN 1015-18 standard [14]. The capillary water absorption test was carried out
on six, prismatic mortar specimens with dimensions 40x40x80 mm. First mortar samples were dried
and next the sides walls of the samples were sealed and left for dry for the next 24 hours. Subsequent-
ly, the mortar bars were placed vertically in water to a depth of 1 cm. The mass of each sample was
examined after 10 min, 30 min, 60 min, 90 min, 2h, 3h, 4h and 24h. As confirmation of internal
hydrophobicity of cement paste the wetting angle test was carried out. For this purpose, a goniometer
OCAI1S5EC DataPysics equipped with a Braun DS-D 1000 SF camera was used.

Table 1 Cement mortar composition.

ORGANOSILICON COMPOUND

OTES/PDMS MESI
Admixture [%] 1% 2% 3% 1% 2% 3%
W/C 0.5
Cement [g] 450.0
Sand [g] 1350.0
Water [g] 225.0 220.5 216.0 211.5
Admixture [g] 4.5 9.0 13.5 4.5 9.0 13.5
3 Results and discussion

3.1 Capillary water absorption test

The main aim of the internal hydrophobization is decrease of the water absorption ability of the mate-
rial. The results of capillary water absorption test, shown in Table 2, indicate that two of three used
admixtures significantly decrease in the water absorption of cement mortar caused by capillary suc-
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tion. It can be assumed that regardless of the amount used poly(dimethylsiloxane) (PDMS) based
admixture the capillary water absorption coefficient is approximately half of the reference sample
one. The lowest coefficient was obtained for addition of 3% of OTES based admixture, and it was
90% lower than the reference sample. The difference in capillary water absorption coefficient be-
tween 2% and 3% dosage of OTES based admixture seems to be irrelevant. Although the absolute
change of the coefficient is only 0.03, the relative change is 13%, which is significant. The test clearly
indicate that silane admixture provides better internal hydrophobization. The polycondensation of
triethoxyoctylsilane during cement hydration and presence of octyl groups ensure better protection
against water absorption of cement mortar. The MESI admixture did not provide internal
hydrophobization of the cement mortar and did not decrease capillary water absorption, on the contra-
ry it rose it up (in regard to reference sample). A higher dosage than 3% of the admixture based on
PDMS or OTES is not used due to the adverse effect of admixtures on the strength of the hardened
cement mortar, which is presented in section 3.3 Compressive strength.

Table 2 Capillary water absorption coefficient of cement mortar.

Silicon-based agent Amount of admixture Capillary water absorption coefficient,
Reference 0% 0.206
OTES 1% 0.042
2% 0.023
3% 0.020
PDMS 1% 0.115
2% 0.106
3% 0.098
MESI 1% 0.248
2% 0.259
3% 0.260

3.2  Wetting angle

The wetting angle test is a measure of the hydrophobicity and hydrophilicity of a material. The shape
of a drop of the measuring liquid placed on the tested surface and the value of the wetting angle indi-
cate the nature (hydrophilic or hydrophobic) of tested material. The results of wetting angle test are
shown in Table 3. Wetting angle of reference sample of cement paste is 14.59° for water (Fig. 4
(left)). It means that the surface of reference sample is easily wettable by water. The addition of any
water-repellent admixture caused increase in contact angle. A slight increase in the wetting angle is
observed with methylsiliconate based admixture. Much higher contact angles are provided by the
admixture based on poly(dimethylsiloxane) and the largest by triethoxyoctylsilane. It is noteworthy
that the wetting angle is almost the same for 3% of PDMS (Fig. 5 (left)) admixture and 3% of OTES
one (Fig. 4 (right)). The highest wetting angle was obtained for addition of 3% admixture based on
triethoxyoctylsilane (106.91°) (Fig. 4 (right)). Wetting angle test confirmed results obtained during
capillary water absorption test. The potassium methylsiliconate does not provide internal
hydrophobization of cementitious materials (Fig. 5 (right)) while poly(dimethylsiloxane) and
triethoxyoctylsilane led to visible effect of volume hydrophobization. Differences in obtained results
are due to organic, non-polar substituents attached to silicon atoms: octyl and methyl groups. Clearly
the longer octyl group provides better hydrophobic effects due to its lower polarity of the octyl
sidechain (greater ability to repel water molecules).

Table 3 ~ Wetting angle of cement paste for water.

Water repellent agent Amount of admixture Wetting angle for water
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Reference 0% 14.59°
1% 65.93°
OTES 2% 86.36°
3% 106.91°
1% 53.68°
PDMS 2% 43.64°
3% 64.04°
1% 26.75°
MESI 2% 20.00°
3% 21.13°
Fig. 4 Wetting angle of reference cement paste (left) and cement paste with 3% of OTES admix-

ture (right).

Fig. 5 Wetting angle of cement paste with 3% of PDMS admixture (left) and cement paste with
3% of MESI admixture (right).

3.3 Compressive strength

Results of compressive strength of cement mortar carried out after 28 days of curing are shown in
Table 4. Both, poly(dimethylsiloxane) and triethoxyoctylsilane based admixture caused significant
decrease in mechanical properties. In case of addition 3% of PDMS admixture the compressive
strength dropped by 51% to the reference sample. A strength decrease is a bit lower in case of OTES
admixture. The highest decrease in compressive strength is observed for 3% of OTES admixture and
it is 20%. It might be assumed that decrease in mechanical properties of cement mortar is caused by
prevented cement hydration by the presence of silane and siloxane compounds. The presence of
organosilicon compounds with organic, non-polar substituents in their structure, might hinder the
cement hydration or even partially inhibit it. This is particularly noticeable in the case of
poly(dimethylsiloxane) when the huge polymeric structure interacts with cement phases. In case of
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silane-based admixture the hinder effect of cement hydration is a bit smaller. It is probably also asso-
ciated with the chemical structure of silane itself. As it was mentioned before, triethoxyoctylsilane is
a monomer, which is a much smaller molecule than polymer such PDMS, thus the impact of silane on
cement hydration is slighter.

Table 4

4

Compressive strength of cement mortar after 28 days of curing.
Water repellent agent Amount of admixture Compressive strength, MPa
Reference 0% 45.25

1% 38.35
OTES 2% 38.19
3% 36.36
1% 25.84
PDMS 2% 23.53
3% 22.16
1% 49.94
MESI 2% 46.83
3% 42.96

Conclusions

In view of the presented results the following conclusions can be drawn:

Two of three of the used admixtures provide visible internal hydrophobization of cement mor-
tar by means of decrease in capillary water absorption and increase in contact angle.
Potassium methylsiliconate is not appropriate organosilicon compound to volume
hydrophobization. The effectiveness of MESI based admixture for internal treatment is not
pronounced.

The best hydrophobic effects are observed for triethoxyoctylsilane based admixture. The
highest contact angle (106.9°) and the lowest capillary water absorption coefficient

(0. m) was obtained for addition of 3% of the OTES admixture. Importantly, the

silane-based admixture does not decrease the compressive strength as much as PDMS one.
The results presented in this paper clearly indicate that the type of used organosilicon com-
pound and type of organic, alkyl group has significant impact on the process and effect of in-
ternal hydrophobization. The reactions of silane polycondensation which run parallel to ce-
ment hydration probably allow the silane to bond to cement phases which provide better in-
ternal hydrophobization effect. Also, the longer non-polar octyl groups definitely ensure im-
proved hydrophobic effect than short methyl groups.
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Abstract

The aim of this work is to assess the durability of stabilized and unstabilized compacted earth toward
water. To do so, three common laboratory testing methods were selected to evaluate their effectiveness
in delivering consistent information on the durability of the earthen product. They consist of the “wet
to dry strength test”, the “accelerated erosion test”and the “stability in static water test”. Results show
that the performance of samples depends on earth characteristics rather than cement composition. More-
over, the tested methods tend to overestimate the performance of stabilized products.

1 Introduction

Increasing water content in earth walls remain one of the main deterioration factors affecting the dura-
bility of earthen materials [1]-[3]. However, there is still no consensus on how this durability issue
should be assessed in the laboratory. The main problem is that no clear correlation has been made
between the laboratory tests and the real performance of the material [4], [5]. In this context, a recent
review of past literature discussing earthen material durability assessment was made in [6]. The inter-
ested reader is referred to the latter paper and references therein for more details about the subject. This
work focusses only on the durability assessment of compacted earth block (CEB) at the material scale.
To the best of our knowledge, existing testing laboratory methods designed to estimate the durability
of CEB toward water could be classified in three main categories.

The first one aims at assessing the resistance to water erosion like the so-called spray erosion test
and drip erosion test. The spray test mimics the effects of wind driven rain erosion by spraying water
on one surface of the block with a constant pressure for a certain amount of time. The durability of the
block is evaluated from the rate of erosion calculated from the maximum depth of erosion measured
with a 10mm flat ended rod. Different international standards propose this method of assessment like
the Australian earth building handbook (HB-195) [5], the Indian Standard (IS 1725) [7] and the New
Zealand Standards (NZS 4297) [8]. The main differences between these Standards concern the exposed
area of the sample, the spraying time, the spray application distance, and the water pressure. As for the
drip erosion test, it consists of evaluating the damage caused by submitting earth block inclined at 27°
from the horizontal to a continuous stream of water suspended at a fixed level above the sample’s upper
surface. The erosion resistance is evaluated based on the average pitting depth measured with a 3mm
probe. In the Australian earth building handbook (HB-195) there is two examples of this test, namely
the Geelong drip test and the Swinburne Accelerated Erosion test (SAET). They differ mainly in the
level from which the water fall, the way in which water droplets are generated and the dropping dura-
tion.

The second category of tests looks at the durability against an abnormal, and potentially cyclic,
excess supply of water. In the Australian earth building handbook (HB 195), this problem is assessed
though the wet-dry appraisal test. It consists in placing the specimen in 10mm of water for 30s and then
dry it at ambient temperature until no color changes, then repeating this cycle six times. After the final
cycle, the durability is evaluated based on the surface cracking patterns, the local swelling, the pitting,
the loss of soil layers, the penetration of water by more than 70% of specimen, the loss of fragments
greater than 50mm and the surface salt deposits. In the German Standard (DIN 18945) [9] this durability
issue is assessed through other methods like the contact test and the suction test. The first one aims to
reproduce the contact between an earth block and a 15mm thick mortar layer. It consists of putting a
wet cellulose cloth, containing an amount of water of 0.5g/cm?, onto the surface of earth block. The
specimen is then stored for 1 day in an ambiance at 100% of relative humidity before being exposed to
natural atmospheric conditions for 2 days. The durability assessment is made from the analysis of cracks
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and/or irreversible swelling deformations. The second one was designed to represent the impact of
capillary rises, and/or exterior timber frame walls during driving rains [10]. It consists of placing the
sample on a conventional fired brick with an absorbent cloth on its top. This assemblage is placed inside
a pan filled with water up to 1-5 mm below the upper edge of the fired brick. The durability assessment
is made through visual detection of cracks and permanent deformations after 30min, 3h and 24h. On
the other hand, the Bureau of Indian Standards (IS 1725 [7] and IS 3495248 [11]) propose a simpler
method which is the immersion test. In this latter, sample is fully immersed in room temperature water
over a definite period or until reaching a constant value. The performance of the sample is evaluated
based on the absorbed water content and the mass loss of the sample.

The last category concerns the assessment of risk of wetting collapse, which is commonly checked
through saturated uniaxial compressive strength. The most common method that belong to this category
is the saturatued to dry strength testing. According to the specifications of this test, a minimum saturated
and dry plus a minimum saturated to dry strength ratio are required to consider that the material is
sufficiently durable, and they vary from author to another.

In this study, one method of each category was selected to evaluate its effectiveness in delivering
consistent information on the durability of compacted earth. From the first category, the spray erosion
test was chosen because it was too easy for all stabilized materials to pass the drip test without any
noticeable damage or change. From the second category the immersion test was chosen for its simplic-
ity. And the wet to dry strength testing was chosen from the last category. Two different natural earths
suitable for construction coming from the “Auvergne Rhone-Alpes” region in southeastern France were
used for the experimental campaign. Both stabilized and unstabilized earthen material were studied.
Indeed, stabilizing earth with moderate dosages of hydraulic binders is one of the most employed meth-
ods to enhance strength and durability towards water [12]-[15]. When cement is chosen as a hydraulic
binder, cements with high clinker content are generally used, i.e., ordinary Portland cement (OPC). In
this study, different types of cement were selected for stabilizing the chosen earths. The main differ-
ences between the chosen cements are their clinker content and strength class. This choice was made
to optimize stabilization with regard to the relation between durability of stabilized compacted earth
and clinker content of cement employed for stabilization. It’s worth mentioning that this work is a
preparative stage to the development of a new laboratory testing method concerned by the assessment
of the durability of cement stabilized compacted earth blocks.

2 Tested materials

Compacted earth samples were made of two local earths coming from the "Auvergne Rhone-Alpes"
region in southeastern France, referenced as DAG and STA. The first one was collected from centenar-
ian rammed earth construction located at the city of “Dagneux”. The second one was extracted from
subsoil at the village of “Saint Antoine 1’ Abbaye”. The collected earths were crushed and sieved at
Smm to eliminate coarse grains. Their geotechnical properties are summarized in (Table 1). Four types
of cements were employed for stabilization and their main properties are presented in (Table 2). Stabi-
lized formulations were treated with 8% of cement by dry mass of earth. The manufacturing properties
(i.e., optimum water content OWC and maximum dry density MDD) of stabilized and unstabilized
formulations were determined in previous work [16] following the procedure detailed in [17] and they
are summarized in (Table 3). The tested samples were prepared by double compaction with an equiva-
lent compaction stress of 4MPa using a hydraulic presss. Directly after compaction, all samples were
cured for 7 days at 21°C/100%RH then dried in laboratory-controlled conditions at
21°C£2°C/50%RH+5%RH until reaching a constant mass.

Table 1  Earths properties

Properties DAG STA
Sand and fine gravel (5-0.06mm) | 27% 45%
Silt (60-2um) 55% 28%
Clay (<2um) 18% 27%
Methylene Blue value (VB) 1.8 1.5

Plastic Limit (Wp) 17.9 21.9
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Liquid Limit (WL) 31.2 40.3
Plasticity Index (Ip) 13.3 18.4

Table 2 Cements characteristics

Cement type CEM II/A- | CEM 1I/B- | CEM V/A (S-V) | MC 12.5
LL—-425R | LL=-32.5R | _ 45 5\
Designation CA CB CvV CM
o' | Clinker 86 77 58 57
g Limestone 13 22 - 42
% Siliceous fly ash - - 21 -
g Blast furnace slag - - 20 -
© | Minor additional constituents | 1 1 1 1
Average compressive strength of ce- | 54 40 54 20
ment pastes at 28 days [MPa]

Table3  Formulations properties

Fromulation Cement type OWC [%] MDD [g/cm?]
DUS - 14.0 1.85
DA CA
DB CB

14.7 1.77
DV CV
DM CM
SUS - 19.0 1.73
SA CA
SB CB

21.5 1.66
SV CV
SM CM

3 Testing procedures

3.1 Wet to dry strength testing

Uniaxial compressive strength was performed on cylindrical samples of 35mm in diameter and 70mm
in height by applying a continuous loading at a steady rate of 0.02mm/s up to failure. Compressive
strength of each sample was determined from its failure load and averaged cross-sectional area. Com-
pressive strength measured at 28 days on dried samples at 21°C/50%RH is termed as dry compressive
strength. In order to avoid disintegrating samples due to soaking samples in water, the wet compressive
strength was measured on wet samples conserved 28 days at 100%RH and 21°C £ 2°C. In these condi-
tions, the monitored mass of the samples was relatively constant and the water content of all samples
at the 28" day was equal to the optimum water content.

3.2  Accelerated Erosion Test (AET)

The method consists in submitting sample’s surface to a horizontal water spray at 50kPa for 60 minutes.
The area of application is of 70mm in diameter from a distance of 470mm. This test was applied on
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cylindrical samples having 40mm in thickness and 100mm in diameter. The depth of erosion is meas-
ured at the end of the test with 10mm flat ended rod. The performance of the sample is judged on the
basis of the erosion rate calculated as follow:

d
Erosion rate [mm/min] = T (1)

Where:
d [mm)] is the maximum eroded depth.
t [min] is the spraying duration.

3.3 Immersion test

The procedure consists in immerging samples under 10cm of water for 10 minutes in room temperature
at 23°C£2°C. The performance of samples is evaluated in function of the mass loss calculated as follow:

di ~

My -M
Mass loss [g/min] = fdf x 100 )

Where:

Mg; [kg] is the dry mass of the sample before immersion.
Myr [kg] is the dry mass of the sample after immersion.

t [min]: immersion duration.

4 Results
4.1 Wet/Dry strength ratio

Results of the dry and wet strength and wet to dry strength ratio of the tested formulations are presented
in Fig. 1. It shows that, for the same earth, there is hardly any difference in the dry compressive strength
of samples stabilized with CB, CV and CM. Another remarkable feature in these results is that cement
stabilization increased the wet resistance of the two earth with a better impact on DAG earth. For ex-
ample, CA increased the wet compressive strength of DAG by an average factor of 7 while this incre-
ment factor is about 2.5 in case of STA.

(a) DAG (b) STA
Fig. 1 Dry and wet compressive strength and wet/dry strength ratio of all formulations

The calculated wet to dry strength ratios lies between 0.4 and 0.7, except for DUS formulation, which
recorded an average ratio lower than 0.2 due to its negligible wet strength. In this context, a minimum
wet to dry strength ratio of 0.33 was recommended by Heathcote [18] as a performance indicator to
pass the AET. While CRAterre organization recommend a minimum ratio of 0.5 as reported in [18] and
[19]. Here let mention that these recommendations correspond to a wet strength measured on samples
soaked for 24-48 hours in water. Let recall that in this study, “wet strength” corresponds to the strength
measured on samples having a water content equal to their OWC. This condition was adopted because
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it was not possible for unstabilized samples to survive total immersion for 24 hours. It could be assumed
that the obtained wet to dry strength ratios are slightly higher than what they are supposed to be if wet
strength was measured on 24-hours-soaked samples. But anyhow, to pass this test there is other require-
ments like a minimum dry and wet strengths that should be greater than the maximum stress supported
by the material. However, since there’s no consensus on strength’s determination of compacted earth
blocks [20], [21], it will be unrealistic to propose unified criteria to pass this test. In this study, it’s
rather a tool to evaluate the effectiveness of cement stabilization rather than long term durability of the
product.

4.2 Resistance to spray erosion

Table 4 shows examples of the state of the samples’s surface subjected to the water spray erosion test.
Important improvement in the sample’s resistance after stabilization could be seen clearly. Average
erosion’s rates of the formulations are summarized in Table 5. Let mention that the erosion rate of SUS
formulation was determined at the time at which water penetrates the opposite face of the sample, since
it happened before the end of the test. The erosion rate of unstabilized formulations indicate that SUS
is prone to more erosion than DUS. Results show important decrease in the erosion rate with the 4 types
of the cements used without significant difference between them, exept for CA that seems to be more
effective than the remaining tested cements. Knowing that CA is the cement having the highest clincker
content and strength class between the stabilizers of the study. After all, all formulations passed this
test except SUS because in this latter erosion progressed at a rate higher than 1mm/min. It’s worth
mentioning that the conditions of this test are more severe than actual climatic conditions [22], [23] and
the performance of unstabilized materials against this test cannot be used as an indicator of their dura-
bility. Here the test was performed on unstabilized samples to put in context the effectiveness of cement
stabilization.

Table 4 Resistance to water erosion
Stabilized
Unstabilized CA CB CvV CM
O
<
a
<
F
wnn
t=0 t =60 min t=0 t = 60 min
Table 5 Rate of erosion
Formulation DAG STA
UsS 0.4 mm/min 1.6 mm/min
CA 0 mm/min 0.016 mm/min
CB 0 mm/min 0.05 mm/min
CV 0 mm/min 0.05 mm/min
CM 0 mm/min 0.08 mm/min

4.3 Resistance to water immersion

The average total mass losses of the tested samples are shown in Fig. 2. After stabilization with CA,
the mass loss of DAG and STA earths was reduced by 98% and 90% respectively. While a treatment
with CM, which is the cement of the lowest strength class and clincker content between the tested
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cements, have reduced the mass loss of DAG and STA by 82% and 52% respectively. It appears form
the obtained results that the higher is the strength class of the cement, the lower is the mass loss of
sample at the end of the test. Moreover, this assessment tool proves again that cement stabilization is
more effective with DAG than STA.

ODAG STA
us CA CB cv CM

J
.
T -

4

Mass loss [g/min]

o
n

Y m% rh% ]

Fig. 2 Results of the immersion test

5 Discussion

It appears that a coherent relation between results of different categories of durability tests cannot be
generalized since it may depend on the characteristics of the earth used. Lets begin with the unstabilized
formulations. DUS reported a wet to dry strength ratio two times lower than SUS but it shows at the
same time a much better resistance to AET and water immersion test. The same issue happened with
stabilized formulations made with STA earth. SM has a wet to dry strength ratio higher than SA but its
degradation against AET and immersion test was more important than it. The same issue could be said
about SV. Thus, results from one method cannot be used to predict those of another. Nonetheless, the
common point between the three assessment methods is that they tend to provide information about the
short-term effectiveness of cement stabilization rather than the durability of the product.

Another problematic issue is that tests like AET and immersion tests and other tests prescribed in
the introductive section could not considered as realistic tools to evaluate the durability of unstabilized
materials since those materials are not supposed to be subjected to severe environmental conditions.
Indeed, unstabilized materials should be protected from risks of water deterioration through a correct
design. Moreover, the unfair comparison between the performance of unstabilized and stabilized mate-
rials in the laboratory lead to conclude that stabilized products have exceptional resistance and can
withstand the normal operating conditions of the building without problem, which is not necessarily
true. The first key durability factor that should be the subject of interest in future assessment methods
is the way or the rate in which the stabilized material loses its characteristics. This issue cannot be
investigated in the absence of the cyclic effect of water action on the stabilized material, because in
such conditions the durability will be misestimated, usually overestimated. For instance, it’s not be-
cause samples resisted to harsh conditions like water sprayed at 50kPa during 60min that it will resist
to non-severe prolonged wind-driven rainfall. The latter situation could be more harmful for the same
amount of water because in this case water will have more time to penetrate the material and, thus, to
reduce its resistance [18].

The second factor that should be taken into account is the way in which the stabilized material is
humidified during the test. To explain this point let consider the wire brush test which is the only known
method that consists of wetting/drying cycles to evaluate the durability of earthen materials. It consists
of immersing sample 5 hours in water then drying it at 72°C for 42 hours. Thereafter sample’s surface
is brushed with a wire brush and the sequence is repeated 12 times [24], [25]. The performance of the
sample is connected to its total mass loss at the end. The duration of wetting and drying and maximum
mass loss to pass the test varies with normative documents and standards. Although the cyclic effect of
water, the test lack of correlation with realistic wetting/drying conditions and could be classified as a
stabilizer efficacy test. To that end, this work will be followed by devolopping a laboratory test that
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aims at simulating the effect of wind-driven rainfall that stabilized earth construction may undergo
during its lifetime.

6 Conclusion

This paper presented results of preliminary study on the durability assessment of unstabilized and sta-
bilized compacted earth blocks. 10 formulations were tested through three common laboratory methods.
The obtained results demonstrated that these methods give information on the stabilizer efficacy rather
then the material durability. Otherwise, the unfair comparison between stabilized and unstabilized for-
mulations underestimates the performance of unstabilized material that is not supposed to be exposed
to severe humidification’s conditions, and overestimates the performance of stabilized material, which
was initially treated with cement in the aim of extending its service life in humid environment. There-
fore, it’s essential to develop laboratory methods more convenient to evaluate the durability of stabi-
lized earth blocks. This issue will be the main subject of the following publication that belong to a
project aiming at optimizing cement stabilization for building construction applications.
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Abstract

The durability of concrete structures in winter has always been one of the most important
topics in civil engineering research, including the normative approach, obviously because
maintenance and repairing costs are not negligible. National standards authorities such as
AFNOR (F), DIN (D) or SNV(CH), as well as European and International Standards organi-
zations (CEN, ISO), have developed test methods in the form of normative documents to
assess the frost resistance of concrete. This is done by measuring several factors associat-
ed with the durability of concrete in cold weather such as: scaled masses, relative Young's
modulus, relative elongation, etc. The procedure in each test method consists in keeping the
concrete for a specific curing period to each test, then exposing the material to freeze-thaw
cycles inside a climate chamber by applying conventional thermal cycles with variable ampli-
tude influencing cooling and thawing rates, specific to each test method, which can reach up
to 10°C/h. Finally, the evaluation of the frost resistance of concrete is done by comparing the
measured factors with limit values that also vary from one standard operating procedure to
another. It is obvious that the experimental conditions imposed in each test are variable and
significant differences exist not only between the various test methods but also with the real
environmental conditions to which concrete is exposed, even in regions with a harsh winter
environment. Furthermore, we show that there is an important dispersion in the temperature
evolutions inside the climatic chamber at different positions during the test. Moreover, many
questions arise as to the representativeness of these tests and their correlations to real
exposure conditions. Therefore, the following campaign was proposed: temperature meas-
urements of concrete placed in winter environment were carried out at Mont Aigoual, a
French mountainous region located in an area classified as a "severe frost zone" (according
to the exposure classes of the NF EN 206-1 and Koppen-Geiger classification). This paper
is reporting the conditions of measurements and an analysis of the obtained results. We
show that the natural conditions are very far from the laboratory conditions in terms of full
amplitude, freezing rates and frequency of freezing-thawing cycles. Other observations of
the air mass temperature profiles in different countries with severe climates confirm our
Mont Aigoual study.

Keywords: concrete, freeze and thaw, damage, durability, performance tests.

1 Introduction

Freeze and thaw attack is among the most severe factors affecting the durability of concrete struc-
tures. Two main types of deterioration may appear in the concrete material: internal damage and
superficial scaling. Internal damage is the result of developed internal pressures induced by the phase
change of water and the corresponding volume expansion. Hydraulic[1], osmotic (in presence of de-
icing salts) [2] and cristallisation [3] pressures are the main causes of internal damage. It results a loss
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in strength and cohesion of the material as well as an increase in porosity and permeability to agres-
sive agents. As for scaling, only few theories and models exist to explain the mechanisms behind this
type of deterioration. “The glue-spalling” [4] is one of the most known scaling model so far. The
superficial deterioration is assumed to be related to the thermal mismatch between the ice layer and
the concerte surface. But, the effect of entrained air is not explained in this theory. However, despite
these tentatives, there is currently no satisfactory model able to predict the concrete behaviour with a
reliable confidence, especially to scaling

Many standarized methods exist to test the resistance of concrete to scaling. In Europe, they are de-
scribed in CEN/TS12390-9 with one reference methoCube test and CDF test). These methods consist
in exposing concrete specimens to a series of freeze and thaw cycles of 40°C amplitude (ranging from
+20/-20°C ) with cooling rates ranging from 2 to 10°C/h (Slab test and CDF Test respectively). How-
ever, as a matter of technical fact, the temperature cycles to which concrete specimens, placed at
different locations, inside a climatic chamber, are subjected are highly scattered during the same test.
Moreover, the correlation of the applied conventional thermal cycle to real exposure conditions can
be questioned. It appeared that the assessment of the representativeness of a durability test method on
freeze-thaw should start by the measurement of the concrete response to its natural environment with
regards to temperature. Therefore an experimental campaign was held in Mont Aigoual, a mountain-
ous region in France. This campaign is presented in the following parts. The thermal behaviour of
concrete exposed to real meteorological conditions is modelled, in order to understand the multiple
phenomena envolved in the exposure conditions, this was published in [5]. We show that many phe-
nomena are included in the overall thermal behaviour of exposed concrete such as solar radiation
during diurnal periods, and nocturnal radiation under certain meteorological conditions [6] that makes
the concrete surface colder than the surrounding air and induce the formation of white frost.

2 Laboratory freeze-thaw temperature cycles

As a standard procedure at GeM laboratory of Ecole Centrale de Nantes (France), we under-
took a calibration step of a brand new climatic chamber BINDER MKF 240. For this pur-
pose, 8 concrete specimens were cast from a unique batch of the same mix design and pre-
pared according to the slab test of the CEN/TS 12390-9 [7]. These specimens were placed at
different positions inside the climatic chamber with 8 thermocouples placed at the interface
[saline solution (3%) / concrete sample], according to the test procedure. The temperature
evolutions were monitored during several days. Figure 1 shows the evolution of the freeze-
thaw cycles for the 8 specimens. The main characteristics is that each individual curve fall in-
side the range of temperature authorized by the CEN//TS 12390-9, allowing to qualify the po-
sition, the thermocouple and the monitoring device. However, it is also interesting to note that
the full authorized range of temperature is swept by the 8 curves. In quantitative terms, this
means that for a given time during the freezing regime (e.g. 8h) two samples can show a tem-
perature difference up to 10°C. The minimum temperature reached varies between -18 and -
22°C, as for the maximum temperature, it reaches 10 °C for a specimen and 19°C for another
specimen during the same test. Therefore, the freezing and thawing rates are different as well,
depending on the position of the specimen in the climatic chamber. Moreover, considering the
freezing point due to latent heat of solidification of water, a detailed analysis of each curve
shows large variations in temperature and duration of the plateau. This is certainly a reason
behind the large scattering of the scaling results and has an effect on the reliability of this test.
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Figure 1: 6 Freeze/thaw cycles registered in the saline solution of 8 specimens during a scaling test
according to the slab test of the CEN/TS 12390-9

3 Mont Aigoual experimental campaign

The meteorological station of Mount Aigoual (44° 07 15°* N/ 3° 34 53”° E), located at the southern
boundary of the Cevennes mountain in the southern part of France is chosen for the experimental
program for several reasons. First, it is a full meteorological station dedicated to observations, meas-
urements and experiments. Second, it is an official Météo-France test centre ensuring certified meas-
urements data with a human presence of technicians who can do the maintenance of the concrete
blocks e.g. de-icing as well as sensors maintenance. Finally, this station is located in a severe freezing
environment area at 1,567 m of altitude, which was a pre- requisite for our experiments. The meteoro-
logical test centre is equipped with a test platform and different sensors types that allow the measure-
ments of the air mass tempearure (sheltered temperature), the visibility, the wind speed, the relative
humidity as well as the global solar radiation. Therefore, a full meteorological characterization is
possible.

31 Concrete samples installation

The two concrete blocks were cast in marine plywood formworks of dimensions: Length L = 60 cm,
height h= 46 cm and thickness ¢ = 17cm. Each block was equipped with thermocouples near the
surface, Figure 3. The blocks are configured according to the slab test of the CEN/TS 12390-9.

Fig. 2 Mont Aigoual meteo station.

3
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Measurements were done on large period during 2013 to 2015 at different months over these years. A
new experimental campaign is running for 2019-2020.

Fig. 3 Concrete blocks in Mont Aigoual field (left). Concrete blocks covered with snow (right).

4 Temperature evolutions in Mont Aigoual and countries with severe climates

A section of the measurements is presented in Figure 3 that corresponds to a period from 7" to 16" of
March 2013. As we can see, temperature cycles ranging between +20°C/-20°0C never occured dur-
ing this period. An important difference can be recognized between real cycles that concrete under-
goes in field exposure and temperature cycles applied in normative test methods that correspond to
freeze-thaw cycles ranging from +20°C to -20°C. Another section of the Mont Aigoual meteorologi-
cal study during the winter period 2019-2020 is presented in Figure 4. The same observation was also
found regarding the real thermal amplitude of freeze and thaw cycles.

Fig. 3  Time series concrete surface temperature, air mass (sheltered) temperature (Y axis) and
global radiance (Y~ axis) with reference to CEN/TS 12390-9 thermal cycle (left) from 7th to 16th of
March 2013.
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Fig. 4 Time series concrete surface temperature, air mass (sheltered) temperature (Y axis) and global
radiance (Y~ axis) with reference to CEN/TS 12390-9 thermal cycle (left) from 1st to 29th of Febru-
ary 2020.

From Mont Aigoual study, we noticed that the minimum values of the air mass temperature (which
is known as sheltered temperature) corresponds most of the time to concrete surface minimum tem-
perature . However, there is a difference in maximul values of sheltered and concrete surface tem-
perature because of the effect of solar radiation during diurnal periods. This solar radiation will
make the concrete surface hotter than the air mass temperature (measured with a thermocouple in a
double sheltered cabinet, protected from solar radiation, wind and relative humidity effects). The
difference in maximum temperature values is less than 10°C.

Based on this observation, a study of the air mass temperature evolutions of different countries with
severe climates is done, using data available on national meteorological sites. Figures 5 and 6 show
the thermal evolutions in Winnipeg (Canada) and Ulaan Baator (Mongolia) for the month of March
2020. The studies of the thermal conditions of these regions and more show that first, the freeze and
thaw cycles appear in the beginning and the end of the winter period. In the middle of the winter, the
temperature does not go above than zero degrees Celsius. Frost cycles only occur during the winter
and temperature can reach rarely -30°C. Second of all, the full amplitude designated by FA in Fig-
ures 5 and 6 does not exceed 20°C even in the middle of the winter. A full amplitude of 10 to 15°C
is frequently met during winter and is expressed in terms of freeze/thaw cycles in the beginning and
the end of the winter season, and freezing cycles only during the winter.

Fig. 5 Time series air mass temperature with reference to CEN/TS 12390-9 thermal cycle in
Winnipeg in Canada from 1st to 31% of March 2020.
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Fig. 6 Time series air mass temperature with reference to CEN/TS 12390-9 thermal cycle in
Ulaan Baator in Mongolia from 1st to 31% of March 2020.

This study of the thermal conditions of countries with reputed severe climates show confirms
again that the full amplitude of 40°C never occurs during winter. An amplitude of 15°C is more
frequent. In terms of freeze and thaw cycles, this amplitude can be expressed in terms of a +5/-
15°C with more moderate cooling and thawing rates.

5 Conclusion

Temperatures are widely dispersed in the climatic chamber by imposing the current normative freeze-
thaw cycle of +20/-20°C. This dipersion highly affects the reliability of the test method. Moreover,
our studies of concrete surface temperature and air mass temperature profiles in Mont Aigoual in
France and other countries with severe climates show that:

= The thermal profile measured on concrete block under real exposure conditions is strongly
asymmetric and not correlated to the normative freeze/thaw cycle.

= The full amplitude of the thermal cycle has never been found equal to [+20/-20°C] but rather
[+5/-15°C] range which seem to be also representative of Nordic countries. The correspond-
ing freezing rates are ranging between 0.6 to 1.5°C/h which is close to the German Cube test.

Therefore, many questions arise as to the representativeness of these tests and their correlations to
real exposure conditions.

Experimental scaling test are actually running with the thermal freeze/thaw cycle of +5/-15°C on

different concrete formulations. The first results are promising and show that the temperature dis-
persion inside the climatic chamber is reduced. The assessment of the repetability and reproducti-
blity of the test using the proposed freeze/ thaw cycle is undergoing. This will be the subject of a

forthcoming paper.
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Abstract

Usually, for oil field applications, when a light-weight cement slurry is needed, a density reduction is
obtained by increasing the water to cement ratio (w/c), which also implies a compressive strength re-
duction. To avoid the compressive strength decrease, hollow glass microspheres (HGMS) have been
widely used in this industry. Many researchers have been done focusing mainly on the mechanical
properties of cement slurries with HGMS. In this study an analysis of the chemical interaction between
HGMS and cement slurries is presented and, since HGMS are mainly composed of amorphous SiOz,
its pozzolanic activity is assessed.

1 Introduction

Cement slurries in fresh conditions are pumped through the extraction well to their final location, oc-
cupying the annular space comprehended between the rock mass and the casing. During this procedure,
a hydrostatic type pressure is generated over the rock mass which can overcome its fracture gradient.
This is defined as the required pressure to generate fractures in a rock mass at a given depth. This
pressure is controlled by adjusting the cement slurry’s density. Given the mechanical limitations of
traditional lightweight cement slurries with high (w/c), the exceptionally low density of HGMS make
them appropriate for their use in cement slurries designed for extraction wells with low fracture gradient
[1]. These HGMS are characterized by their high crushing strength, low density and SiO2 composition
[2]..

In the research developed by Martin et al. [3] many results obtained by various authors of the use
of HGMS in oil well cement slurries were presented. The use of HGMS signified a reduction between
200 kg/m? and 700 kg/m? on cement slurries’ densities.

As presented in Figure 1, a relation between cement slurries’ uniaxial compressive strength (UCS)
and their density is verified. Slurries’ density is related to HGMS density and to the amount of cement
replacement by HGMS. Despite the lower crushing strength of lower density HGMS (Figure 2), the use
of lower density HGMS implies a reduction on the amount of cement replacement and, therefore, an
increase in slurry’s UCS (Figure 3). Besides, it is also noteworthy that there is no clear relation between
HGMS’s crushing strength and slurries” UCS as shown in Figure 4.
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Some authors have studied or mentioned the pozzolanic activity of HGMS or materials similar in
composition, size and shape [4], [5]. They concluded that those materials present some pozzolanic ac-
tivity. Pozzolanic materials are characterized by their interaction with cement hydration products, par-
ticularly calcium hydroxide (CH), whereupon they generate calcium silicate hydrates (CSH), which is
known for improving the mechanical properties and the durability of cement pastes.

In this work the chemical interaction between HGMS and cement in oil well cement slurries is
studied, especially considering the possible pozzolanic reaction of HGMS since it is mainly composed
of amorphous SiO2. To assess and quantify it, chemical and physical properties are evaluated through
the modified Chapelle test, the determination of the strength activity index (SAI) and scanning electron
microscopy (SEM) images, including elemental mapping through energy-dispersive spectroscopy
(EDS).

2 Materials and experimental methods

In order to design cement slurries suitable for cementing oilwells through low fracture formations,
class G Portland Cement and HGMS as 10% by weight of cement (bwoc) cement replacement were
used. The dosage of three slurries were prepared in accordance with API Standard 10A [6]. Class G
cement is made up of the same compounds as ordinary cements (mainly CsS, Cz2S, C3A and C4AF).
However, the proportions of these vary to obtain a cement suitable for oilwell cementing purpose, with
specified thickening time (related to the ability to be pumped) and compressive strength to 8 hours in
different determined curing conditions. The used HGMS are small borosilicate glass spheres [3], whose
size are 30 and 40 micrometers for HGMS27 and HGMS41 respectively. They are characterized by
their chemical and thermal stability, their high crushing resistance and their low density (0.28 and 0.46
gr/cm® for HGMS27 and HGMS41 respectively). The water/binder ratio (w/b) used was 0.44. In the
case of the slurries with w/b of 0.44 and the addition of HGMS, a super plasticizer was used to facilitate
mixing as indicated in Table 1. The slurries were poured into molds and kept at 20°C and atmospheric
pressure for 7, 28 and 100 days.

Table 1 Cement slurries mixture proportions and classifications.

Cement HGMS27 HGMS41 Water Superplasticizer
[kg/m*] [keg/m*] [kg/m’] [kg/m*] [kg/m*]

CS00 | 1320.2 - - 580.9 -

CS27 | 829.0 92.1 - 405.3 2.8

CS41 | 952.5 - 105.8 465.6 2.1

Quantification of the CH consumption developed by both classes of HGMS was determined through
the modified Chapelle test. This test was performed following the specifications of NF P18 - 513 [7],
The HGMS were exposed to a 2 g CaO - 250 ml water solution for 16 hours at 90°C. Given the
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conditions within this test, it could be interpretated that through this test the maximum pozzolanic ac-
tivity of the addition being evaluated is measured. Direct quantification of the CH consumption by
HGMS is obtained from Equation (1). The modified Chapelle test results correspond to the average
obtained from two samples of each HGMS, HGMS27 and HGMS41.

-V,
CH =2~ =2+ 1000 (1)

Where, CH: mg of CH consumed per gram of HGMS, Vi: volume of HCI (0.1 N) required to titrate
25.0 + 2 ml of the filtrate solution of the blanc experiment, and V2: the volume of HCI1 (0.1 N) require
to titrate 25.0 + 2 ml of the filtrate solution of the HGMS experiment.

The SAI is measured following the specifications of ASTM C311 [8]. This index is obtained by
measuring UCS of the cement mortars with specific dosages at 7 and 28 days of curing time. This
standard was adapted for well cement slurries, using the proportions mentioned in Table 2. The results
reported correspond to the average of six samples for each slurry at both curing times. The UCS was
done in an INSTRON 5900 series universal machine provided with a spherical head at a 0.7 mm/min
rate. Equation (2) specifies the method to obtain the SAI through the UCS results at both curing times.

RCq
SAI [%] = Ren 100 )

Where RC.,i is the UCS [MPa] of cement slurry with 10% bwoc of HGMS at curing time i (7 or 28
days) and RCy,i is the UCS [MPa] of plain class G cement slurry at curing time i (7 or 28 days).

Finally, a FEI QUANTA 250 FEG microscope at 30 kV was used to obtain the SEM images and
the EDS elemental mapping. The samples were covered with a thin layer of gold coating. These images
were acquired for cement slurries CS27 and CS41 at 28 and 100 days of curing time. In addition, EDS
elemental mapping images were obtained to qualitatively measure the presence of Ca and Si near
HGMS.

3 Results and discussion

The chemical interaction of HGMS with oilwell cement slurries was characterized by analyzing their
pozzolanic activity through CH consumption and comparing with reference tests. Through the modified
Chapelle test, CH consumptions per gram of addition of 1365 CHmg/g and 1107 CHmg/g were ob-
tained for HGMS 27 and HGMS 41, respectively. Both HGMS showed a CH consumption higher than
the standard limit of 700 CHmg/g to consider an addition as pozzolan [7].

Through this test, several authors studied the degree of pozzolanic activity of various sorts of tra-
ditional supplementary cementitious materials (SCMs). The silica fume studied by Vejmelkova et al.
[9] yielded 1600 CHmg/g; the numerous commercial metakaolins tested by Ferraz et al. [10] showed a
consumption between 900 and 1600 CHmg/g; and Ali et al. [11] found that fly ashes achieved an aver-
age consumption of 450 CHmg/g consumption.

In addition, in the research developed by Ferraz et al. [10], a relationship between the results ob-
tained through the modified Chapelle test and the mean particle size was proposed. For a given SCM,
the greater the mean particle size, the lower the consumption of CHmg/g obtained. This proposed ten-
dency is verified throughout all the SCM studied in the previous research works.

From comparing HGMS27 and HGMS41 with reference results it is shown that both classes of
HGMS present a pozzolanic activity comparable to that of the commercial metakaolins tested in the
research of Ferraz et al. [10]. Additionally, the relationship between the mean particle size (D50) and
CHmg/g consumption is also verified for these HGMS. HGMS41’s D50 is greater than that of HGMS27
and the CH consumption of HGMS27 is greater than that of HGMS41.

It is worth mentioning that, though both classes of HGMS present a similar CH consumption to that
of commercial metakaolins, their D50 is considerably larger. This behavior could be attributed to the
higher reactivity of HGMS or to their higher specific surface given their low density.
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The SAI was measured in agreement with ASTM C-311 [8] and the results obtained at 7 and 28
days of curing time are presented in Table 2. A considerable increment in the UCS for samples with 28
days of curing time is expected in samples with pozzolanic additions [12], [13].

Table 2 UCS and SAI results obtained for the studied slurries.

UCS [MPa] SAI [%]

7 days 28 days 7 days 28 days
CS00 | 31.0 44.6 - -
CS27 | 275 30.2 88.8 67.7
CS41 | 295 39.0 95.2 87.5

In ASTM C-618 standard [14], SAI lower limit of 75% is stablished considering a cement replace-
ment by the addition being evaluated of 20% bwoc in a mortar with a w/c of 0.5. Given the inadequate
workability obtained in cement slurries with that cement replacement with HGMS, a 10% bwoc re-
placement was chosen. Besides, following the American Petroleum Institute [15], the w/b adopted was
0.44. Despite these differences, the SAI lower limit of 75% could be considered as a reference value to
study the pozzolanic activity of HGMS. Both slurries presented at 7 days of curing time a SAI higher
than 80%, while at 28 days of curing time this index is higher than the limit of 75% only for CS41
slurry.

The influence of hollow additions on cement slurry UCS is not only determined by their pozzolanic
activity. Instead, in accordance to Brooks et al. [16] the results obtained through this test are affected
by physical and mechanical properties of the addition such as its mean particle size and it’s crushing
strength (which is related to its shell thickness). Larger particle size and lower crushing strength yield
lower UCS of the slurry. Thus, evaluating the pozzolanic activity of this kind of addition solely through
mechanical tests should be avoided.

Also, it is important to notice that the higher the amount of HGMS added to the slurries the higher
the unconnected porosity. This could be why the lower strengths obtained of SAI for CS27 than those
of CS41. Given the lower density of HGMS27 than HGMS41, 10% bwoc cement replacement of
HGMS27 represents a greater unconnected porosity than HGMS41.

Finally, in Figures 5 and 6 the SEM images obtained for CS27 and CS41 at 28 and 100 days of
curing time are presented. Given the magnification used to obtain these SEM images allows studying
the interfacial transition zone (ITZ). In accordance with Ismail et al. [13], it is worth studying the quality
of the ITZ to understand the mechanical behavior of the paste.

At 28 days the contact between HGMS27 and the cement paste is not continuous on CS27, while
CS41 presents a full contact between HGMS41 and cement paste. Though hydration products cannot
be completely defined with these SEM magnifications, it is clear that the cement paste surrounding the
HGMS is dense in both cases.

Through the SEM images obtained at 100 days of curing time, though the already mentioned mi-
crocracks on CS27 at 28 days of curing time are still present, a more significant interaction between
HGMS and cement is appreciated. Because of their pozzolanic activity, some HGMS appear to have
been partially consumed by cement hydration products.
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Fig. 5 SEM images of cement slurries CS27 (left) and CS41 (right) at 28 days of curing time.

Fig. 6 SEM images and Ca (pink) and Si (light blue) elemental mapping of cement slurries CS27
(left) and CS41 (right) at 100 days of curing time.

By deeply analizing Figure 6, it is possible to distinguish that, on the broken HGMS, the transitions
between HGMS and cement paste seem smooth, which could be an indicator of the pozzolanic activity
advancement. As suggested by Aslani and Wang [17], this assumption is confirmed by the presence of
Ca (pink) on the shell of those broken HGMS shown on the elemental mapping. The Si elemental
mapping (light blue) of CS27 does not present a significant concentration of this element as it occurs
over unreacted HGMS41 in CS41. This indicates that, as suggested in the modified Chapelle test sec-
tion, HGMS27 (corresponding to cement slurry CS27) seem to have a more significant interaction with
CH than HGMS41 (corresponding to cement slurry CS41).

4 Conclusions

In this research, the chemical interaction of two classes of HGMS was assessed by studying the poz-
zolanic activity through two reference tests and then confirmed via SEM and elemental mapping im-
ages. HGMS’s pozzolanic activity was initially confirmed and quantified through the modified
Chapelle test, indicating that both HGMS present CH consumptions higher than the standard limit.
Furthermore, the values obtained are comparable to that of commercial metakaolin, even though HGMS
present a higher D50. Regarding the SAI, the shell properties of these hollow additions and the uncon-
nected porosity that they generate are more important than their pozzolanic activity. Thus, this test
proved to be inappropriate for quantifying the pozzolanic activity of this type of addition. SEM images
at 28 days of curing time showed the compatibility between HGMS and cement’s hydration products.
Moreover, SEM images and elemental mapping obtained at 100 days of curing time confirmed the
results presented through the modified Chapelle test.
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Abstract

Corrosion due to insufficient grout filling can result in a sudden fracture of PC steel tendons. When a
vertically tightened PC tendon in PC girders ruptured, they protrude from the anchorage section and
damage the asphalt pavement, which is likely to cause a severe accident. In this research, different kind
of asphalt pavements at 40°C were used as a countermeasure to prevent protrusion of vertically tight-
ened PC bar tendon with different impact energy. Numerical simulations were carried out using Applied
Element Method (AEM). Many influential parameters such as, bending properties of asphalt pavement
at different temperature, strain rate and material properties, were numerically investigated. The results
of the study showed that 80mm asphalt pavement system at 40°C with appropriate material and thick-
ness could prevent 1,959J and 2,939J impact energy of the PC bar.

1 Introduction

Most problems associated with bonded post-tensioned construction occur as a result of inadequate grout
injection or poor-quality grout [1]-[3]. Corrosion-related deterioration of poorly grouted and inade-
quately protected tendons in structures has also been well documented [4]—[7]. When a vertically tight-
ened PC bar tendon is ruptured, all the strain energy in the PC bar is suddenly released, which can
damage cover concrete and asphalt pavement [8]-[9]. The brittle fracture of prestressing tendon some-
times results in the protrusion of a torn portion from the bridge, causing a serious public safety hazard
due to ejecting bars and falling concrete because such fractures can occur with no warning in advance
[10]-[12]. Protection measures against eruption of PC bar tendon are necessary, so that damage to third
party is avoided [13]. The objective of the present study is to numerically investigate the effects of
asphalt pavement system at 40°C on preventing the protrusion of PC bars and concrete spalling.

Fig. 1 Rupture and protrusion of PC bar tendon [9], [10], [14]

2 Experimental program

21 Specimen details

The details of the specimen with 80mm thick asphalt pavement simulating the top of a bridge girder is
shown in Fig. 2. Two layered asphalt pavement was provided in this specimen. The concrete part con-
sisted of two independent parts that were connected using two additional side PC bars. A coupler was
used to connect the main PC bar tendons due to the restrictions caused by the conditions for constructing
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the pavement. PC bar rupture length was 4.5m. The diameter of the PC bar tendon was ¢32mm and that
for the sheath was ¢45mm. The sheath was not grouted. Cover concrete was Omm simulating the worst
condition in reality. The asphalt pavement countermeasure had a total thickness of 80mm with 2m x
2m area. The base layer among the two layers had a thickness of 50mm, and the cover layer had a
thickness of 30mm.
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Fig. 2 Specimen details

2.2  Materials

The concrete had a compressive strength of 40MPa, 80mm slump and 4.5% air volume. The PC bar
tendon was standard steel bar: SBPR930/1180 (class B2 in JIS, tensile strength > 1180MPa). The ap-
plied prestress force, after the prestress loss due to relaxation, creep and shrinkage, was 591 kN (0.6Pu).
Strain energy of the PC bar was 4,408J. The two asphalt pavement layers (cover layer and base layer)
had different material properties. Bending test for asphalt materials was conducted in this study. Non-
shrinking mortar was used in the anchor zone, whose compressive strength was 60MPa.

3 The Applied Element Method (AEM)

Applied Element Method is based on division of the structural members into virtual elements connected
through springs. Each spring entirely represents the stresses, strains, deformations, and failure of a cer-
tain portion of the structure. AEM allows to perform static and dynamic analysis [15]-[17]. In this
study, a non-linear structural analysis software ‘Extreme Loading for Structure (ELS)" based on Ap-
plied Element Method (AEM) was used as a nonlinear structural analysis tool to study the rupture and
protrusion of PC steel bar [18].

4 Asphalt pavement bending test at different temperature

AEM numerical simulation was carried out for the base layer asphalt material and the cover layer as-
phalt material to calibrate tensile stress-strain relationships for the two asphalt materials. The asphalt
specimens had a dimension of 300mm x 100mm x 50mm (Fig. 3(a)). In this study, the constitutive
model of the asphalt pavement until ultimate strength was implemented through a bilinear material in
AEM simulation. Fig. 3(b) and Fig. 3(c) show the tensile stress-tensile strain relationships for the cover
layer asphalt pavement and for the base layer asphalt pavement used in this research at a temperature
of 0°C, 20°C and 40°C. In AEM simulation, the asphalt pavement was modeled with elements of Smm
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x Smm x Smm size. The experiment was carried out at a temperature of 0°C, 20°C and 40°C. In this
study, the effect of temperature on the asphalt pavement was investigated whether the pavement can
prevent the protrusion of PC bar during summer hot season.

AEM numerical simulation Experiment
(a)

Cover layer asphalt pavement Base layer asphalt pavement
< 1.80 —~ 8.00
S 150 0°C £
N : O, 2 .
2 120 ——20°C < 600
5 090 s 5 4.00
2 0.60 2
Z 030 2 2.00
5 0.00 5 0.00

8288522535887 T gggggzgo-oxw

Tensile strain Tensile strain
(b) (c)

Fig.3 Asphalt pavement bending test and modeling in AEM

The relationships between load-displacement are shown in Fig. 4. In AEM simulation for the cover
layer asphalt pavement at 0°C, the observed maximum load was 3,389N at a displacement of 2.59mm.
However, the observed maximum load at 20°C was 1,059N at a displacement of 6.95mm, and it was
505N at 40°C at a displacement of 7.00mm. As shown in Fig. 4(a), the bending strength of the cover
layer decreased with the increase of temperature, despite the ductility enhancement. In the cover layer
at 20°C, the first crack on the bottom surface of the specimen at the mid span was observed at a load of
697N and at a displacement of 11.40mm. After that, the crack gradually propagated upward until the
complete collapse of the specimen. Similarely at 0°C and 40°C, a crack originated on the bottom surface

of the specimen at the mid span gradually propagated upward until the complete collapse of the speci-
men.

On the other hand, in the base layer asphalt pavement, the observed maximum load was 10,973N
at a displacement of 2.05mm and 11,138N at a displacement of 2.50mm at 0°C and 20°C respectivelly
(Fig. 4(b)). At 0°C and 20°C, the first crack was observed at maximum load on the bottom surface at
the mid span of the specimen. After that, the load suddenly dropped to zero without showing additional
deformation. They showed brittle failure. At 40°C, the observed maximum load was 3,992N at a dis-
placement of 3.98mm. At 40°C, a crack originated from the bottom surface of the specimen at the mid
span gradually propagated upward until the complete collapse of the specimen. High temperature of 40
°C significantly decreased the load capacity of the base layer, however increased the ductility as shown
in Fig. 4(Db).
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Fig. 4 Relationship between load-displacement for cover layer asphalt and base layer asphalt
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The interface material which binds the concrete slab and the base layer asphalt pavement is also
dependent on temperature. A pull-off test was carried out on the pavement at different temperature to
investigate the bond performance of the interface material. As shown in Fig. 5, the bond performance
was decreased with the increase of temperature.

S Asphalt pavement pull-off

g

) L.

g

z 0.5

e

0.0
-20 0 20 40 60
Temperature (°C)

Fig. 5 Temperature effect on the bond between the concrete slab and the base layer
5 AEM numerical simulation with asphalt pavement at 20C

AEM numerical simulation was made for the experiment explained in section 2. Reference [19] shows
the details of the modeling about AEM numerical simulation with asphalt pavement at 20°C. It was
found in this study that, the asphalt pavement system at a temperature of 20°C was effective in prevent-
ing PC bar protrusion of 4,408J (4.5m PC bar rupture length) impact energy of the PC bar. The maxi-
mum PC bar protrusion was 46 mm. The numerical simulation was verified based on the experimental
result. The AEM numerical simulation showed good agreement with the experimental result as shown
in Fig 6.
Crack on the cover
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The area inside non-shrinking mortar
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Fig. 6 AEM numerical simulation with asphalt pavement at 20°C (4,408]) impact energy)

6 AEM numerical simulation with asphalt pavement at 40°C

AEM numerical simulation was made for the experiment explained in section 2. Reference [20] shows
the details of the modeling about the PC bar tendon, the bearing plate, the nut and the sheath. The
interface material between (sheath and bearing plate) and PC bar was modelled as a “bearing material”
which could carry only compressive force. On the other hand, the interface material between (PC bar,
nut and bearing plate) and non-shrink mortar was modelled as mortar (60MPa compressive strength).
The interface material between concrete block and base layer asphalt pavement was modeled as a bi-
linear material (0.97MPa yield stress).

Temperature and strain rate of asphalt pavement have significant effect on failure mode, mechanical
characteristic and stress-strain curve [21], [22]. When the PC bar protruded, the asphalt pavement was
fractured under a high loading rate. It was necessary to consider the effect of strain rate in the numerical
simulation [19]. For the asphalt pavement under high loading rate, the yield stress and the elastic mod-
ulus was increased by the respective Dynamic Increase Factors (DIF), the ratio of the dynamic strength
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to quasi static strength. The DIF was considered for the base layer and for the cover layer inside the red
region of 1600mm x1600mm as shown in Fig. 8. Material properties of the cover layer and the base
layer after considering strain rate effect are shown in Fig. 7. Reference [22] shows the details of the
DIF.

Cover layer asphalt pavement (40°C) Base layer asphalt pavement (40°C)
09 45
g <
S 06 Quasi-static loading % 3.0 Quasi-static loading
2 High strain rate (245 strain/s) @ igh strain rate (85 strain/s)
£ 03 g 15
n 7]
0.0 o en 0 o 0 I 0.0
= - Q < b =~ = = 2 I &
S S S S S = S S S = =
Strain Strain
Dynamic Increase Factor (DIF) = 3.28 Dynamic Increase Factor (DIF) =2.3
Fig. 7 Strain rate effect on the cover layer asphalt pavement and the base layer asphalt pavement

In the simulation, three stages of loading were applied. The first one was static to account for pre-
stressing stage, while the second and the third ones were dynamic to simulate the rupture of the PC bar
and its impact to concrete and asphalt pavement. The 1% dynamic stage had a duration of 0.7 second
with a time interval of 5x10° second and the 2" dynamic stage had a duration of 0.4 second with a time
interval of 10~ second. In the dynamic stages, the rupture of the PC bar was simulated by sudden re-
moving one element of the PC bar at the cut point.

(a) (b) (c)
Fig. 8 Modeling for AEM numerical simulation

7 Result and discussion

Immediately after the rupture of the PC bar tendon, stress in the non-shrinking mortar and in the base
layer asphalt pavement was generated from the head of the nut and also from the head of the PC bar
respectively and propagated diagonally (Fig. 9). This stress distribution resulted in cone shaped crack
in the mortar and in the asphalt pavement. Asphalt pavement destruction and spalling was observed
near the center of the PC bar (Fig. 9(a)). As the PC bar tendon pushed the mortar forward, both the base
layer and the cover layer asphalt pavement deformed together. At the same time, separation was ob-
served at the interface between the concrete slab and the base layer as shown in Fig. 10(b). Asphalt
pavement crack was observed around the corner of the concrete specimen and resulted the whole pave-
ment system to fall down as shown in Fig. 10(a).

Interface separation be-  ————— € Cover layer Reinforcing
ut Nut
tween base layer & cover Beari lat
) earing plate — \
Bearing plate ——j, Asphalt Stress distri-
PC bar — A pavement ution in the
failure and PC bar/ /b asphalt
Non-shrink mortar — > spalling Val pavemnt
Non-shrink
RC concrete —— mortar ) )
B\e [llustration of failure
ase layer
(a) Y (b)

Fig. 9 Failure mechanism after rupture of the PC bar
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The displacement of the PC bar in the numerical simulation was observed in Fig. 10(c). Between
0.001 and 0.0025 second, the average speed of the PC bar was 13.14m/sec and the average momentum
was 372.8kg-m/sec towards the asphalt pavement. During the next time interval of 0.0026 — 0.0075
second, the average speed of the PC bar reduced to 5.30 m/sec as most of the strain energy of the PC
bar was dissipated by damaging the asphalt pavement. The maximum PC bar protrusion was 125 mm
at 0.052 second. After that, the PC bar stopped moving.

PC bar protrusion

Asphalt pavement
140

failure and spalling
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BN The area inside Z105
yellow line S E 70
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P8 concrete block and % SS99ITL8SX
Crack on the asphalt (at 0.08s¢c) asphalt pavement ~ SSocscsssass
pavement PC bar ruptured at 4.5m Time (Second)
(a) (b) ©

Fig. 10 Asphalt pavement failure, interface separation and PC bar protrusion (4,408J impact energy)

From this investigation, it was revealed that the asphalt pavement system at a temperature of 40°C
was not effective in preventing PC bar protrusion and asphalt pavement spalling. The effectiveness of
the asphalt pavement system depends on energy of ruptured PC bars. In this study, the PC bar tendon
used had 5.0m in length and the PC bar rupture length was 4.5m measured from the PC bar head. Strain
energy of the PC bar was 4,408J. However, according to our investigation in 2018, there were 19,657
vertical PC bars in Metropolitan Expressway (MEX) in Japan, and about 93% of the vertical PC bars
had a length shorter than 3m. A similar AEM numerical simulation was carried out by reducing the PC
bar impact energy from 4,408J (4.5m PC bar rupture length) to 1,959J (2.0m PC bar rupture length)
and 2,939]J (3.0m PC bar rupture length).

When the PC bar ruptur length was 2m, all the 1,9591] strain energy of the PC bar was dissipated by
the asphalt pavement deformation, interface bond delamination between the concrete slab and the base
layer and cracks in the non-shrinking mortar as shown in Fig. 11. The interface bond delamination
between the concrete slab and the base layer was around 55% of the total area of the concrete slab
(4m?). One surface element layer (15mm thickness) of the cover layer asphalt pavement near the PC
bar was spalled off due to the shock force from the PC bar. No crack was observed in the asphalt
pavement. The maximum PC bar protrusion was 13mm at 0.004 second as shown in Fig. 11(d). After
that, the PC bar stopped moving.
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p interface g 20 3m rupture length
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(a) (b) (c) (d)

Fig. 11 AEM simulation with 2m PC bar rupture length (1,959 impact energy)

When the PC bar ruptur length was 3m, all the 2,9391] strain energy of the PC bar was dissipated by
the asphalt pavement deformation, asphalt pavement cracks, interface bond delamination between the
concrete slab and the base layer and cracks in the non-shrinking mortar as shown in Fig. 12. The inter-
face bond delamination between the concrete slab and the base layer was around 93% of the the total
area (4m?). The surface element layer (15mm thickness) of the cover layer asphalt pavement near the
PC bar was spalled off due to the shock force from the PC bar. No crack was observed in the spahlat
pavement around the PC bar. The asphalt pavement system did not fall down, though there was a crack
at two corners (Fig. 12(a)). The maximum PC bar protrusion was 39mm at 0.03 second as shown in
Fig. 11(d)). After that, the PC bar moved into the reversed direction. Finally, the PC bar stopped moving
at a protrusion of 27mm after 0.062 second.
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Fig. 12 AEM simulation with 3m PC bar rupture length (2,939J impact energy)

The same kind of numerical simulation was carried out without considering asphalt pavement
countermeasure with 4,408J impact energy (4.5m PC bar rupture length) of the PC bar to understand
the effects of the asphalt pavement countermeasure in preventing PC bar protrusion. The numerical
simulation result indicated that the maximum PC bar protrusion was 2,780mm (Fig. 13).
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Fig. 13 Numerical simulation without asphalt pavement countermeasure

The effectiveness of the asphalt pavement system depends on so many factors, such as temperature,
impact energy of ruptured PC bar, material properties of asphalt pavements including strain rate, inter-
face material property between the concrete slab and the base layer asphalt pavement, etc. The numer-
ical simulation tool developed in this study can be utilized for detailed investigation of the protrusion
behavior and for evaluating the effectiveness of countermeasures at high temperature.

8 Conclusion

Based on numerical simulation investigations using the Applied Element Method for rupture and pro-
trusion of vertically tightened PC bars in PC girders and for the effect of asphalt pavement, the follow-
ing conclusions were obtained:

= Appropriate numerical simulation with the AEM can be conducted with appropriate modling
for asphalt pavement layers, interface material properties between the concrete slab and the
asphalt pavement, and by considering strain rate effect in the asphalt pavement.

» The performance of the base layer asphalt pavement and the cover layer asphalt pavement were
reduced with the increase of temperature. On ther other hand, with the increase of temperature,
the failure mode of asphalt specimens was shifted to ductile failure.

* Asphalt pavement system at a temperature of 40°C couldn’t prevent 4,408J (4.5m PC bar rup-
ture length) impact energy of the PC bar. However, the asphalt pavement system at a tempera-
ture of 40°C could prevent 2,939J (3.0m PC bar rupture length) impact energy of the PC bar.

= The strain energy of the PC bar was dissipated by a simultaneous action of asphalt pavement
deformation, asphalt pavement crack, crack in the mortar and interface delamination between
the concrete slab and the asphalt pavement.
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Abstract

The research study performed on 100-years-old concrete bridges shows, that a thin layer of cement-
based protective render coat (PRC), typically a few millimetres thick (2-4) mm, could significantly
reduce the rate of carbonation of underlying concrete. During previous research, carried out on rein-
forced concrete bridges near the towns Sladkovi¢ovo and Krasno nad Kysucou in Slovakia, very low
values of carbonation depths were measured. The measured carbonation depths, using the phenol-
phthalein indicator, were very small after 100 years of service life in XC3 exposure class (according
to EN 206). Last year, another 100-years old railway bridge was discovered near the town Rimavska
Sobota which concrete showed very low carbonation depths. As in the previous case, this was caused
by the PRCs applied to a concrete surface around 100 years ago. Measured values from in-situ and
laboratory research are presented in the article, as well as the possible explanation of this phenome-
non. The article aims at the effort to apply the knowledge gained by the research to increase the ser-
vice life of existing concrete bridges with small reinforcement cover.

1 Introduction

The chemical reaction of cementitious constituents in concrete, primarily calcium hydroxide also
known as portlandite Ca(OH),, and atmospheric carbon dioxide CO,, causes chemical changes in the
concrete, resulting in a pH reduction. This process is known as carbonation. Atmospheric carbon
dioxide diffusing into the concrete is dissolved in the porous water to form aqueous HCO3 and CO%™,
which reacts with dissolved Ca?™ to precipitate mainly calcite CaCO;. Sufficient moisture is therefore
required for this process. The dissolution of CO, in porous water and precipitation of CaCOs is de-
termined by the temperature and relative humidity and the partial pressure of carbon dioxide on the
concrete surface or the liquid in the pores of the concrete, respectively [1]. This is largely controlled
by the diffusion rate of carbon dioxide through the microstructure of concrete [2]. Chemical changes
in concrete by carbonation results in the reduced porosity because the arisen CaCO; has a larger
molar volume (mainly calcite 36,93 cm*/mol) than the primary reactant Ca(OH), (32,29 cm’/mol) [3],
which reduces permeability and increases the microhardness of the cementitious matrix. The reaction
reduces the alkalinity of the concrete below pH 9, which is no longer able to protect the steel rein-
forcement against corrosion. It should be noted that the carbonation process is very slow and depend-
ent also on the carbon dioxide concentration in the atmosphere. It could be also stated that better
concrete quality results in a lower carbonation rate due to decreased permeability [4].

2 Measurement methods

In-situ measurements were performed according to the following procedures:

e  After visual inspection, exploratory boreholes (¢ 16 mm) were performed using a drilling
device to determine the preliminary depth of carbonation.

e  Permeability testing was performed after exploratory boreholes. The surface was cleaned
and permeability measurements with the Torrent method were performed [5].

e  After the permeability test, core drilling was performed directly at the place, where perme-
ability was measured in the previous step.

e  The drilling core specimens were properly cleaned with water pouring in the direction from
the outer surface of the cylinder to avoid contamination of the carbonated layer by noncar-
bonated concrete dust particles. After cleaning the sample was wiped and a 1% solution of
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phenolphthalein was applied to its surface, again in the direction from the outer surface of
the cylinder.

e By this procedure, the carbonation depth was measured in-situ at all drilled core specimens,
which were then taken to the laboratory for further chemical analyses, mainly by thermal
and chemical methods.

3 Results

During the diagnostics of the railway bridge, cylindrical samples were drilled from its abutment. As
reported in Table 2 the average cylindrical compressive strength is 18,4 MPa. This value takes into
account the fact, that it was measured on drilled core specimens according to STN EN 13791 [6]. The
characteristic cylindrical compressive strength is then 11,4 MPa and the classification of the concrete
is C10/12. As reported in Table 1, according to the determined concrete strength class and taking into
account 100 years of the service life of the structure in XC3 exposure class, a much greater depth of
carbonation was expected.

Table 1 Results of in-situ measurement of carbonation depth at the bridge near Rimavské Sobota

performed in June 2019.
Sample Permeability by Torrent Average carbonation depth
method
Denotation | Surface kT (x10"'°m?) (mm)
2.2a Not measured <2
2.2b PRC Not measured <5
2.2c Not measured <2

Table 2 Results of laboratory tests on drilled core samples at the bridge near Rimavska Sobota

performed in June 2019.
Sample Average | Average | Mass Density | Young's Sample cylindrical
diameter | height modulus of | compressive
elasticity strength
Denotation (mm) (mm) (2) (kg/m®) (GPa) (MPa)
2.2a 104.2 92.0 1722 2195 - 24.9
2.2b 104.3 209.5 3777 2115 17.5 12.9
2.2¢ 104.1 200.0 3709 2175 20.0 16.3

As it was found out in the previous study [7] these low carbonation depths originate in the protection
of the concrete surface by PRC, as shown in Fig. 1. This PRC has been probably applied 100 years
ago to the concrete surface only for aesthetic reasons. Since 100 years ago vibrating equipment was
not available to compact the concrete and instead of smooth formwork only plain wooden planks
were used, there was probably a reason to apply PRCs. In Slovakia, it was common practice to addi-
tionally modify the concrete of bridge piers and abutments, whether by tiling or plastering [8]. On
Fig. 1 (left), there is the specimen after cleaning with water. The PRC layer is visible on the specimen
surface. On Fig. 1 (right), there is the specimen after application of the phenolphthalein indicator.
Also, the figures show a crack under the PRC where the layer was not perfectly bonded to the under-
lying concrete. The cracks in the PRC and its imperfect connection to the concrete beneath caused its
bit higher carbonation depth as shown in the figure on the right. However, this carbonation depth is
only less than 10mm under the PRC despite 100 years of service life.
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crack under PRC

Fig. 1 The specimen 2.2b taken from the bridge abutment (June 2019).

To prove the functioning of this additional surface treatment to significantly slow down carbonation
of underlying concrete, another series of more detailed tests were performed, which is evaluated in
the following Table 3.

In Fig. 2, there is the location where the specimens were taken from the bridge abutment in No-
vember 2019, which are subsequently evaluated in Table 3. The PRC layer on the surface of the
concrete is locally cracked in some places, resulting in increased permeability as shown in specimen
RS2-A.

Table 3  Results of in-situ measurement of carbonation depth at the Bridge near Rimavska Sobota
performed in November 2019°,

Specimen Permeability by | Carbonation Notes
Torrent method | depth

Denotation | Surface kT (x107"°m?) (mm)

Small cracks of the width less
RS2-A 7.163 15 than 0,05mm in the render
RS2-C PRC 0.001 <2 . .

High-quality cement - based
RS2-D 0.001 <2
RS2-B Uncovered > 10° 30 .

Spalled or missing render
RS2-E concrete > 10° 30

“the results are also evaluated in Table 4
®the value is greater than the measurable limit of the instrument

The results show a clear relationship between the depth of carbonation of the underlying concrete and
the low-permeability of the thin layer of protective render coat which shows Table 3. With the opti-
mal interplay of all factors: high-quality PRC, absence of concrete defects under a PRC (e. g. caverns
or direct contact of aggregates to a PRC), and thus a firm, compact PRC interface and concrete, the
depth of carbonation of 100-year concrete is extremely low. This proves that PRC can function as a
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simple, easy-to-make surface finish, which represents synchronously a highly effective anti-
carbonization barrier.

Fig. 2 The place where the specimens RS2-D, RS2-A, RS2-C were taken from the bridge abut-
ment — a location with PRC (November 2019).

31 TG-DTA analysis, degree and stages of carbonation

To proof the in-situ results of carbonation depth, TG-DTA analysis was performed on the chosen
samples. The degree of carbonation (CD) as the CaOc,,/CaOr, ratio x 100 (% wt.), was calculated
from TG-DTA results and chemical analysis. CaOc,; means the CaO content bound in CaCO;
originated from carbonation reaction and CaOry, concerns CaO bound in CaCO;, Ca(OH),, gel-like
hydration products (C-S-H, C-A-H) and CaSO, x 2H,O. The extent of carbonation attack is also
specified by the degree of modification changes (DMC) given by the CaCOs coarse-grained /CaCO3_ fine-
grained Tatio. The fine-grained CaCOs is detected by TG-DTA between 575-700 °C and coarse-grained
CaCOj; between 700-1100 °C. The total content of CaO is estimated from the chemical analysis
according to STN EN 196-2 [9]. The extent of CO, attack is characterized by four stages of
carbonation (I <55 %; II: 55-65 %:; II1. 66-80 %; IV. > 80 %) [7].

TG-DTA analysis was performed for the concrete samples as well as for the PRC (“surface”
means (0-20) mm and “internal” means approximately (280-300) mm distance from the surface of the
drilled core specimen). For TG-DTA analysis the PRC samples were separated into three parts ac-
cording to Fig. 3.

Fig. 4 shows results for the cover layer of PRC. This thin layer probably served only as a colour
treatment and is composed of silica sand and lime, as can be seen from Fig. 3 (colour difference).
Locally in some places on the surface of the PRC, it is very thin less than 1 mm, or completely miss-
ing (Fig. 1). DTA curve is specified by a couple of partial mass losses, from which the only one clear
is that attributed to CaCO; decomposition at peak maximum 798,6 °C originating from the carbona-
tion of lime.

Fig. 5 shows results for the outside part of PRC according to Fig. 3. The DTA plot shows negligi-
ble signs of the endothermic peak between 100-300 °C and at about 500 °C. By contrast, the TG
curve is specified by a couple of partial mass losses, from which the only one clear is that attributed to

155 | Durability and life assessment



Case study of carbonation of 100 years old concrete covered by a thin cement render.

CaCOj; decomposition at peak maximum 813,5 °C. This is due to a large amount of CaCO; content in
this layer. There is no significant change of mass in the 100-300 °C range, as the structure fully car-
bonate - the gel-like products are lacking in this region, the structure is closed by the products of the
carbonation reaction as shown by the permeability test.

Outer part — PRC cover layer >
(TG-DTA result Fig. 4)

Outside part PRC >
(TG-DTA result Fig. 5)

Inside part PRC >
(TG-DTA result Fig. 6)

Concrete under PRC >

(XRD result Fig. 7) 2-3mm

. . 4-Smm
The white lines represent the
distribution of the PRC sample \
during its analysis.

Fig. 3 Optical microscope image — view of the edge of PRC quarry (wider PRC sample).

Fig. 4 TG-DTA plot for the PRC cover layer (outer part of the sample according to Fig. 3).

Fig. 6 shows the results for the internal sample of PRC at the concrete interface. The presence of gel-
like hydration products and Ca(OH), are confirmed, the DTA plot shows very strong signs of the
endothermic peak between 100 and 300 °C and at about 500 °C. A smaller mass change at 600-800
°C is attributed to CaCO; decomposition at a peak maximum of 770,3 °C. This is due to the low
content of CaCOs in this layer at the internal PRC-concrete interface and the great amount of gel-like
hydration products and the contrary negligible occurrence of portlandite Ca(OH), in the studied PRC
sample.

The mineral composition of the concrete under PRC is shown in Fig. 7. Concrete shows a small
amount of calcite, which is considered to be a carbonation product and a small amount of portlandite.
This result is in good agreement with thermal and chemical analysis in Table 4, which summarizes
the carbonation characteristics of uncovered concrete, PRC-protected concrete, and the PRC from the
bridge near Rimavska Sobota. This barrier formed by the carbonated PRC significantly slowed down
the carbonation process of the underlying concrete and will be the subject of further research.
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Fig. 5 TG-DTA plot for the PRC (outside part of the sample according to Fig. 3).

Fig. 6 TG-DTA plot for the PRC (inside part of the sample according to Fig. 3).

Q — quartz [SiO;]

AL — albite [NaAlSi;Og]
E Os — osumillite [KFe*"(Al5Sii0)Os0]
8 Cc — calcite [CaCOs]
Q
g D — dolomite [CaMg(COs),]
'3; CH — portlandite [Ca(OH),].
a
R7)
S
g
k=

Angle 2 O [°]
Fig. 7 Mineral composition of concrete under PRC according to Fig. 3.
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Table4  The assessment of carbonation attack by the results of chemical and thermal analysis.

CaOc,n, (% Wt.) occurring in Assessment of carbonation
Sample as coarse- i
P . ((:,aomtal fine-grained total CD | DMC Carbonation
marked in Table 3 | (Yo Wt.) grained stage
CaCO; CaCOs3 (%) )

CaCO; ()
RS2-B — surface' 15.66 491 9.55 14.46 92 1.9 v
RS2-B —internal’' 19.41 1.75 9.48 11.23 58 54 11
RS2-C — surface? 20.68 2.10 10.79 12.89 62 5.1 II
RS2-C —internal® 19.42 1.63 8.41 10.04 52 5.2 I
RS2-D — surface’ 19.90 1.80 8.78 10.58 53 4.9 I
RS2-D —internal® 16.07 1.67 7.36 9.03 56 4.4 11
PRC over RS2-A* 20.25 4.32 12.14 16.46 81 2.8 v
PRC over RS2-C? 19.23 4.29 10.89 15.18 79 2.5 111
PRC over RS2-D* 20.15 4.42 13.40 17.82 88 3.0 v

" uncovered concrete sample
% concrete samples covered with PRC
3 PRC sample in its entire thickness

A similar conclusion can be drawn from previous research [7] on the bridges near the towns
Sladkovic¢ovo and Krasno nad Kysucou in Slovakia. The exposed concrete surface layer without PRC
(RS2-B - surface) is characterized by an extremely high degree of carbonation, the highest degree of
modification changes, and therefore the carbonation stage IV that is specified by an extensive car-
bonation attack. In contrast, the internal sample (RS2-B - internal) indicates stage 11 of carbonation,
characterized by an insignificant effect on the concrete properties and durability. In the case of sam-
ples RS2-C and RS2-D, many similarities can be observed. The carbonation of the surface (0-20) mm
and internal (280-300) mm concrete layer is almost the same. These similarities are due to the PRC
application, which protects the underlying concrete. Very small differences between the samples RS2-
C and RS2-D, specifically between the internal and surface samples, may be due to the ability of the
PRC to mitigate CO, diffusion into the underlying concrete situated below a PRC. These facts cause
the carbonation stage to vary only negligibly between the internal and surface portions. The high
degree of carbonation of the PRCs confirms the accumulation of carbonation products in the thin
layer of PRC. The carbonation products formed in the PRCs tight their pore space by this way that
they become an effective anti-carbonation barrier.

The samples of PRC (PRC over RS2-A, PRC over RS2-C, PRC over RS2-D) indicates the degree
of carbonation stage IV or stage III in the case of the sample PRC over RS2-C. The samples also
characterize the largest amount of total CaCO; and a higher degree of carbonation (CD) in contrast to
concrete below the PRC.

4 Further research

The mix-design of PRC is developed in Building Testing and Research Institute in Bratislava (TSUS)
since Jul 2020 based on chemical analysis of existing PRC. After consistency tests, the newly devel-
oped PRC was applied to a concrete wall and permeability testing was performed. Based on the per-
meability tests the newly developed PRC mix was applied to cylindrical concrete specimens with a
diameter of 300 mm (Fig. 8 left). Specimens were sealed on other sides with a special impermeable
sealant to prevent carbon dioxide penetration (Fig. 8 right). The low strength of underlying concrete
(C8/10) was chosen in order to make the concrete carbonation immediately visible in the case of the
applied render is not protecting it properly and to simulate the strength of concrete from 100 years
ago. Then the specimens were placed in a carbonation chamber according to TSUS methodology.
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Fig. 8

5

Newly developed PRC; on the left: its application on the C8/10 underlying concrete, on
the right: special impermeable sealant applied on other sides.

Conclusions

Based on the results of the performed tests, the following conclusions could be drawn:

The in-situ measurements of carbonation depth show that high quality, (2-4) mm thin,
cement-based protective render coat can effectively protect the underlying concrete against
carbonation within the 100-year service life of a bridge.

Carbonation depth of the concrete depends upon the low permeability of the PRC applied to
its surface. A close mutual correlation between the depth and extent of carbonation
(measured by phenolphthalein test, and TG-DTA analysis) and the coefficient of surface
permeability (measured by the Torrent method) was observed.

The very low permeability of the PRC is probably caused by the accumulated carbonates in
a narrow spatial volume of the PRC, thus creating an impermeable barrier for CO,.
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Abstract

The durability of concrete structures, especially when concrete is affected by Alkali Aggregates Reac-
tion (AAR), is a major concern. Indeed, the AAR swelling can induce changes in the stresses distribu-
tion within the structure which could affect its functionnallity. Previous studies have demonstrated the
swelling mitigation in compressive stress directions, and the low effect of AAR on creep rate in this
configuration. However, very few studies have investigated the creep behaviour of a concrete already
damaged by AAR. Nevertheless, in real structures, compressive stresses may develop with AAR and
become significant only after a certain level of swelling. That is the reason why it is necessary to
characterize the creep rate of a concrete already damaged by AAR before loading.

The present study consists of an original experimental programme of creep tests carried out on
concrete previously damaged by AAR in free swelling condition. Two concrete mixes were designed
differing only by their aggregates. The first concrete incorporated reactive aggregates and the second
non-reactive aggregates. Both mixes are similar regarding the proportions of cement, water, alkali
content, sand and aggregates.

Under stress, a reduction of the swelling is observed which is the consequence of two phenomena.
The first one is the effect of the AAR on the instantaneous elastic strain of the reactive concrete and
the second one, is due by a higher creep rate of the affected concrete during the first 15 days after
loading.
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1 Introduction

Numerous studies have investigated the chemistry of the Alkali Aggregates Reaction (AAR) and its
three main causes [1], namely alkali-sensitive aggregates, high relative humidity and alkali content in
the cement. Other studies dealt with the structural effects of AAR, studying the mechanical properties
and long-term strains of affected concretes.

The free swelling “S” curve induced by the reaction was proposed by Larive in 1997 [2], but
these strains can be reduced or cancelled in the stress direction if the specimens are loaded before the
reaction initiation [3]. In 1994, Charlwood had already observed these phenomena on real size struc-
tures and proposed an empirical law between the swelling rate and the compressive stress with an 8
MPa vanishing limit [4]. This first model and numerous others which followed were reviewed in 2017
[5].

In these models, AAR is modeled at different levels, from the smallest scale, i.e. the reaction
products to the largest structure scale. One of these models considers swelling reduction directly
using a rheological model coupled with a micro-mechanics cracking criterion that permits large struc-
ture analysis once incorporated into finite element softwares [6]. Others tried to explain these phe-
nomena using numerical meso scale approaches with concrete matrix considered as a viscoelastic
material that can absorb swelling. Depending on creep model used for the matrix, the creep velocity
rate immediately around the aggregates could be able to absorb a part of the gel overpressure [7]. In
order to take into consideration this phenomenon in future models, a first step consists of quantifying
it experimentally.

In 2019, the time-dependent strains of concretes incorporating different types of reactive aggre-
gates were quantified by Reinhardt et al [8]. In this study, the reaction was stopped when the samples
were loaded. The experimental programme presented here is intended to clarify the interactions be-
tween creep behaviour and the ongoing AAR.

2 Experimental test programme

2.1 General

The investigation of two concretes, one reactive and the other not, is required to observe the effects of
AAR on creep behaviour. Both concrete mixes were designed to reach similar mechanical strength
and stiffness. In terms of storage and loading, the conditions were the same for both concretes. In
parallel, the strains of free-swelling unloaded specimens were also recorded.

2.2 Choice of aggregates

The properties of both concrete mixes have to be similar before the development of the reaction.
Consequently, the type of aggregates is important: for the non-reactive mix, crushed limestone aggre-
gates were chosen. Crushed calcareous-siliceous aggregates (classified as potentially reactive accord-
ing to the LCPC classification [9]) were used for the reactive ones. To justify this choice, the poten-
tially reactive aggregrates were characterized in accordance with standards and recommendations
[10]-[11] and compared with the non-reactive crushed limestone in table 1.

Table 1 Mechanical properties of aggregates

Reactivity of the rock Non-reactive [12] Reactive
Uniaxial compressive strength 224 +£25 MPa 178 + 47 MPa
Young’s modulus 80 + 2 GPa 78.6 £0.2 GPa
Poisson’s ratio 0.31+0.01 0.31£0.02
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2.3 Concrete compositions

Both concrete compositions were designed with the same proportions of materials (presented in table
2). The grading curves were close with a maximum size of the largest grains of 12.5 mm.

The Na,O equivalent content of both mixes was increased from 0.28% of cement content to
1.25% to ensure the AAR development.

Table 2 Concrete mixes

Components (for 1 m3) Non-reactive mix Reactive mix
Non-reactive sand [0-2 mm] 680 kg/m’

Reactive sand [0-4mm] / 672 kg/m’
Non-reactive aggregates [4-12.5 mm] 1041 kg/m’ /
Reactive aggregates [4-6 mm] / 190 kg/m’
Reactive aggregates [4-12.5 mm] / 843 kg/m’
Cement 410 kg/m’

Effective water/Cement ratio 0.46

24 Exposure and loading conditions

The exposure conditions were the same for both concrete samples. These thermo-hydric conditions
changed with time as follows: from the day after mixing, they were stored at 20°C in autogenous
conditions for 28 days. After this curing, the specimens were immersed in a 1M hydroxide solution
kept in barrels to avoid the leaching of alkalis. This was in accordance with previous experiments
[13], and stored at 38°C to accelerate the reaction. Once a swelling of about 0.04% was reached for
the reactive concrete mix, all the specimens were taken out of the solution and immediately sealed by
aluminum foils to avoid desiccation and stored at 20°C. Once protected of desiccation, half of the
samples remained free to swell while the others were uniaxialy loaded at 30% of the lowest compres-
sive strength of both mixes assessed after immersion.

2.5 Specimens and measurements

For each mix, strains were assessed on 3 unloaded specimens and on 2 loaded specimens. In parallel,
6 samples were used to characterize the mechanical properties. At each date of exposure condition
change, the compressive strength and the Young’s modulus were measured. All samples were cylin-
ders with 113mm diameter and 220mm high. Longitudinal free strains of the unloaded specimens
were measured using an indicator and plugs for the contact points (complied with the norm [14])
during the immersion time and after sealing. The creep tests samples were equipped with an inner
LVDT sensor located in a niche centered in each specimen. This sensor allows to record the evolution
of longitudinal strain during the curing period and under sustained loading.

3 Results and discussion

3.1 Designations and curve conventions

All the figures are presented with positive swelling strains while shrinkage and compressive creep
strains are negative. NR is used for the non-reactive samples that are presented in blue, when R and
the red curves are used for the reactive ones. The measurements system used is indicated with IS for
the inner sensor and with P for the indicator and plugs system, and represented by continuous lines
and dashed lines, respectively.
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3.2  Autogenous shrinkage during curing

The strains due to autogenous shrinkage measured on two samples for each concrete using the in-
ner sensors are presented in figure 1. After 28 days, a shrinkage strain of 178 + 3 pm/m was observed
for the non-reactive concrete and 206 + 28 pm/m for the reactive one. This shrinkage measured at the
end of the curing with the external sensor (corresponding to the mean value of three measurements)
was 124 + 13 um/m for the non-reactive concrete and and 137 &= 5 um/m for the reactive one. The
autogenous shrinkage is relatively high for both concretes and may be the consequence of the high
alkali content [15].

Non-reactive

Reactive

Fig 1 Autogenous shrinkage strains for reactive and non-reactive specimens during the 20°C
autogenous curing (measurement by inner sensor)

3.3 Free strains and AAR expansions

The strains measured after the curing period are presented in figure 2, while figure 3 gives the strains
evolution measured after samples sealing.

Reactive
AAR free swelling
. L Non-reactive
immersion time
<+“—>
Fig 2 Evolution of the free strains of the reactive (red) and non-reactive (blue) specimens from

28 days to 700 days. (The AAR free swelling corresponding to the difference between the
reactive and non-reactive concrete strain evolutions is represented by a green line)

163 | Durability and life assesment



Creep potential of concrete damaged by Alkali Aggregate Reaction

3.3.1 Evolution in NaOH solution at 38°C

The AAR strain evolution (the green line in figure 2) corresponds to the difference between the
strains of both types of concrete. This AAR strains curve begins one week after immersion to erase
the strain due to the initial water absorption. At the end of the immersed period, the AAR swelling
reaches a value of 0.032%. The strains directly measured on specimens were 446 + 64 um/m and 173
+ 24 pum/m for the reactive concrete and non-reactive one, respectively.

3.3.2 Free strains in autogenous conditions

At the beginning of the sealed condition period at 20°C, AAR is strongly slowed down and is main-
tained at a value of 0.038%. But after 420 days after casting, i.e. 300 days in autogenous condition,
the kinetic increases again and reaches 0.048% at 700 days. Along with this slow AAR swelling rate,
a shrinkage strain evolution was observed for both concrete types (figure 3).

The reduction in swelling rate can be attributed to the temperature decrease (from 38°C to 20°C)
as previously observed in [2] - [16]. The change of moisture conditions also contibutes to reduce the
swelling rate. Nevertheless, the observed AAR swelling evolution with the increase of kinetic after
300 days in autogenous condition at 20°C confirms that this thermo-hydric condition is sufficient to
allow the reaction development [17].

Reactive

Non-reactive

Fig 3 Evolution of free strains from the beginning of the autogenous stage

3.4 Evolution of mechanical properties

At each thermo-hydric condition change, the mechanical properties of both concretes were measured.
The results before and after immersion at 35 days and 136 days, respectively, are presented in table 3.

Table 3 ~ Mechanical properties before and after immersion time

Concrete Mix Non-reactive Reactive Relative difference

Compressive Strength

35 days 453+ 1.2 MPa 51.1 £0.6 MPa 12.8 %
136 days 56.2 £ 1.0 MPa 59.2 £ 0.9 MPa 4.70 %
Evolution +19.9 % +13.7 % /

Young’s modulus

35 days 39.2 £0.6 GPa 373+£0.4 GPa 4.79 %
136 days 41.7+0.2 GPa 36.1 £0.4 GPa 13.4 %
Evolution +6.01 % -3.36% /
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The aim of the measurements at 35 days in autogenous condition at 20°C after casting was to com-
pare the mechanical performance of both concretes before the beginning of the swelling. The com-
pressive strength of the reactive concrete is slightly higher than the non- reactive one (difference of
12.8%), whereas it is the opposite for the Young’s modulus results (difference of 4.79%).

At the end of the immersion period, i.e. 136 days, the AAR swelling reached 0.032%. The com-
pressive strength of both concretes continues to grow but the increase is stronger for the non-reactive
concrete (20% compared to 14% so a difference of 4.70%) showing that AAR certainly also affects
this mechanical characteristic. The difference between the Young’s modulus of both concretes
reaches 13.4%. The Young’modulus of the non-reactive concrete increases due to cement hydration
while the one of the concrete affected by AAR decreased by 3.36%. This reduction of mechanical
properties during AAR agrees with previous observations [2]—[8] and is generally explained by mi-
cro-crackings in the cement paste and in the reactive aggregates.

3.5 Time-dependent strains under a uniaxial compressive load

The strains measured during the creep tests are presented in figure 6. These strains, assessed by inner
sensors, are plotted with the free strains curves already analyzed in figure 4, and provide an overview
of both tests conditions.

AAR free swelling

Reactive - Free

Non-reactive - Free

Reactive - Loaded

Non-reactive - Loaded

Fig 4 Total axial strains for both test conditions

3.5.1 Loading and elastic strains

A uniaxial compressive stress of 17 MPa was applied to all specimens. This value corresponds to
30% of the lowest compressive strength assessed the day of the loading (i.e. 56.2 MPa measured on
the non-reactive concrete at 135 days (table 3)).

The elastic strains were 243 pm/m and 228 pum/m for the reactive and non-reactive concretes, re-
spectively.

3.5.2 Strains under loading

As shown in figure 4, even after 570 days of creep, the total strain under loading of the reactive con-
crete, loaded after a free swelling period, was still 232 pm/m higher than the non-reactive one. Before
loading, this difference was equal to 320 um/m. Thus, the compressive loading reduced the AAR free
swelling by 25%.

This reduction is the consequence of two phenomena. Firstly, the instantaneous elastic strain of
the reactive concrete is higher than the non-reactive one, due to the damage induced by the previous
free swelling. Secondly, during the first 15 days after loading, the creep rate was superior in the reac-
tive concrete.

Afterwards, both creep evolutions were quite similar, even when the AAR kinetic increased as
observed on free strains samples, at the date corresponding to 300 days from loading.

165 | Durability and life assesment



Creep potential of concrete damaged by Alkali Aggregate Reaction

AAR free swelling

Non-reactive

Reactive

Fig 5 Strains under loading and AAR free swelling during the same period

The same observations were reported by Reinhardt et al [8] on concretes with different free swellings.
After two weeks under stress and despite the reaction was already stopped in these tests, the creep
velocities were similar whatever the AAR amplitude.

For the tests results detailed in the present paper, a compressive stress corresponding to 30% of
the compressive strength provokes a swelling reduction of 25%. This reduction occurs during loading
and in the first two weeks after loading. Beyond this period, the creep rate reaches a same level than
for the non-reactive concrete, despite the AAR restarts.

4 Conclusions and modelling prospects

The quantification of the interactions between creep and AAR swelling has been done thanks to an
experimental comparative study of a reactive concrete and a non-reactive one with similar initial
mechanical performances.

This research work shows clearly that a compressive stress corresponding to 30% of the concrete
compressive strength can reduce by 25% the free swelling occurred before the loading. A third of this
absorption is the result of a high creep rate during the first two weeks of loading. The other part is due
to the elastic behaviour of the damaged concrete. Even if the reaction continues, the creep rate re-
mains the same for the concrete affected by AAR than for the non-reactive one.

These results will be considered to set up a structural model under development at LMDC Tou-
louse. The collaboration with Tractebel-Engie company aims to consider the local behaviour of ce-
ment paste around reactive aggregates in this model. This will be done via a micromechanics-based
formulation that will consider cement paste creep and partial reclosing of AAR micro-cracks.
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Abstract

The high mechanical performances showed by geopolymer concrete led several researchers to inves-
tigate about possibilities of using this material in reinforced structural elements. Since geopolymer
binder has a different microstructure from ordinary Portland Cement (OPC) it is necessary to investi-
gate on its bonding behavior with steel bar that as well-known influences the service and ultimate
conditions. For this reason, in the last decades both direct pull-out and beam-end tests were carried
out with this material. Generally, it has been observed that geopolymer concrete (GPC) has higher
bond strength than OPC due to the higher compression strength and the dense and compact micro-
structure of GPC. This means that the existing design equation for bond strength prediction of ordi-
nary concrete can be conservatively used also for GPC. In this paper the mechanical properties of
GPC will be analyzed in terms of compressive strength and constitutive behavior. Moreover, the
bond-slip behavior of GPC with deformed steel and GFRP bar has been studied. The results showed
that GPC is more brittle than OPC concrete despite its high compressive strength. On the other hand,
as in case of OPC concrete, also GPC bonding behavior is better with steel bars than GFRP bars.

1 Introduction

The high quantity of CO, realesed during Portland cement production process led to the search for
alternative materials to be used as binder in concrete. In this context, geopolymers proved to have
good potential. In fact, numerous studies demonstrated the good bonding properties of these material,
combined with the possibilities to reach high mechanical properties [1]-[4]. Moreover, several au-
thors observed that bond strength of geopolymer concrete (GPC) with deformed steel bar is higher
than ordinary Portland cement (OPC) concrete [5]-[8]. On the other hand, GPC showed a similar
behavior to OPC concrete in bond with glass fiber reinforced polymer (GFRP) bar [9].

In this paper compressive strength, constitutive behavior and the bond slip of GPC with both steel
and sand-coated GFRP reinforcing bar are investigated. The concrete mix used in this work is ce-
ment-free and it is composed by only industrial by-products as ground granulated blast furnace slag
(GGBFS) and silica fume. The results of compressive tests showed a significant increase in compres-
sive strength also beyond 28 days of curing and a brittle nature of the material. Finally, from pull-out
tests on GPC it has been observed the better bonding behavior with deformed steel bar in respect to
the straigth GFRP bars.

2 Materials

21 Mix design

The experimental campaign shown in this work is part of a larger project that has the objective to
develope alternatives construction materials by replacing Portland cement with industry by-product in
concrete and mortar production. The GPC mix used in this work is summarized in Table 1. The ag-
gregates were natural calcium carbonate type in two different sizes. The binder developed consists of
an optimazed combination of: GGBFS (by-product of iron and steel making industry); silica fume
(by-product of silicon and ferrosilicon alloy industry) and filler powder composed by limestone and

gypsum.
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Table 1 Geopolymer concrete mix
Components Quantity (kg/m’)
GGBFS 224
Filler (limestone and gypsum) 128
Silica Fume 48
Activator Solution 170
Water 140
Additive (Plasticizer) 8
Sand (0-4 mm) 1092
Gravel (8-16 mm) 471

2.2 Tests setup

2.2.1 Compressive tests

Uniaxial compressive tests were performed at different age of curing on a total of 36 cubic specimens
with 150 mm size, according to the european standard UNI EN 12390-3 [10] as showed in Fig. 1
(left). All cubic GPC specimens to be tested under compressive load has been cured at ambient tem-
perature 20°C. Moreover, five cylindrical specimens (150 mm diameter and 300 mm height) were
subjected to compressive test under displacement control by imposing a constant velocity to the
stroke equal to 0.03 mm/min. This tests allowed to evaluate the complete constitutive behavior of the
GPC mix. The axial displacements of the cylindrical specimen were measured by means of two
LVDTs (Linear Variable Displacement Transducers) posizioned on opposite points of the cylinder
lateral face as shown in Fig. 1 (right).

Fig. 1  Cubic specimen for compressive strength test (left) and constitutive law test setup (right)

2.2.2 Pull-out test

Direct pull-out tests with steel and GFRP bars were performed according to the RILEM Recommen-
dations [11]. A total of 24 pull-out samples were casted and tested, of which 4 with steel bar and 5
with GFRP bar (Fig. 2). Both steel and GFRP bars had a total length of 500 mm and diameter equal to
12 mm and, only for steel bar, 16mm. The steel bars were made of a grade B450C steel, meanwhile
sand coated GFRP bars were made of chemically resistant glass fiber and polyester thermosetting
resin with a declared nominal strength equal to 800MPa.

The pull-out specimens were composed by a GPC matrix cube with dimension 10¢ and a centered
embedded bar such that the concrete cover resulted 4.5¢. The bonded zone, L, was imposed equal to
5¢ and 2.5¢ by applying a plastic sheet on the bar.
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The relative slip between the bar and GPC cubic matrix was measured by means of a LVDT posi-
zioned on the unloaded side of the bar ad can be seen from Fig. 2. The other two LVDTs, positioned
on the loaded side, where used to measure the same slip but with the addition of bar deformation.

Fig.2  Pull-out test setup of specimens with a) deformed steel bar; b) GFRP bar

3 Results

3.1 Compression strength

The compressive strength results are resumed in Table 2. From the obtained results, it can be seen that
the GPC mix developed high early compressive strength, reached an average value equal to 52.6 MPa
after 28 days of curing and increased up to 82.8 MPa at 106 days of curing. The increase of compres-
sive strength after 28 days of curing turns out to be significant as also observed by [12]. In particular,
they explain this phenomenon as the effect of GGBFS presence.

In Fig. 3 it is reported the graph of compressive strength vs. time of curing of GPC and the theore-
tical model suggested by Eurocode 2 [13] regarding a OPC concrete with the same compressive
strength at 28 days of curing. The two curves overlap in the first phase, until 28 days of curing, then
the compressive strength of GPC increases faster than that one predicted by Eurocode 2 for OPC
conctretes.

Table 2 Compressive strength results of GPC at different age of curing
t [days] R, [MPa] CoV
2 29.0 5.7%
7 52.7 5.0%
14 53.1 5.5%
28 52.6 17.0%
58 68.7* -
106 82.8% -

*average of two compressive test results
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Fig. 3 Evolution of GPC compressive strength

3.2  Stress-strain analysis

Constitutive behaviour parameters have been reported in Table 3. In particular, the cylindrical com-
pressive strength and the ultimate strain values, assumed as the strain corresponding to a 10% stress
decay from f, are listed. The average value of compressive strength resulted to be 28.5 MPa with a
coefficient of variation 7%, while the average ultimate strain was equal to 1.9%o.

As well known, the design value of ultimate strain of OPC concrete is equal to 3.5%o [14], that is
46% higher than the experimental value obtained with GPC in this work. This confirms the brittle
nature of this material, as also observed in the failure stage of these tests (Fig. 4) [15].

Table 3 Costitutive behaviour parameters
Specimen f. [MPa] f. .y [MPa] €y [-] €uav [-]
GPC CL 1 28.5 -
GPC CL 2 29.3 0.0018
GPC CL 3 27.5 (27%/05) 0.0019 0.0019
GPC CL 4 31.5 -
GPC CL 5 25.8 0:0029*

*not considered since largely different in respect to other results

Fig. 4  Cylindrical specimen after failure after compressive strength tests (left) and stress-strain
curves of GPC (right)
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3.3 Bond-slip behavior of GPC with steel and GFRP bar

Pull-out test results of GPC with both steel and GFRP bars with bond length 5¢ are shown in Table 4
and Fig. 5 (left). In case of deformed steel bars, apart from specimen GPC P 12 2, the common
mode of failure was concrete splitting. On the other hand, only pull-out failure occurred between GPC
and GFRP bars.

Since the three groups of samples (12mm and 16mm steel and GFRP) were tested at different age
of curing, bond strength values has been adjusted according to [16] aims to avoid the compressive
concrete strength influence.

From 7y pax adjav values in Table 4 and graph Fig. 5 it comes out that the bond strength of GPC
with ¢12mm steel bar is sligthly higher than in case of ¢16mm bar. Moreover, it can be seen that
deformed steel bar showed significantly higher bond capacity in respect of GFRP bar. This large
difference may be attributed to the fact that deformed steel bars surface was characterized with ribs
that improve bond with concrete, meanwhile GFRP bars were straigth with sand-coating. For this
reason, in the first case bond strength benefited from the mechanical interlocking phenomenon. Same
observation has been reported in Aiello et al [17].

Table 4 Pull-out test results with bond length equal to 5¢
Specimen Sample Failure mode Tp, max.adj [MPa] Tbﬁ\‘j["lfgj]’av
GPC P 12 1 - -
Steel GPC P 12 2 P 26.2 255
$12mm GPC P 12 3 S 24.9 (3%)
GPC P 12 4 S 25.4
GPC P 12 1 - -
Steel GPC P 12 2 S 21.0 2.0
$16mm GPC P 12 3 S 22.5 (3%)
GPC P 12 4 S 22.0
GPC P 12 5 S 22.7
GPC GP 12 1 P 10.6
GFRP GPC GP 12 2 P 7.7 97
$12mm GPC GP 12 3 P 9.5 (14%)
GPC GP 12 4 P 9.4
GPC GP 12 5 P 11.4

P = bar pull-out failure
S = concrete splitting failure

On the other hand, pull-out tests results in case of bond length equal to 2.5¢ are reported in Table 5
and Fig. 5 (right). Differently from the tests previously shown, only specimen GPC_S2.5 4 exhibited
concrete splitting failure.

As can be seen in Fig. 5 (right) the shorter bond length allowed to obtain the descending branch
and the following plateau of the bond-slip curves of GPC with steel bar. The bond strength of GPC
with deformed steel bar was higher than with GFRP bar.

In respect to the pull-out tests results with 5¢ bond length, Ty max agjav Of GPC with steel bar are
sligthly lower, whereas in case of GFRP bar Ty, yx adjav 1 higher when the bond length is halved.
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Table 5 Pull-out test results with bond length equal to 2.5¢

Specimen Sample Failure mode Th,max.adj [MPa] Tb{“ﬁ;‘[’ifgjj’av
GPC S2.5 1 P 239
Steel GPC S2.5 2 P 28.3 045
$12mm GPC S2.5 3 P 21.9 (1 1%)
GPC S2.5 4 S 22.2
GPC S2.5 5 P 26.4
GPC G2.5 1 P 15.1
GERP GPC G2.5 2 P 16.6 151
$12mm GPC _G2.5 3 P 16.1 (10%)
GPC G2.5 4 P 15.3
GPC G255 P 12.6

P = bar pull-out failure
S = concrete splitting failure

Fig. 5 Bond-behavior curves of GPC with deformed steel and GFRP bars with bond length equal
to 5¢ (left) and 2.5¢ (right)

4 Conclusion

The experimental activity illustrated in this work deals with some properties of GPC. In particular,
compressive strength, constitutive law and bond behavior with steel and GFRP bars have been re-
ported as a part of a wider study that includes tests on both material and structural elements.

Based on the results, the GPC mix shown herein encourages to deepen the analysis regarding both
the compressive strength and the bond behavior. In fact, the mixture was able to reach high compres-
sive strength combined with the outstanding capacity to increase until 100 days of curing, at least. It
will be interesting to perform a specific analysis about this aspect in order to define a new compres-
sive strength evolution model prevision for GPC in function of GGBFS quantity. Moreover, results of
pull-out tests with deformed steel and GFRP bars underlined a comparable behavior to OPC concrete.

These results promoting the idea to use this cement-free concrete for structural applications. For
this reason, are actually in progress tests on reinforced GPC beam elements designed to exhibit bend-
ing or shear failure. The obtained data will be involved in a numerical analysis that provides a rapid
and economic tool to study the incidence of the most relevant variables on GPC structural behaviour.
Moreover, durability should be investigated in terms for example of water permability and resistance
to sulfate attack.
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Abstract

In the course of bond research of reinforced concrete for the past decades, the pull-out test with a bond
length /» of 5 times the bar diameter ds established as the standard to investigate the local bond behav-
iour. Despite the known disadvantages of this test setup, results of pull-out tests build the basis for bond
stress-slip relationships like the approach of fib Model Code 2010 [1]. Current investigation at the
Technische Universitit Dresden focus on the bond behaviour and the bond stress distribution for ribbed
bars with short and very short bond lengths under various loading conditions. The investigations include
different types of specimens and the targeted use of fibre-optic measuring technology.

1 Introduction

The success story of reinforced concrete is based on the targeted exploitation of the material properties
of concrete under compression and of reinforcing steel under tensile stress. The interaction between
concrete and steel reinforcement, known as bond, is essential for reinforced concrete. In separation and
bending cracks, the reinforcement transmitts tensile forces by itself, but to both sides of the crack these
forces are reintroduced into the concrete due to the bond action. Thus crack widths and crack spacings
are decisively dependent on the bond behaviour. In addition, the bond action influences the construc-
tions stiffness at the cracked state and the resulting load-deformation behavior of a reinforced concrete
(RC) element.

In the course of bond research on reinforced concrete over the past 100 years, it can be assumed
that more than 30 parameters influence the bond behaviour [2]. Besides the material properties of the
individual components and the loading conditions, the configuration of the test setup and especially the
bond length in the specimen have a significant influence on experimental results. In this article the
experimental and instrumental setup, test results and the procedure of evaluation are shown. Further-
more, the questions of a suitable bond test and what local bond behaviour means are discussed.

2 Bond behaviour in experimental tests

2.1 Bond tests and bond stress distribution

The suitability of test setups for investigating bond behaviour has been the subject of controversial
discussion since the beginning of the 20th century [3]. The most used test to evaluate the bond behav-
iour of steel reinforcement is the pull-out test (PO) according to RILEM [4]. It is known for the com-
paratively simple setup and easy way of specimen production.

However, the main weaknesses of the RILEM pull-out test are the large concrete cover and the arch
effect of the reacting forces (Fig 1). This effect causes a transverse pressure in the bond zone, what
increases the bond resistance and subsequently leads to an overestimation of the bearing capacity. How-
ever, the load capacity increase can not been quantified by a study so far. Due to the minimum edge
length of the test specimen of at least 200 mm or 10.0 times the bar diameter ds, the minimum concrete
cover is at least 90 mm, respectiveliy > 4.5 ds. The large concrete cover represents a high level of con-
finement, which is necessary to achieve the highest possible bond resistance, the so called pull-out
failure.

For real structural elements, the concrete cover is usually in the range between 20 and 55 mm.
Depending on the bar diameter, this normally corresponds to 1.0 to 4.0 ds. According to Vandewalle
[5], a concrete cover of 2.5 to 3.5 ds is required to achieve a failure by bar pull-out. Therefore, the
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concrete cover of most of the structural elements does not comply this criterion and the reinforcement
has an insufficient level of confinement to reach the maximal bond resistance, which can be achieved
by pull-out tests.

Fig. 1 Left: scheme of pull-out test; middle: scheme of beam-end test; right: modes of bond failure

The lower concrete cover leads to a change of the failure mode towards a more or less sudden splitting
failure. Depending on the transverse reinforcement, both failure modes appear in combination (Fig. 1
right), which may be definded as “splitting-induced pull-out failure”. Anyway, an insufficient level of
confinement leads to a premature failure and a reduction of the bond resistence. Hence, the pull-out test
does not accurately represent stress states and the boundary conditions of bond zones of real RC ele-
ments. However, the pull-out test is suitable for testing the influence of individual material parameters
such as concrtes strength and rib geometry. In contrast, test configurations such as the beam test and
the beam-end test (BE) represent the bond conditions of real RC components in a better way (Fig. 1
middle). The force flow within the the specimen does not cause any transverse stresses in the bond zone
and the concrete cover is adjustable. However, the associated guidelines and standards specify a bond
length of 10 ds instead of 5 ds in the pull-out test [4], [6]. The comparison of results of bond tests with
differently specified specimen types therefore includes the influence of different bond lengths [7].
F  os-d

5=, o

b b
As early as 1905, Bach [8] determined the decrease in the length-related bond resistance 7 (1) with
increasing bond length on the basis of tests with plain steel bars. Bach saw the cause of this behaviour
in the elasticity of the pull-out bar. As the tensile force decreases, the strain along the embedded bar
also decreases. The assumption of a uniform distribution of the bond stress along the bond length is
therefore not applicable for longer bond lengths. Morsch [9] found a plausible explanation for this
phenomenon. Fig.2 left shows the tension stress os of the bar and the bond stress distribution along the
bond length for different load stages. The local bond stress maximum shifts from the loaded to the
unloaded end of the bond length as further the load reaches the bond resistance of the embedded bar.
Close to the load limit (Stage III), the load is mainly transmitted by the rear part of the bond length.
Areas closer to the loaded end are already damaged, but can still transfer minor load due to friction
between the bar and concrete. Depending on the local slip, each point within the bond length is at a
different bond stress state. Consequently, the mean value calculated under the assumption of a uniform
distribution is smaller than the local maximum. Therefore the average bond stress decreases with in-
creasing bond length.

T

Fig. 2 Left: bond stress distributions at different loading stages according [9], taken from [2];
right: typical bond stress to slip curve

These findings were confirmed by the investigations of Mains for ribbed bars [10]. By means of strain
gauges distrubted along the pull-out bar of long test specimens, Mains could reveal the non-uniform
distribution of bond stresses for different load levels.

177 Bond stress distribution of ribbed steel bars in reinforced concrete with short bond length under various
loading conditions
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2.2  What means local bond behaviour?

To describe local failure criterias of bond between reinforcement and concrete, bond tests with short
bond lengths are usually carried out. According to Model Code 2010[1] it is possible to consider an
average local bond to local slip relationship for short bond lengths. For the definition of a short bond
length /» the magnitude of /b <5 ds has been established in scientific practice, which is in accordance
with the standard for the pull-out test by RILEM [4].

Nevertheless, the experimental results of [11] and [12], for example, indicate that the length-related
bond stress continues to increase even for shorter bond lengths. Therefore, for a bond length of 5 ds, the
bond stress is not uniformly distributed along the bar and the bond behaviour cannot be considered
local. An accurate description of the local bond-slip relationship allows to derive generally valid state-
ments about the bond behaviour of ribbed reinforcing steel in concrete for any bond length by means
of theoretical approaches such as the differential equation of the sliding bond [13] eq 2. In addition to
the closed solution by using special approach functions for 7(x), equation (2) can also be solved by
stepwise integration. Martin [13] suggests a step size of one rib spacing for that, which corresponds to
roughly 0.6 ds for common rebars. On the other hand, the step size should be equal to the bond length
in the experiments on which the associated local bond law is based.

2 . .
LW 9w W () = 1(s(x)) ()
dx Eg - Ag E.-A,
Reference [1] provides a mean bond-stress to slip relationship, where the maximum bond strength zmax
is defined in dependence to the square root of the mean concrete’s compressive strength fem, see eq. 3.
This is valid for pull-out failure under well confined concrete (concrete cover > 5 ds).

Tmax = 2.5/ fem 3) Tmax = 045 fem 4)
In contrast to this, the investigations of Huang et al. [14] revealed much higher bond stresses than
expected by the bond model of MC2010[1]. Based on their results of 28 pull-out tests with a bond
length of 2.5 ds, they introduced a linear approach to describe the maximal bond stress in case of pull-
out failure for normal and high strength concrete, see eq. 4.

Local bond to slip relationships are often used to calculate crack width for different loading sitiua-
tions. Rohling [15], for example, calculated the increase in crack width under permanent load using the
bond-oriented crack theory by Krips [16]. The input parameters for these calculations were the results
of pull-out tests with a bond length of 5 ds. However, Rohling points out, that the quality of these
calculations depends on how accurately the local bond law represents the actual conditions in the struc-
tural element. This applies in the same way for numerical investigations of bond behaviour like [17].

For few years now, fibre-optic sensing technology is offering the possibility of quasi-continuous
measurement of strain values at intervals of less than one millimeter. Distributed optical fibre sensors
(DOFS) have already been successfully applied in reinforced concrete for crack detection and strain
measurements in concrete, [18] and [19]. Applied in bond tests, this method allows to record local and
time-related changes within the bond zone. This makes it possible to record local failure criteria and
define local bond stress-slip relationships.

2.3  Specifics of tests with short bond length

When carrying out tests with short bond lengths, some effects have to be taken into account, which are
usually not relevant for bond lengths of 5 ds and even more. In general, for short bond lengths, different
arrangements and imperfections in the bond zone have a bigger impact on the results, which is mostly
reflected in a larger scatter.

5
+ 2ds +
ConErclc

Arrangement | Arrangement 3

Arrangement 2 Arrangement 4

Fig. 3 Left: bond stress-slip curves for different rib arrangements [17]; right: rib arrangements
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By means of numerical simulations, Zobel [17] shows that the exact position of the ribs within the bond
zone have considerable influence on the results of tests with short bond lengths. Depending on the
arrangement, two or three ribs are involved in the force transmission for a bond length of 2 ds. Therfore,
the ultimate bond stress can vary up to 25% from the average (fig. 3), which covers the scatter of the
experimental results from [20] well.

Another influencing factor is the diameter of the bond breaker. Usually plastic sleeves are used to
define the bond length within the specimen and to ensure a free pre-length of at least 5 ds. However,
the plastic sleeve is also an interference for the load transfer, which leads to an early cone-typed failure
of the first concrete key. Zobel [17] investigated the influence of the ratio of diameters between bond
breaker and bar di/ds with the result, that an increase of this ratio causes a decrease in bond strength
(fig. 4). As bigger the diameter of the bond breaker is, as further in reaches the failure cone and pre-
damages the bonded zone. This affects the test results with very short bond lengths more than for longer
bond lengths.

Fig. 4 Left: bond stress-slip curves for different ratios dn/ds [17]; right: bond zone after pull-out
failure
3 Experimental methods

3.1 General

Current investigations at the Technische Universitdt Dresden focus on the bond behaviour and the bond
stress distribution of ribbed steel bars under various loading conditions, including monotonic, cyclic
and long-term loading. The investigations compromise approx. 250 individual tests, 130 carried out so
far, on three specimen types and different concrete grades reaching from normal to high strength con-
crete.

3.2 Material properties and test program

Different kinds of concrete are used, reaching from a mean uniaxial strength of fom = 30 MPa up to fom =
120 MPa. In the test carried out so far, one normal strength concrete named C40 and two high strength
concretes named C80 and C120 were used. These two are self-compacting concretes, whereas the C40
must be compacted. All kinds of concrete have a maximum grain size of 16 mm. The compressive strength
and splitting tensile strength were determined on 10 cm cubes. The cylinder compressive strength was
calculated with a conversion factor, which was determined in advance for each concrete using 6 standard
cylinders (d =15 cm). Table 1 shows the properties of the concretes after a minimum test age of 56 days.

Table 1 Concrete properties
Type fe,cuberoo [MPa] cal. feey [MPa] | fetsp.cubetoo [MPa] | E-Modul [MPa]
C40 55.6 48.6 3.9 34000
C80 110.5 96.1 5.6 40800
C120 141.5 123.0 6.6 51900

The nominal bar diameter ds is 16 mm in all tests and the pull-out bar is made of B500 B (yield strength
Jfyk =500 MPa). The bars are provided with a pressed-on sleeve to apply the loading. The bond breakers
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are plastic tubes with a diameter of dh = 25 mm, what means a ratio of dn/ds = 1.56. The experimental
programme includes systematic investigations of the influence of the bond length on the ultimate bond
stress using pull-out tests and beam-end tests as well. The pull-out tests were configured according to
[4] with a cover of 92 mm (¢ = 5.75 ds), but with a lead length of 120 mm. The beam-end test allows
different configurations of concrete cover, transverse reinforcement and supplies a more realistic stress
state inside the specimen. Fig. 5 shows the configureration for a bond length of 2 ds and a cover of 2 ds.

Fig. 5 Configureation of beam-end specimen

The number of ribs and their location, individually for each embedment length, as well as the number
of two stirrups @6 within the bond zone were kept the same in all of the tests (Fig. 5 right). Table 2
gives an overview about the monotonic loaded tests carried out so far.

Table 2 Test programme

Concrete | Test | ¢=2.0 (BE)/5.75 (PO); = | h=2.0 ds; c= rotated no | shif- | Z
1020 |25]30]40]| 3.0 | 40 | 90° | 180° | stirr. | ted
C40 BE | 4 8 - 3 4 - - - - - - 19
BE | 4 | 20 | - 3 3 3 3 3 3 3 3 48
C80
PO | 4 6 - 3 3 - - - - - - 16
BE | 3 13| 2 3 3 3 3 3 3 3 3 42
C120
PO | 4 6 - 3 - - - - - - 13

The different configurations are used to investigate the influence of the bond length (col. 3-7), for beam-
end tests the influence of concrete cover (col. 8 and 9), a rotation of the bar around the longitudinal axis
(col. 10 and 11), the removal of transverse reinforcement (col. 12), and a shift of the rib arrangement
by half a rib spacing (col. 13).

The specimens are made in series of 3 or 4 samples out of the same batch. The bar is placed in
horizontal position during casting and the beam-end specimens are concreted upside-down to ensure
good bonding conditions. After demolding the samples are covered with moist cloths for 6 days and
then stored indoor until testing. The monotonic tests are executed path-controlled and are also used as
refernce for tests with cyclic and long-term loading. For the cyclic experiments, the specimens are
exposed to a tensile loading with a lower stress level of 0.4 zut and an upper stress level of 0.7 to 0.8
nut depending on the static bond strength zur of each series. Further information about the cyclic tests
can be found in [21]. The continuation of the test programme includes further monotonic tests on nor-
mal-strength concretes as well as long-term tests. In addition, tensile tests under long-time loading are
planned, the results of which will be used to validate calculated crack widths.

3.3 Instrumentation and fibre-optic sensing

By default, the slip at the unloaded end of the bar is measured by contact-free displacement transducers
(LVDT). For beam-end tests another LVDT is attached at the loaded end and two more LVDTs are
placed right above the bond zone, one longitudinal and one in transverse direction, to record the growth
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of cracks on the upper surface. The measurement distance is 100 mm for both of them. The force is
measured with a load cell, which is connected with the hydraulic cylinder. All signals were sampled
with a rate of 5 Hz.

In addition, DOFS has already been used in some tests and will be used more in upcoming series.
The hair-thin sensors with a polyimid coating are applied direcly to the pull-out bars with cyanoacrylate
adhesive and enable the quasi-continuous recording of strains along the bar with a resolution of
0.65 mm per measured value. In tests carried out so far, a sensor fibre was redirected several times
outside the bond zone so that it was applied along both sides of the two longitudinal ribs. Therefore the
sensor passes through the bond zone four times. Within the bond zone, the sensor is covered with a thin
layer of silicone to prevent bonding with the concrete. Protective tubes are arranged outside the bond
zone (fig. 6).

Fig. 6 Applied sensor fibre and protective tube; left: at the longitudinal rib; middle: in groove
through the inclined ribs; right: with support frame in helix form.

In preliminary tests, the sensors are applied at different positions on the bar with the help of grooves in
order to identify strain differences within the reinforcement’s cross-section. By means of support
frames, the sensor fibres are also placed in the surrounding concrete of the bond zone for some samples
and can detect strains in the circumferential direction.

4 Results and discussion

Looking at the experimental results for monotonic loading and a bond length of /=2 ds (fig. 7 left), it
can first be seen that an increase of concrete compressive strength results in higher bond strength. All
test results are above the approach according to MC 2010, eq. (3). On the other hand, there is good
agreement with the linear approach according to [14], eq. (4), although this applies especially to the PO
setup and lower bond strengths were determined in the BE tests.

70 70
L, =2.0 d; ) — BE: ¢=2.0 d;
- 60 | BE: c=2.0d; @ &£ 60 | PO: c=5.75d,
£ PO: c=5.75 d, %o =
= 50 250 ﬁ
® o © g e}
£ 40 4, 88 £ 40 9 /\o
= 6878 & O‘//g © g
2 30 8 £30 o
£ L o
< 20 g 20 o ? *
5 2
A 10 210
<
0 0
0 35 70 105 140 0 16 32 48 64 80
Concrete compressiv strength f, | [MPa] Bond length 1, [mm]
Fig. 7 Left: relationship of bond strength and concrete compressive strength; right: relationship of

average bond strength and bond length (with mean concrete strength for each concrete type)

This phenomenon is even more noticeable for bond lengths longer than 2 ds (fig. 7 right). The reason
for this is the lower concrete cover in the BE setup, which reduces the confinement effect. For bond
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lengths of 2 ds or more, the big ring tensile forces cause splitting cracks, which lead to premature failure
and reduced bond strength. The crack propagation of these cracks was recorded during the tests (see
3.3) and the crack patterns were subsequently documented.

However, no cracks were found on the concrete surface in BE tests with [, = 1 ds. According to this,
the same failure mode occurred as in the PO tests, which also explains the almost identical test results
for this bond length. The test results also confirm the influence of bond length even for short bond
lengths /b <5 ds. In BE tests, a doubling of the bond length from 2 to 4 ds was observed to reduce the
bond strength by approx. 30%. With the PO setup, this effect is less significant. The reason for this are
probably the higher absolute pull-out forces at longer bond lengths, which increase the splitting effect
and lead to larger crack widths in BE specimens. After the splitting is occurred, only the two stirrups
ensure a certain level of confinement, which depends on the ring tensile forces. Anyway, for both spec-
imen types and all three concretes, a decrease in bond strength is observed for a bond length of lb=1 ds.
The cause of this can be found in fig. 4 right. As the first concrete key cannot support itself due to the
bond breaker, a breakout cone forms early on. The depth of this cone does not participate in the further
load transfer or only by friction and depends on the diameters of the bar and the bond breaker. Under
the selected conditions, the depth of the breakout cone is approx. 7 mm, which shortens the effective
bond length accordingly. For the bond length of /, = 16 mm, this means a shortening of the transmission
length by almost half, for [ = 64 mm only by roughly 10%.

Fig. 8 Left: steel strain curves for different load levels; right bond stress distribution along the
bond length

To detect those effects, differences and changes in load transfer within the bond zone during experi-
mental tests, DOFS are used. Fig. 8 left shows steel strain curves along the pull-out bar within the bond
zone for different load levels. It is noticeable that the strain curve for a low load level takes on a slightly
concave shape. By increasing the load, the shape changes to a convex course, which indicates a redis-
tribution of the load transfer. Through local derivation of the strain curves, it is possible to obtain the
bond stress distribution along the bar (Fig. 8 right). If the stress distribution at 0.4 Fmax can still be
declared as quasi uniform, a doubling of the load causes a redistribution towards the middle of the bond
length. At the time of failure, the force is mainly transmitted through the last concrete key, resulting in
a local bond stress of almost twice the mean value. Hence, it can be stated that there is a redistribution
of stress from load close to load far areas during the progress of damage, which confirms Morsch’s
theorie [9].

5 Conclusion and Outlook

In this paper, recent investigations on local bond behaviour at short bond lengths were presented. Based
on a literature review and the results of over 130 individual tests under monotonic load, it is shown that
the bond stress distribution cannot be assumed to be uniform even for short bond lengths. By means of
DOFS, it was determined that a redistribution of the load transfer within the bond zone occurs during
the damage progress. In addition, local bond stresses could be detected, from which local failure criteria
can be derived.

Further investigations will address the effects of different loading situations such as fatigue and
creep on the internal load transfer in the bond zone. Subsequently, local bond stress to slip relationships
are described, which serve as a basis for determining crack widths.
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Abstract

Alkali-Silica Reaction is a harmful pathology which can alter mechanical properties of a structure.
Ensuring security of such affected structures by predicting its behaviour constitutes an important need
and challenge, which can be answered by numerical modelling. In this study, affected structures are
modelled trough a homogenization approach where the homogenized material is directly reinforced
concrete. The aim of this paper is the evaluation of the numerical model response in an ASR context.
Reinforced concrete beams loaded until failure drawn from the literature are modelled. After a de-
scription of the main features of the model, a parametric study on mesh size impact is performed to
highlight the model stability.

1 Introduction

Alkali-Silica Reaction (ASR) is an endogenous concrete reaction which can cause important deg-
radation in concrete and could lead to the decrease of structure performances. It is due to the chemi-
cal-reactions between alkali present in the pore solution and the amorphous or low crystallised phases
contained in siliceous aggregates. This attack leads to the production of new phases and to concrete
expansion and cracking. Although this reaction has been studied since a long time [1] [2], works are
still necessary to be able to predict future expansion and to evaluate its impact on real structures.
Evolutions of swelling and induced cracks are mostly driven by ASR chemical advancement. In spite
of that, stress state, induced by external loads or restraints, can cause preferential cracking directions
[3] [4] [5]. Hence, the evaluation and the prediction of the structural behaviour of reinforced concrete
structures affected by ASR represent more than a challenge, but a real need to ensure their safety.
Rehabilitation project and their optimisation constitute also an actual requirement for construction
supervisors. Numerical modelling is a suitable solution to help managers, notably in its non-
destructive and limited cost nature. Nevertheless, most of the ASR-affected structures are generally
large-scale works which are reinforced with a very big and dense reinforcement network. More than a
longer computational time, the mesh can lead to important numerical complexities. It can lead to real
numerical limits because of physical boundary, especially in the interface zone between steel and
concrete. In ASR context, concrete swelling is restrained by the steel bars. It can lead to important
stress concentrations, and so, to a localised overestimation of damage. As this area is responsible for
the bond ability, its degradation can lead to a too important loss of rigidity and so to an unrealistic
structural response. In order to avoid such limits, homogenized model have been developed [6] [7].
This approach is based on the consideration of a unique material called homogenized reinforced
concrete. Steel bar does not need to be meshed anymore. Its contribution is evaluated by a specific
behaviour law and combined with the concrete law according to their distribution and their direction,
to constitute the whole material response. The aim of this study was to validate the prediction ability
of this model. In order to evaluate the model stability, a parametric study about mesh size impact is
realised in an ASR context. The comparison between numerical response and experimentation is
based on the experimental test realized by Ohno and al [8], where ASR affected beams were studied
and compared to non-reactive beams. After an aging period, where these structures have been submit-
ted to natural weather, they were loaded under a four-points bending test until their failure. Due to
ASR swelling, chemical prestress phenomenon occurs and impacts the structural response (aging and
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failure phases). After the model presentation, the behaviours of the beams are modelled, and the
responses obtained with different modelling meshes are presented. Fine-meshed, medium-meshed and
coarse-meshed are used and results on strain evolution, chemical prestress, load-deflection curves,
cracks patterns and stress-profile are analysed.

2 Formulation

21 Rheological model

In this work, the modelling of reinforced concrete is made by a homogenized approach. There is
no need to mesh the reinforcement network, because the specific material model can consider the
whole material as reinforced concrete. The behaviour law is defined by the combination between steel
and concrete contributions according to their distribution. Fig. 1 shows the rheological scheme of this
model.

Fig. 1 Rheological scheme

In order to consider the phenomenon of chemical expansion, the concrete behaviour is defined in the
poromechanical framework [9]. The total stress is composed by the external stress applied on the
solid skeleton and by the internal stress due to ASR, weighted by a Biot coefficient evaluated accord-
ing to its nature. Cracks induced by localized phenomenon (for example due to structural effect) are
differentiated from diffuse cracking induced by internal pore pressure, (for example induced by ASR
gels, DEF products, water...). To obtain this distinction, different criteria are used: a Rankine associ-
ated criterion for tensile strength at structural scale (localized cracks), a Rankine criterion for tensile
strength at micro-scale (diffuse cracking due to internal pressure) and an isotropic Drucker-Prager
criterion for compression and shear external loadings. Regarding to the micro-scale, the criterion is
written in terms of effective stress within the meaning of poromechanics. In any events, in the both
scales, cracks induce specific reduction of mechanical characteristics. To quantify the mechanical
evolutions, the model is also based on damage theory [10]. In order to characterize the level of me-
chanical damage, damage variables are defined according to the phenomenon considered (tension,
compression, internal pressures). Shear damage is isotropic while damage induced by tension and
pressure are anisotropic. The opening of the cracks induced by external loading can be evaluated from
plastic deformations as described in [11]. As this study mainly concerns the ASR evaluation of a
reinforced concrete structure, only these parts of the model are developed in the present paper. All the
other parts of the model are detailed in [7] .

2.2 ASR modelling

First, the ASR-modelling evaluates the chemical advancement of the reaction before computed
the induced internal pressure. Chemical advancement leads then to the determination of the gel vol-
ume dfg . Temperature and moisture impacts on kinetics and amplitude of swelling are considered in
the modelling (through Arrhenius law for temperature [12] [13] and Poyet’s law [14] modified by
Morenon [15] for water effect). This paper focuses on the structural consequences of ASR and its
modelling and the laws for the chemical advancement are not totally described. More detailed de-
scription of the chemical part of the model can be found in [7]. The ASR pressure (1) is generated by
the ASR-gel volume according to the connected porosity @4¢r (volume of the connected porosity
becomes higher with the induced internal pressure rise), to the modification of porosity spaces in-
duced by the elastic and delayed strains, £ and € respectively and lastly by the volume induced by
cracking "SR
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PASR = MASR <¢ZZR - <¢/‘1}SR(1Z;§§e )+ bASR ’ tr(g°' +e” )+(l'bASR) ’ tr(gpl!ASR )>+>+ (1)
Finally, the cracking induced by such phenomenon is evaluated through a Rankine associated crite-
rion (2). This cracking is considered as diffuse in concrete. The present model does not propose to
evaluate the corresponding crack opening which depends on the reactive silica content and on the
aggregate size and distribution in concrete. Induced by the development of internal and swelling
pressure, the criterion used to manage is writing in a poromechanical sense. Cracking starts when the
effective stress, 6 °?, induced by ASR exceeds the local tensile strength:

ﬂASR=%q—R6 (2)

With &% = P,y +min(&50)

Note that the evaluation of internal pressure and induced plasticity is also usable for the delayed
ettringite formation (DEF) [16]. If the chemical equations are different, the mechanical consequences
are close.

The impact of external stress on ASR expansion is well-known: if one direction is reinforced or re-
strained [3], [4], [5], a chemical prestress phenomenon occurs. Restrained expansions are the cause of
compression stress in concrete. This confinement effect leads to decrease the criteria (2), to reproduce
the cracking orientation along reinforcement. If the criterion is reached, plastic strain can be evaluated
to reproduce ASR diffuse cracking. The damage induced by ASR-expansion is then evaluated accord-
ing to the plastic strain to reduce the mechanical characteristics in the structure. The impact of expan-
sion is not the same on tensile (3) and compressive diffuse damage (4). The tensile damage is directly
evaluated through the plastic strain and a characteristic strain e¥458[17].

t,ASR &/ A
D™ = (3)

~  _pl,ASR k,ASR
e +e

The compressive damage due to ASR is evaluated by a combination of tensile damage in the two
perpendicular directions:

DIC,ASR — 1 _ ((1 _D;I,ASR )(1 _ Dt,ASR ))aASR Wlth — 15 ( 4 )

111
This mechanical part has been validated on reactive beams, in cases of ASR and DEF swelling, and
two dams by Morenon in [15].

2.3 Reinforcement consideration

After the description of the concrete behaviour, the reinforcement contribution is calculated
through a homogenized law[ 18]. Each reinforcement is defined according to its direction, its quantity,
defined by a cross-section ratio p', and its mechanical strength (yielding, hardening...). Until three
directions of reinforcement can be defined by finite element. With Nr the total number of reinforce-
ments, the homogenized behaviour law can be written as:

Nr Nr
Gijz(l_zp )G,’;"'ZP Girj’” (5)
n=l1 n=l1

Each reinforcement acts only along its axial direction. The ‘steel / concrete’ ratio is an input data and
can be defined along three different directions (the directions of the reinforcements, defined by vec-
tors, are also an input data of the model). The steel contribution o' is evaluated through an elastoplas-
tic law in each considered direction, and its plasticity is driven by a uniaxial plastic hardening crite-
rion:
r r r r,pl r r,pl r
f=|E(5 —8”)—H8"’|—fy (6)

In a previous study, Chhun [19] validated this part of the model, on a strongly reinforced beam under
a three-points bending test and then on a nuclear power plant containment wall during its operational
phase and during a scenario of loss of coolant accident without ASR consideration.

3 Modelling

3.1 Parameters
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This numerical study is based on experimentations performed by Ohno et al [8] about the ASR

impact on the mechanical behaviour of reinforced concrete beams. In order to evaluate the deteriora-
tion due to this pathology, two non-reactive beams and two reactive ones were realized. First, an
aging period of the beams was monitored, where they were submitted to natural weather. After this
phase, they were submitted to a four-points bending test until their failures. The reinforcement net-
work was composed by four 25 mm diameter steel bars for the longitudinal reinforcement, and by 10
mm diameter for transversal reinforcement. Yield strengths were given by the authors, respectively
420 MPa and 399 MPa. Elastic and hardening modulus were not specified, so it has been decided to
consider them as usual values, respectively 200 GPa and 1000 MPa. For the concrete, the initial me-
chanical strengths were almost the same. The elastic modulus and compressive strength have been
evaluated by the authors, and the tensile strength has been extrapolated from the NF_EN 1992 for-
mulas for the numerical analysis. These values are respectively 37 GPa, 27.5 MPa and 2.2 MPa.
To access a realistic flexural behaviour and to obtain specific information during the failure phase, it
is important to position the reinforcements zones on specific part of the mesh representative of the
real reinforcements. Here, longitudinal reinforcements were concentrated in the upper and lower
fibbers (Fig. 2). For transversal reinforcements, it was chosen to distribute their transversal part in the
same way and to homogenize their vertical part overall the beam due to the limited effect on this
direction. This distribution is shown on Fig 2.

Fig. 2 Beam reinforcements, a) Mesh strategy b) Transversal reinforcement, c¢) Longitudinal
reinforcement, d) Transversal reinforcement

The symmetrical geometries of these beams allow to model their quarter only. To consider these
conditions, displacement along transversal and longitudinal direction are blocked on two faces. The
other “external” faces are stress-free during the aging period. To represent the simple support of the
beams, and the loading, a support line and a loading line are defined on the mesh. Vertical displace-
ments on the support line are vertically blocked. After the aging phases, vertical displacements are
imposed on the loading line to simulate the flexural test.

3.2 Aging phase

The first aim of this study is to evaluate the mesh size impact on the structural response of this model.
Three meshes are defined, MO is finely meshed whereas M2 is coarsely meshed, the mesh of M1 is
between the two first ones (Fig 3). In this part, the strain during the aging phase and the evaluation of
the chemical prestress are the benchmarks for this parametrical study.

3.2.1 Strain
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Fig. 3 a) Mesh size and monitoring points b) Nonreactive vertical strain, ¢) Nonreactive longitu-
dinal strain, d) Reactive vertical strain, ) Reactive longitudinal strain

In order to evaluate the flexural performance after different ASR advancements, two aging-
periods were tested experimentally and numerically, one of 17 months and one of 45 months.
The differences of numerical results obtained for the strains of non-reactive beams with the differ-
ences meshes are very small, with absolute differences of less than 107. Due to the numerous and
additional calculus, and hence approximations in those calculus, induced by the ASR modelling, a
more important variation can be observed for strains of reactive beams than the nonreactive ones. For
the vertical strains, the absolute difference is about 10, Therefore, mesh size has a negligible impact
on evaluated strains for both reactive and non-reactive beams.
The impact of the mesh differences on computational times is considerable. The calculations per-
formed during the aging periods for the reactive beam are 135 times faster for the coarsest mesh than
for the finest one. This impact is much less important in non-reactive case, around 10 times less for
the aging period.

3.2.2 Chemical prestress

As previously explained, concrete expansion restrained by the reinforcement bars leads to chemi-
cal prestress. It induces a confinement effect mainly in the longitudinal direction of concrete. In order
to highlight this effect, stress profiles are drawn at the end of the aging phase in Fig. 4. In order to
estimate the mesh-size impact, results are presented according to the mesh used to obtain the stress
profile. Stress are presented on the Gauss points of the axis of symmetry, then, the evolution is ob-
tained by linear extrapolation on height of the mesh-elements.
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Fig. 4 Longitudinal stress profiles at the end of aging phase a) MO-mesh b) M1-mesh c¢) M1-
mesh

Although the evolution of stress is less continuous with the coarsest mesh, there is not significant
differences between these profiles for the three meshes: the cross-section of the beams remains com-
pressed around 4 MPa. For the reactive beams, there are some variations at the upper and the lower
fibres where longitudinal reinforcements are concentrated. The variation between the three meshes is
about 0.1 MPa around an average value of 3 MPa for the 17 months compressive stress. For the 45
months reactive case, the compressive stress is about 3.8 MPa. The increase in compression is due to
the difference in reaction advancement for the longest aging period (45 months).

3.3 Failure phase

3.3.1 Load displacements curves

The modelling has been made in two stages. After the aging phase, load is applied as a displace-
ment on a loading line. Then, vertical displacement and nodal forces are raised to establish the load-
deflection curves (Fig 5).
In order to compare the results for the three meshes more easily, the non-reactive curves at 17 months
and 45 months have been separated (Fig 5. a) and b)). In all cases (reactive and non-reactive), the
structural behaviour during the loading test is well-reproduced. In the non-reactive cases, the finest
mesh (MO) presents a slightly stiffer evolution than the coarser ones (M1 and M2) after concrete
cracking. But the difference is quite small. For the non-reactive beams tested at 17 months, the load at
first concrete crack is around 64 kN, 59 kN and 56 kN for M0, M1 and M2 respectively. For the 45
months case, values are quite the same with a difference of less than 1 kN.

Fig. 5 Load-displacement curves a) Non-reactive cases 17 months, b) Non-reactive cases 45
months, c) Reactive cases 17 and 45 months

For the reactive beams, the dependence of the numerical results to mesh size is smaller than for the
non-reactive beams. All cases corresponding to the same aging period show a very similar evolution.
Moreover, the gap between the beam tested at 17 months and at 45 months at the yielding phase is
well remained. In the same way as the nonreactive case, this difference is induced by the longest
aging-period. For the reactive beams, the difference is due to the increase of ASR damage for the
longest period of aging. Besides that, and whatever the mesh size, all the reactive beam shows an
initial underestimation of their flexural behaviour. This underestimation is induced by the gel rheol-
ogy consideration. In this model, the gel is considered as a fluid with a high-tension surface and nega-
tive angle contact, moving to the porosity in case of impossible cracking (case of reinforced struc-
tures). If the intrusion pressure of the gel decreases due to a change in loading (loss of confinement
generally), the filled-porosity part of gel decreases too (Equation (1)). The part of gel coming back to
its initial reactive site induces a slow pressure decrease, often slower than the decrease of unloading
causing it, so, the residual pressure, even if lesser then previously, is yet in an unconfined matrix,
what can provoke diffuse cracking of the concrete matrix. Due to this new damage, the subsequent
rigidity of the matrix is too much reduced.

In this case, the bending generates a pressure in the bottom of the beam, what acts as a deconfinement
of the matrix as explain above, and then damage concrete and over-reduces the stiffness of the beam
comparatively to the experimental data. Although this consideration may be unrealistic, further devel-
opment have to be proposed to limit this “unloading-damage”, which is the aim of our future work.
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Note that there is a gain time of about 30 times between the coarsest and the finest meshes during the
loading calculations.

3.3.2 Cracks patterns

Fig. 6 Structural crack opening at the end of the load for all the meshes (for coarse mesh the
element can include two cracks and the plotted crack opening is the cumulated opening in
each finite element)

The evolution of cracks opening is an important data for structures evaluations. The location of
the cracks is well-reproduced whatever the mesh size (Fig. 6), but the location of cracks and their
opening appears less accurate for coarser meshes. Regarding to the maximal and final values, cumu-
lated cracks opening is almost twice larger between the finest and the coarser meshes, M0 and M2.
Nevertheless, MO mesh shows two distinct cracks while there was only one damaged finite element
for M2. In MO, there is a single crack by element while for M1 and M2 two cracks can coexist in a
single finite element, this is due to the fact that the crack number in a finite element depends also on
bond strength and on the finite element length in the tensile direction[7]. The model adapts automati-
cally the fracture energy to the expected crack number.

Finally, at the end of the test, flexural cracks were presents for all the cases and all the mesh, and their
values are quite close. The difference in cracks distribution is induced by the presence of chemical
prestress in various advancement.

The other kinds of cracks induced by such loading are shear cracks. There were correctly highlighted
on the nonreactive case. Those are less obvious for M1 and M2 but have been well reproduced. Be-
cause of chemical prestress phenomenon, these shears cracks seem to disappear in reactive cases.
Indeed, the confinement effect of stirrups on reactive concrete compensates the shear effect. The
absence of shear cracks for the reactive beams are confirmed experimentally in [8].

3.3.3 Stress state before yielding
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Fig. 7 Stress profile for the nonreactive 45 months aging phase (NR45) and for reactive cases
(R17, R45) a) In concrete with M2, b) In concrete with M1, ¢) In concrete with MO,
d) In reinforcement with M2, e) In reinforcement with M1, f) In reinforcement with MO

In the same way as the chemical prestress, stress profiles during the loading tests are established.
In Fig. 7, they are represented for concrete (a, b and c) and for reinforcement (d, e and f) just before
the yielding phase of the beams (see Fig. 5).
Within concrete, the upper fibre of the beam is compressed because of the flexural test. This effect is
even more marked in reactive beams, due to chemical prestress. In the non-reactive case, the rest of
the beam seems to be slight tensioned compared to reactive ones. Once more, this difference is in-
duced by the chemical prestress effect. Regarding to mesh size impact, the differences of stress in
concrete vary around 1 MPa for reactive beams and a little more for the non-reactive ones. The differ-
ences in steel stress of the non-reactive beams can reach a difference up to 20MPa between the differ-
ent meshes, unlike reactive ones which vary from 2 MPa only.

4 Conclusion

The aim of this study was to evaluate the stability of the model response in front of an important

variation of the mesh size. Concerning aging stage, strains evolutions and chemical prestresses are
relatively independent of the mesh size. For the loading phase, evolutions of load-deflection curves
are also quite similar, even if nonreactive beams present a slight loss of rigidity after concrete crack-
ing with the increase of the mesh size. Cracks pattern is more impacted by the mesh size because
several cracks can be embedded in a single finite element in case of coarse mesh. The location of
cracks is then less accurate, but the cumulative crack opening in the cracking zone stays stable what-
ever the mesh. In all cases, the model was able to explain the difference of behaviour observed ex-
perimentally during the post swelling. Thanks to the well anchorage conditions of the reinforcements,
this experiment is not impacted by concrete-reinforcement sliding. Hence it allows the proposed
model to simulate realistically experimental data. Besides that, the model is able to discriminate
diffuse cracks due to AAR and localized structural cracks, these last benefits of an energetic regulari-
zation method which ensures the model objectivity according to the mesh density.
Finally, the ASR modelling is a complex phenomenon, notably due to the impact of external and
internal stress state on concrete expansion. Reinforcement participation and induced chemical
prestress phenomena must be considered with attention to access to a realistic structural response. The
used of homogenized reinforced finite elements allow to save time computing without loss of accu-
racy in terms of structural behaviour. Hence, the method can be used to assess the behaviour of larger
reinforced structures affected by swelling reactions.
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Abstract

Existing bridges with large uncertainties can be assessed with proof load tests. In such tests, a load
representative of the factored live load is applied to the structure. If the bridge can carry the load
without any signs of distress or nonlinearity, the test is considered successful. Since large loads are
applied in proof load tests, the monitored structural responses are used to define stop criteria. This
paper presents stop criteria for shear and flexural failure based on existing codes and guidelines and
theoretical considerations. The proposal is verified with the available information from previous tests
on reinforced concrete beams, the pilot proof load tests and a collapse test carried out in the Nether-
lands. The results are that the stop criteria are not exceeded and therefore, the proposed stop criteria
can be used for proof load tests. However, further experimental validation is needed, especially for
shear failure.

1 Introduction

The assessment of existing bridges is an important aspect for the safety of society. In the Netherlands,
many existing bridges, in particular reinforced concrete slab bridges, were built in the 1960s and
1970s which means that they are not designed for the actual traffic loads and they could present mate-
rial deterioration. Additionally, in comparison with the old codes, the recent codes describe larger live
loads, a closer distance between axles and lower shear capacity. Therefore, upon assessment with the
new codes, a large number of these bridges rate insufficiently for shear or bending moment. Most of
the existing bridges can be assessed with the increasing levels of approximation proposed in [1]. The
first levels of approximation include spreadsheet calculations, linear and nonlinear finite element
analysis and/or probabilistic approaches [2]. However, if analytical methods prove to be insufficient,
proof load testing can be used to demonstrate that a bridge still fulfils the code requirements.

In a proof load test, a load representative of the factored live load is applied to the bridge. If the
bridge can carry the loads without any signs of nonlinearity or distress, the proof load test is consid-
ered successful. Since the applied loads are large, the structural response of the bridge needs to be
monitored during the test. The measurements of parameters such as strains, crack widths and deflec-
tions have been used to define limits or stop criteria. If a stop criterion is exceeded, the proof load test
must be terminated and further loading is not permitted [3]. Stop criteria define the onset of irreversi-
ble damage or even the collapse of the structure.

This paper reviews the stop criteria found in the German guideline [4] and in the literature. This
paper focuses on stop criteria for flexural and shear failure based on theoretical considerations. The
stop criteria are verified with the available results from previous tests on reinforced concrete beams,
the pilot proof load tests and a collapse test that were carried out in the Netherlands. The tests in
which failure occurred are used to evaluate the margin of safety provided by the stop criteria and the
proof load tests are used to check if the stop criteria are exceeded. This paper provides an update to
the previous proposal [2], as it includes a limiting strain in the concrete based on a mechanical model
for shear failure.

The results show that the proposed stop criteria were not exceeded during the proof load tests and
therefore, they could be used during a proof load test as they are not overly conservative. However,
further experiments are still needed to gather more information about the margin of safety, especially
for shear failures on slabs. In the coming years, an experimental program will be conducted at Delft
University of Technology on slabs under cyclic loads to confirm the validity of the proposed stop
criteria.
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2 Existing stop criteria

21 Codes and guidelines

The German Guideline [4] and ACI 437.2M-13 [5] prescribe stop and acceptance criteria for flexural
failure. The stop criteria from the German guideline [4] are based on concrete strain, steel strain,
maximum and residual crack width for new and existing cracks (see Table 1), and the residual deflec-
tion. The recent update [6] includes a stop criterion for the development of cracks with an inclination
of < 60° in the shear span. The stop criterion for the concrete strains is:

&, <& jim — € Q8

with &. is the measured strain, ecim=800pe for concrete with a compressive strength larger than 25
MPa, and & is the strain due to permanent loads.

Table 1 Requirements for new and existing cracks[4]

During proof loading After proof loading
New cracks w < 0.5 mm <0.3 mm
Existing cracks Aw <0.3 mm <0.2 Aw

The ACI 437.2M-13 [5] defines acceptance criteria for a prescribed cyclic loading protocol. The
acceptance criteria are the repeatability index, permanency ratio, deviation from linearity, and a max-
imum and residual deflection.

2.2 Theoretical stop criteria

Table 2 presents a summary of the existing theoretical formulations for stop criteria in flexural and
shear failure found in the literature.

A theoretical derivation of a limiting strain in the concrete at the bottom of a cross-section (&swop )
was developed in [7]. For this criterion, the stress in the tension steel is limited to 65% of the mean
yield strength fym. This limit is used to calculate the strain at the bottom of the cross-section with
Eq.(2), where 4 is the height of the member, c is the height of the compression zone, d is the effective
depth of the member, and E;s is Young’s modulus of the steel.

Two proposals for a maximum crack width can be found in the literature. The first limiting crack
width (wswp) Was proposed in [7] and it is based on the crack width model [8] of large reinforced
concrete members subjected to bending. The stress in the reinforcement is limited to 0.65f,» and wsiop
is found using Eq. (4), where d. is the concrete cover in mm, s is the reinforcement spacing, fperm is the
stress caused by the permanent loads and Bi=1+3.15x10-d. is the strain gradient term. The second
proposal for a limiting maximum (wres) and residual crack (wres,vos) width was proposed in [9]. The
proposal is based on the experimental work [10] carried out on specimens reinforced with plain bars.
This research was chosen since many existing structures in the Netherlands are reinforced with plain
bars. The maximum crack width is computed with Eq. (6) and the residual crack width with Eq. (7),
with £ as the ratio between the permanent load or cyclic load and the total load, os,; the steel stress in
the crack in MPa and s, is the crack spacing in mm with ¢ the rebar diameter in mm and » the number
of rebars.

A deflection stop criterion was proposed in [9] and it is based on the moment-curvature diagram
developed by [11], which represents the decreasing of stiffness under first-time loading and unload-
ing. The relation between the deflection and the curvature is the bending stiffness. The bending stiff-
ness of the unloading branch after yielding has occurred, (El), is used to calculate the limit deflec-
tion (Avos). It considers a 10% margin of safety and it is equal to Eq. (8), where pois the tensile rein-
forcement ration in percentage and b is the width of the member.

Stop criteria for shear were based on the Critical Shear Displacement Theory(CSDT) [12]. This
theory considers that the opening of the critical inclined crack starts with the opening of a dowel
crack, which develops along the tensile reinforcement. The opening is triggered when the shear dis-
placement of a flexural crack reaches a critical value (Ac). In the CSDT, the shear capacity is equal to
the sum of the shear transfer in the compression zone (V:) determined with Morsch’s approach [13],
the dowel action (V) calculated with the expression proposed by Baumann and Riisch [14], and the
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shear transfer by aggregate interlock (V) using a simplified formulation based on Walraven’s work
[15].

A stop criterion for a limiting strain was proposed in [16]. It is based on the consideration that a
flexural failure occurs after the development of flexural cracks and before the yielding of the rein-
forcement. First, the shear capacity is calculated according to the CSDT and then, the corresponding
bending moment at the critical cross-section. The value of the curvature (pcspr) is found by linear
interpolation considering the cracking moment and the yielding moment. The strain at the bottom of
the cross-section can be found with Eq.(3).

A stop criterion for a limiting crack width was proposed in [17]. The crack width (wa ) is based
on the simplified aggregate interlock formulation of the CSDT and it can be calculated with Eq. (5)
with A as the critical shear displacement, sc- as the height of a fully developed crack, R.i as a correc-
tion factor for high strength concrete (f->65 MPa) and vrax as the shear capacity taken as the one
prescribed in the Dutch Guideline for Assessment of Bridges RBK [18]. The proposal considers the
value of 0.4 wq; for elements not cracked in bending and 0.75 wa; for elements cracked in bending.

Table 2 Existing theoretical stop criteria
Flexure Shear
h—-c 0.65fm h—-c
gstnp = |:d —c x ES > :| - ch (2) gCSDT = 065 l:ﬁ[¢CSDT (d - C)] - 8('0 (3)

0.65f = frerm sY 0.03 795 % (_978A 2+ 85A —027)+R..
Wetop = 2{-—/’}@;‘ dc2 +(_] (4) Y - /. J ( o o )+ R,

Es ai
: Vrpx
Weos = 09[612ﬁf;msa1076] +0.01mm
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2 Pt 25d
_ = +0.0022 < 0.025mm
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~491-p*+17.66- p, + R =085 [ 7.2 HJ liosd
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3 Experimental results

3.1 Laboratory beam tests

Two series of beam experiments served for the verification of the stop criteria. The beams were simp-
ly supported and subjected to a concentrated load. The first series, RSB, consisted of five tests on
three beams sawn from the Ruytenschildt bridge [19]. One test resulted in shear failure and the other
tests in flexural failure. The second series of tests, P, encompassed six tests on three beams cast in the
laboratory reinforced with plain bars [20]. Two tests resulted in shear failure. In general, the beams
were instrumented with LVDTs to record crack openings and strains, and laser distance sensors for
the measurement of deflections. Fig. 1 shows photographs of the beam experiments.
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Fig. 1 Left: Beam RSBO3A after shear failure. Right: Beam P804 A1 after flexural failure.

3.2 Proof load tests

Since 2007, a series of proof load tests have been carried out in the Netherlands [21]. Four bridges
and viaducts were proof loaded: the viaduct Vlijmen Oost [22] (see Fig. 2), the Halvemaans bridge
[23] (see Fig. 2), the viaduct Zijlweg [24] and the Viaduct De Beek [25]. Vlijmen Oost was tested in
flexure, shear, and at the joint with a BELFA truck, because it presented material damage due to
ASR. The maximum load was of 900 kN, however, the final assessment was carried out with finite
element models since the applied load showed to be lower than the Eurocode serviceability limit state
level. The Halvemaans bridge was tested for flexure using a steel spreader beam and hydraulic jacks.
The maximum load was 900 kN, which directly proved that the bridge fulfills the requirements of the
Renovation load level of RBK [18]. The ASR-affected viaduct Zijllweg was tested in flexure and
shear using a system of a steel beam spreader, jacks, and counterweight. The maximum loads were
1368 kN and 1377 kN, respectively. The result of the tests was that the bridge fulfills the require-
ments of RBK Design levels. Viaduct De Beek was tested in the flexure with a load of 1751 kN and
in shear with 1560 kN in the first span. However, the critical second span was not tested for safety
reasons.

Fig. 2 Left: Viaduct Vlijmen Oost. Right: Halvemaans bridge[21]

3.3 Collapse test

A collapse test was performed on the Ruytenschildt bridge [19],[26]. Two spans were tested at a
shear-critical position. In the first span, the maximum load of 3049 kN was limited by the available
counterweight and only flexural distress was observed. In the second span, the maximum load was
3991 kN which caused a failure mode that was a combination of the settlement of the support and
yielding of the reinforcement with large flexural cracking.

4 Verification of stop criteria

4.1 Comparison with failure tests

The tests in which failure was reached were used to study the margin of safety provided by the stop
criteria for flexure and shear. This analysis was carried out for the results of the beam experiments
(see Table 2 and Table 3) and the collapse test (see Table 4). The verified stop criteria included the
strain limits, maximum and residual crack width and the deflection limit reviewed in the previous
section. In addition to the limit of the 25% reduction of stiffness calculated from the load-deflection
diagram (S), and the deformation profiles with for the longitudinal deflection (LD), the transversal
deflection (TD), the horizontal deformation (HD) and the vertical deformation (VD).
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From the results in Table 3, it can be observed that the governing criterion for most of the beams
(highlighted in gray and bold) is the maximum crack width wswp. The results from wres,vos Were ne-
glected since the limit values were smaller than 0.05 mm, which resulted in the stop criterion being
exceeded in the first load cycle. Regarding the deflection criterion Ayos, it was not able to reflect
accurately the effect of existing cracks on the stiffness of the beam. The stop criteria were exceeded
between 42-70% of Pmasx.

Table 4 shows the results for the shear stop criteria. For the beam previously cracked in bending
the governing criterion is the limiting strain eum.cspr at 50% of the maximum load, for the uncracked
beam three stop criteria (S, HD, and VD) were exceeded at 56% of Fma and for the beam from the
RSB series, S and the HD were reached at 57% of the ultimate load. While the number of experiments
is small, the results are promising: the range of percentages for which the first stop criterion is ex-
ceeded is between 50% - 57%.

Table 3 Overview of the margin of safety (% of Fna When the stop criterion is reached) for flex-

ural
& & w w w w w
A Vos S DH DV
DAfstB stop max, DAfstB max, Vos stop res,DAfstB res, Vos
[70] [70] [%] | [%]
[%] | [%] | [%] (%] | [%] | [%] | [%]
P502A1 64 71 96 70 70 - - 96 - - -
P502A2* 62 81 100 56 52 - - 99 100 84 | 84
P502B 63 67 93 51 50 67 42 78 67 - -
P804Al 44 52 87 58 56 68 36 68 58 58 | 77
RSBOIF? 54 53 99 72 53 54 45 91 28-99 54 | 54
RSB02A 53 62 - 69 64 - 15 69 - 42 | 42
RSB02Bf 53 71 100 62 53 61 47 70 47-100 61 61
RSBO3F 54 62 100 80 64 100 49 80 100 58 | 58

*previously cracked in bending
Ttwo lasers measured the deflection under load (one on each side of the beam). The deflection
measurements were unequal because the beam was not sawn completely straight.

Table4  Overview of the margin of safety (% of Fax when the stop criterion is reached) for shear

EDAfstB Elim. CSDT | Wmax, DAfstB | Wai, CSDT S DH DV
[%o] [%o] [%o] [%o] [%o] [%o] [%o]

P804A2* 47 50 69 65 - 86 -
P804B 57 57 - 88 56 56 56
RSBO3A 85 82 - 81 57 - 57

*previously cracked in bending

Table 5 provides an overview of the loads at which the stop criteria is exceeded for the collapse test
on the Ruytenschildt bridge. For both spans, the stop criterion that was exceeded first was the defor-
mation profiles. The criterion was exceeded at 62% of Fuax for span 1 and 65% of Fiuax for span 2 in
the longitudinal and transverse direction.

Table 5  Overview of the margin of safety (% of Fma When the stop criterion is reached) for flex-
ural on Ruytenschildt bridge

P estop P, e,Ytop/ P wstop P Wstop/ Ps Ps/ Pip P LD/ Prp P TDP/
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[%] [%] [%] [%] [%]

Spanl | >Puax - >Pmax - 1923 63 1900 62 1900 62

Span2 | 3377 85 3072 93 3159 79 2600 65 2600 65

4.2 Comparison with proof load tests

Table 6 and Table 7 show an overview of the results of the comparison of the measurements obtained
during the tests and the proposed stop criteria. The crack widths smaller than 0.05 mm are neglected
and taken equal to 0 mm. Therefore, the results from residual crack widths are not considered in the
tables since most of them were negligible. The stop criteria that are verified are &stwop, Wstop, S, LD and
TD profiles. The stiffness of the Halvemaans bridge for the flexural test slightly increased during the
loading protocol. For Vlijmen Oost no measurements were available of the deflection in the trans-
verse direction. The results show that none of the stop criteria was exceeded during the pilot proof
load tests. This conclusion corresponds with the measurements gather with the extensive instrumenta-
tion during the pilot proof load tests, where no onset of nonlinearity was observed. The proposed stop
criteria are adequate for the application to field testing. However, no information could be gathered
regarding the margin of safety since we don’t know the ultimate load.

Table 6  Comparison between the measurements obtained during the proof load tests and the stop
criteria for flexure

€c, max measured Estop Wmax,measured Wistop S LD TD
[ue] [ne] [mm] [mm]
Vlijmen oost 80 869 0 0.15 3.7% >Prmax NA
Halvemaans 150 729 0 0.11 - Prmax >P max
Zijlweg 240 842 0 0.17 4% >Pmax >Prmax
De Beek 887 919 0.12 0.13 18 >Pmax >Prmax

Table 7  Comparison between the measurements obtained during the proof load tests and the stop
criteria for shear

&c, max measured ecspr Wmax,measured Wai S LD TD
[ne] [ne] [mm] [mm]

Vlijmen oost 35 459 0 0.16 7.8% >Pmax NA
Zijlweg 224 416 0 0.06 | 12% | >Pma >Pmax
De Beek 225 697 0.11 0.13 10% >Pmax >Pmax

5 Discussion and future research

The stop criteria for flexural and shear failure were evaluated. The stop criterion for limiting concrete
strain for shear failure (ecspr) proved to be more adequate in comparison to the limit proposed by the
German guideline. Regarding the stop criteria for flexural failure proposed in [9], the results for re-
sidual crack width were not consistent and the limit values were smaller than 0.05 mm. The limit for
maximum deflection did not reflect accurately the effect of existing cracks on the beams. Thus, these
criteria are not suitable.

Table 7 shows the updated proposal for flexural and shear stop criteria. It includes four theoreti-
cally derived stop criteria: the limiting concrete strain (eswp) and the maximum crack width (wswp) for
flexural failure, as well as the limiting concrete strain (ecspr) and the maximum crack width (wa) for
flexural shear failure. The addition of ecspr is an improvement to the previous proposal [7] since it
has a theoretical background compared to the stop criterion from the German guideline that uses one
limiting strain value. This proposal neglect all cracks widths that are smaller than 0.05 mm. The limit
for residual crack width wyes, was taken from the German guideline (see Table 1) and it is evaluated
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after each cycle. For the case of a specimen previously cracked in bending, the crack widths can be
taken as the width of a new crack or the increase of an existing crack. For all cases, the reduction of
stiffness is limited to 25% and it is determined from the load-deflection diagram. Additionally, the
proposal contains qualitative stop criteria: load-deflection diagram and the deformation profiles. The
overall structural behavior can be assessed with the load-deflection diagram during and after the test.
The deformation profiles can be determined with the deflection in the longitudinal and transversal
direction and they provide an insight into the overall structural behavior.

The proposed stop criteria are promising, however, it is still necessary to continue studying the
margin of safety with further experiments as well as to explore other parameters. In this paper, the
margin of safety is defined as a percentage of the maximum applied load. It still requires the quantifi-
cation in function of the accuracy of the deployed sensors, as well as the quantification of the uncer-
tainties linked to the model and the theory, which are related to properties of the structure under
consideration such as concrete compressive strength, size effect, etc. This topic is still under research,
but will require modeling and simulation [27]. Moreover, research is needed to investigate the effects
of the transverse redistribution of the load on slabs and the implication on the proposed stop criteria.

Table 7  Updated proposed stop criteria for flexural and shear

Failure mode Not cracked in bending Cracked in bending
Estop Estop
Flexural
Wimax<Wistop, Wres<0.3 Wiax Wmax<Wistop, Wres<0.2Wmax
£CsDT £CsDT
Shear
Winax<0.4wq; Winax<0.75Wai
Flexural and shear 25% stiffness reduction, deformation profiles and load-deflection diagram
6 Summary and conclusions

A proof load test consists of applying a factored lived load to structure to directly prove that it can
carry the load and fulfill the code requirements without any signs of distress. Proof loading involves
heavy loads, so it is necessary to monitor the structural responses during the test. Limits are given to
the structural responses to avoid any irreversible damage; these limits are denoted as stop criteria.
Some existing codes and guidelines provide stop criteria, however, they are limited to flexural failure
and are usually related to serviceability requirements or single limit values.

Stop criteria for flexural and shear failure were proposed based on theoretical background. For
flexure, the flexural beam theory was used to derive a stop criterion for limiting concrete strain and
crack width [7]. For shear, the Critical Shear Displacement Theory was chosen to derive a stop crite-
rion for limiting crack width [17] and limiting concrete strain [16]. The stop criteria include the limit
of 25% of the reduction of stiffness and the evaluation of the deformation profiles.

The stop criteria were evaluated. First, the results from the two series of beam experiments and
the failure tests on the Ruytenschildt bridge were used to analyze the margin of safety. The flexural
tests had a margin of safety between 42 and 65% and for the shear tests the range was 50% to 57%.
Thus, the stop criteria showed to have a sufficient margin of safety. Secondly, the stop criteria were
compared to the results from the measured structural responses from the pilot proof load tests. The
conclusion was that none of the stop criteria were exceeded and thus, the tests did not lead to irre-
versible damage.

The proposed criteria can be used for proof load testing, however, the number of experiments
used to draw these conclusions is still limited, especially for the specimens failing in shear. Further
experiments on slabs are needed for further validation in combination with noncontact measuring
techniques.
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Abstract

Many existing concrete members without shear reinforcement risk shear failure. As shear failure often
leads to collapse of structural members, indicators of shear failure beforehand are needed for safety.
According to the rational models of shear failure, some parameters, like crack width or stress, can
serve as shear failure indicators. To measure these parameters, wave-based monitoring techniques
stand out as they can work remotely and non-destructively. Based on literature, this paper links the
measurable parameters from wave-based monitoring techniques with indicators for shear failure, and
provides possible wave-based indicators of shear failure. This paper updates the understanding of
wave-based measurements to a level of structural failure.

1 Introduction

Existing concrete structures without shear reinforcement may suffer from shear failure, which is
brittle and often leads to the collapse of the structure. For safety reason, indicators of shear failure
beforehand are needed. Based on the rational shear failure models, some measurable prameters, such
as crack opening, stress, strain or force at critical locations, can be used as indicators.

A promising way to measure some of these indicators is to use wave-based techniques, as they
can non-destructively detect changes in concrete, such as crack initiating and opening (Maji 1994),
presence of existing cracks (Naik T.R. 1991, Zhang, Yang et al. 2018), and stress changes (Zhang,
Planes et al. 2016, Kevinly, Zhang et al. 2020). Wave-based techniques can also detect the damages
which are not measurable in traditional techniques, like the internal cracks.

This paper aims to identify possible wave-based indicators of the critical shear failures in reinfor-
ced concrete members without shear reinforcement. We first review the available shear failure mo-
dels, including the failure mechanisms and the associated indicators. Then, by reviewing the prin-
ciples and applications of the wave-based techniques relating to the shear failure indicators, we will
suggest possible wave-based indicators. The involved techniques and theories are explained concept-
wisely, with detailed derivation in the references.

2 Shear Failure of Reinforced Concrete Members without Shear Reinforcement

This section reviews the current understanding of shear behaviour of reinforced concrete members
without shear reinforcement. We introduce the available shear failure models which were derived
considering one or some of the shear transfer actions. In these shear models, measurable indicators of
shear failure like crack opening and stress at critical positions were proposed.

2.1 Shear transfer actions
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Four types of shear transfer actions along a flexural shear crack are widely accepted since 1970s
(ACI-ASCE Committee 426 1973, ACI-ASCE Committee 445 1998). They are: shear stress in un-
cracked concrete, aggregate interlock at crack faces, residual tensile stress at limitied normal opening
of the cracks, and dowel action at the longitudinal bars. Considering a free body diagram along a
crack cross section, the internal forces and the external forces should reach an equilibrium. The four
shear transfer actions are visualized in Fig. 1.

Fig. 1 Free body diagram with four shear transfer actions along a flexural shear crack.

Depending on whether the structure fails upon the flexural shear crack, two different failure
modes can be distinguished: flexural shear failure and shear compression failure. The latter failure
mode displays a higher shear capacity. But, there is an uncertainty on which shear failure mode will
occur (Yang 2014, Yang, Walraven et al. 2017). Therefore, this paper focuses on flexural shear fail-
ure, which gives the lower bound of the shear capacity.

2.2 Shear failure models

Considering the fail of aforementioned shear transfer actions, researchers have developed multiple
rational models to predict the shear failure and calculate the ultimate shear capacity. This section
discusses the following models: tooth model, critical shear crack theory (CSCT), critical shear dis-
placement theory (CSDT), and model by Tue et al..

Tooth model was first proposed by Kani (Kani 1964). In his work, flexural cracks shape the beam
into a teeth-like structure (Fig. 2). Each concrete tooth works like a cantilever beam, with one end
loaded by the reinforcement in the tensile zone, and the other end fixed at the compression zone.
Breaking off of the tooth on the fixed end, which is also the crack tip, results in the shear failure of
the beam. Combined with the fail of compression zone, Kani provided a famous Kani’s valley, sho-
wing the shear capacity under different shear span ratio.

Fig. 2 Ilustration of Kani’s tooth model (Kani 1964).

Further improvements were carried out by adding more shear transfer actions into the tooth model
(MacGregor and Walters 1967, Fenwick and Pauley 1968). Reineck (Reineck 1991) included the
crack friction (aggregate interlock), dowel action and shear in compression zone in the tooth model.
In this approach, the teeth inclination is assumed to be 60 degrees. Reineck found that the main con-
tributor of the shear capacity is the crack friction. According to aggregate interlock theory, larger
crack width results in less crack friction. Therefore, he defined the critical crack width at a specific
location which will lead to shear failure (Table 1).
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CSCT was based on the crack location and crack width as they were found influencing the shear
capacity (Muttoni and Fernandez Ruiz 2008). When the shear crack goes through the compressive
strut between the load and support, the shear capacity is reduced. He proposed a new shear transfer
mechanism, which is a combination of elbow strut and direct strut. In the direct strut with shear crack,
the compression force was transfered by aggregate interlock. Based on this new meachnism, he pro-
posed that the shear capacity is related to the critical crack width/strain at a predefined cross section
(Table 1).

CSDT considers dowel cracking as the trigger of shear failure (Yang 2014). Yang combined mul-
tiple shear transfer actions including shear in uncracked concrete, aggregate interlock and dowel
action. In principle, the shear transferred by aggregate interlock can reach extremely high values with
large shear displacements. But, this does not comply with the experiments. Yang found that the ope-
ning of dowel crack limits the shear capacity. With wider dowel crack, the aggregate interlock effect
is reduced, thus needs further shear displacement, which again widens the dowel crack. This loop
results in the collapse of the beam. He assumed a crack profile containing two branches: major branch
perpendicular to the reinforcement and secondary branch at crack tip. He back-calculated the critical
shear displacement from shear tests database, and proposed an approach of estimating the shear capa-
city based on the critical shear displacement at a certain location (Table 1).

The former models deal with the shear failure based on displacement like crack width, strain or
shear displacement. Model by Tue et al. (Tue, Theiler et al. 2014) solves the problem differently
based on fracture mechanics. Tue et al. studied the stress distribution over several cross sections along
the beam. Based on this, they defined the concrete tension zone at the flexural crack tips as the shear
crack band (Table 1). The critical shear crack develops in the shear crack band, when the principal
tensile stress reaches the concrete tensile strength. But, cracking at one cross section doesn’t necessar-
ily cause a shear failure. Instead, the critical shear crack has to reach a defined length. Therefore, the
failure indicator from this model can be the presence and length of critical shear crack.

Table 1 Summary of the discussed shear failure models.

Models Description Critical location Failure indicator

Reineck’s | Concrete tooth, formed by critical location 29 4 Critical crack width
tooth flexural cracks, breaks at \ Ev'i(%-c) P
model failure. Shear is transfered by By S d
crack friction, dowel action =~

and compression zone.

12

CSCT Compression force in the 0.5d f—} Critical crack
direct strut is carried by critical location g | width/strain
aggregate interlock. Shear &’d
failure happens when aggre- =

gate interlock fails.

v

CSDT Dowel cracking is the trigger Sefkok—] Critical shear displa-
of shear failure. Shear is 9 ke cement
transferred by aggregate critical location S
interlock, dowel action and a

COlTlpI'CSSiOl’l zone.

Model by | Shear failure happens when critical shear crack | Presence and length
Tue et al. | the critical shear crack of the critical shear
reaches a certain length. 674 d crack
Shear is transferred by un- a shear crack band
cracked and cracked con-
crete.
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The aforementioned models disagree on the trigger of shear failure. But, these models are still valu-
able in understanding the shear failure, even with some limitations or criticizations. We can learn
from these models in the followin aspects:

= In Reineck’s tooth model, CSCT and CSDT, aggregate interlock highly contributes to the
shear capacity. Larger crack opening results in less aggregate interlock. Therefore, crack
opening is strongly related to the shear capacity. Crack opening at critical locatioin can be an
indicator of shear failure.

*  From tooth model and model by Tue et al., crack tip opening near the neutral line triggers the
shear failure. Therefore, parameters related to crack tip activities can be shear failure indica-
tors.

»  Shear failure is considered starting from the crack tip opening, which in turn will result in loss
of aggregate interlock and opening of dowel crack. The interaction of these three effects leads
to the sudden collapse.

3 Wave-based Monitoring of Shear Failure

In the presented shear failure models for reinforced concrete members without shear reinforcement,
crack opening is considered an important parameter in the formula of shear capacity. Based on the
aforementioned models, some researchers proposed failure indicators related to the crack opening,
like the crack openings in shear zone and flexural zone (Dieteren, Bigaj-van Vliet et al. 2017), crack
opening in shear direction (Yang, Zarate Garnica et al. 2018) and the maximum flexural crack open-
ing with the applied shear force (Benitez, Lantsoght et al. 2018). Therefore, displacement measure-
ment techniques have been widely applied to measure the crack opening, including the displacement
measurement at fixed locations like LVDT and laser, and full-field displacement measurement like
digital image correlation (DIC) (Bergmeister 2003). These techniques measure the displacement
directly from the change of relative location.

However, the direct displacement measurements require accessability to the interesting zone. This
challenges their detectability, espectially for internal cracks. Wave-based technique is a promising
solution as it can detect the damages remotely. The sensors don’t need to be next to the inner cracks.
Moreover, wave-based technique is very sensitive to changes in concrete, including cracking, the
presence of cracks, and the stress changes.

With different working principles, wave-based technique generally can be catergorized into two
types: passive measurement, where source signal is generated by concrete changes like cracking, and
active measurement, where source signal is sent by transducers. This section reviews the working
principles and applications of the passive measurement and the active measurement. Based on this, a
discussion on possible wave-based indicators of shear failure is carried out.

3.1 Passive measurement

Passive measurement often refers to Acoustic Emission (AE). Sudden changes in concrete, like crack-
ing, will release energy which excites elastic waves. The elastic waves propagate to the AE sensors
and are converted into electric signals. By continuously recording and processing the AE signals, AE
can detect the damage process during loading (Ohtsu 1996). Researches have shown that AE is also
powerful in detecting micro cracks in the early stage (Otsuka and Date 2000, Aggelis 2011,
Lantsoght, Zhang et al. 2019).

By counting the received AE signals during loading, one can evaluate the structural damage level
in terms of the maximum crack opening (Ohtsu, Uchida et al. 2002). In counting AE signals, AE hit is
normally used as a term to indicate that an AE signal has been detected by a sensor (Ohtsu 2010). In a
cyclic loading, two parameters related to AE hits were found valuable. One is load ratio, which com-
pares the load at onset of AE hit with the previous load, and the other is calm ratio, which compares
the number of AE hits during unloading with the total AE hits during the load cycle. Lower load ratio
and higher calm ratio indicate the damage accumulation with larger crack opening.
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Becides, the feature of an AE signal can provide more information on cracking. An AE signal can
be described by several parameters, including amplitude, energy, rise time, averaged frequency, dura-
tion etc. The definition of these parameters can be found in (Ohtsu 2010). Cumulative AE energy was
found related to concrete fracture process (Otsuka and Date 2000, Landis and Baillon 2002,
Muralidhara, Prasad et al. 2010). Ratio between rise time and amplitude (RA), together with averaged
frequency, can classify tensile cracks and friction (Ohtsu 2010). A more advanced classification
method is clustering based on waveform. This method calculates the correlation distance between
every two signals and groups signals with small distances. The clustering results beased on waveform
agree with the classification by parameters (Van Steen, Pahlavan et al. 2019). Since wavefore analysis
takes more computation time, to distinguish tensile cracks from friction, the analysis based on the
signal parameters is considered sufficient.

AE monitoring can also locate the AE activities based on the arrival times, which is called AE
source localization (Kundu 2013). This technique provides the location of the signal source. With
sufficient accuracy (Zhang, Pahlavan et al. 2019), one can find the crack profile from the located AE
activities. The accuracy of source localization can be improved by considering variable wave speed
distribution (Pahlavan, Paulissen et al. 2014, Shiotani, Osawa et al. 2015, Gollob 2017). With the
location information of AE activities, one can not only acquire the global damage condition, but also
study the failure locally. An approach proposed by Zhang et al. divided the measuring zone and cu-
mulate the AE hits in each cell (Zhang and Yang 2019). In this way, the local cumulative AE hits
during unloading were found related to the local crack opening. They also indicated that this relation-
ship required calibration for different measuring setup, as higher threshold resulted in less AE hits.

3.2 Active measurement

In active measurement, waves are sent into concrete by transducers. By comparing the received sig-
nals with the sent ones or the received signals at different loading stages, one can detect the changes
in the concrete medium.

One application is to detect the presence of cracks. A widely-applied parameter is the wave speed
obtained from the first arrivals, which will be reduced at the presence of cracks (M. Malhotra and
Carino 2004). This technique is called Ultrasonic Pulse Velocity (UPV) (Naik T.R. 1991). A recent
research found a certain relationship between wave speed and crack width (Du, Yang et al. 2018). By
arranging a groups of sensors and performing UPV between every two sensors, multiple ray paths can
be generated. Combining UPV results with the tomographic reconstruction techniques (Kak and
Slaney 2001) can map the crack distribution in the measuring area. This is called wave speed tomo-
graphy (Kobayashi, Shiojiri et al. 2006). Combined with AE source localization, further development
is AE tomography (Schubert 2004), which uses AE as the source. The benefit of AE tomography is
that we can have more ray paths covering the measuring area. As cracks not only reduce wave speed,
but also lower the amplitude of the received signals, researchers also developed tomography algo-
rithm based on the wave attenuation (Chai, Momoki et al. 2011).

Active measurement can also detect the stress changes in concrete. Acoustoelastic effect relates
the stress change to the wave speed change (Hughes and Kelly 1953). Since the stress change can be
very small, to amplify, multiply-scattered waves (coda wave) are used. This technique is called coda
wave interferometry (CWI) (Snieder 2006, Stdhler, Sens-Schonfelder et al. 2011). Combining CWI
with sensitivity kernel for diffuse waves can map the stress changes in the measuring area (Zhang,
Planes et al. 2016). A recent research found that CWI can also indicate the presence of cracks, as the
correlation between coda waves with and without cracks was poor (Kevinly, Zhang et al. 2020).

3.3 Discussion on possible wave-based indicators of shear failure

Reliable wave-based indicators should have theoretical background of shear failure. Therefore, to
propose wave-based indicators, an initial approach could be checking the measurable parameters that
can reflect the shear failure mechanisms, especially the trigger of shear failure. Here, the proposed
wave-based indicators remain in the conceptual stage. The critical values of these indicators related to
the final failure remain to be explored.
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From the available shear failure models, we understand that shear failure could be caused by the
interaction of three activities: crack tip opening, loss of aggregate interlock and dowel cracking.
Therefore, a detection of any above activity could inform us the activation of the interaction, which
may lead to shear failure.

In measuring crack tip opening, AE is promising as it is sensitive to even micro cracking. Since
cumulative AE energy has been found related to fracturing process, with the estimated location of AE
activities, local cumulative AE energy at crack tip could serve as an indicator of shear failure. When
local cumulative AE energy reaches a certain level, a local opening of crack tip is expected. More-
over, the length of critical shear crack, which is relavant in model by Tue et al., can be estimated from
the localization results. Another possible indicator of crack tip opening is the wave speed change from
coda. Wave speed change from coda is found related to stress change in concrete. When the stress
level is near or over the tensile strength of concrete, crack tip opening may occur.

The loss of aggregate interlock can be monitored from two respects. Firstly, based on theory of
aggregate interlock, friction often occurs between the protruding aggregates. This means AE signals
from friction at the crack profile could be an indicator of presence of aggregate interlock. The AE
signals from friction could be distinguished using clustering techniques, either based on parameter or
waveform. In a loading step, if less AE signals from friction is found along the crack profile than
before, possibly the crack surfaces lose aggregate interlock. On the other hand, aggregate interlock is
highly influenced by the crack opening. Larger crack opening results in less aggregate interlock.
Therefore, parameters that are related to the crack opening, like the local cumulative AE hits during
crack closure or the wave speed from the first arrivals, could be indicators of loss of aggregate inter-
lock.

Dowel crack opening can be indicated in a similar way as crack tip opening, by AE using the pa-
rameters local cumulative AE energy or wave speed change from coda. Regarding to measuring the
shear displacement at dowel cracking, which is proposed in CSDT model, the indicator related to
crack width could be used, which is the local cumulative AE hits during crack closure or the wave
speed from the first arrivals.

4 Conclusions

The aim of this paper is to find possible wave-based indicators of shear failure for reinforced concrete
members without shear reinforcement. This problem has been approached by reviewing the available
shear failure models and the capabilities of wave-based monitoring. Several conclusions are made:

=  Shear failure is considered starting from the crack tip opening, which in turn will result in loss
of aggregate interlock and the opening of a dowel crack. The interaction of these three effects
leads to the sudden collapse. Therefore, measures of any of these effects could be candidates
for shear failure indicators.

» Crack tip opening can be indicated by local cumulative AE energy, which is related to fractur-

ing process, or wave speed change from coda, which is related to concrete stress change.

= Loss of aggregate interlock can be indicated by AE signals from friction, or the crack width-

related parameter, which is the local cumulative AE hits during crack closure or the wave
speed from the first arrivals.

* Dowel crack opening can be detected in a similar way as crack tip opening.

As a summary, possible wave-based indicators of shear failure could be: local cumulative AE
energy at the crack tip, local cumulative AE hits during crack closure along the crack profile, AE
signals from friction along the crack profile, wave speed from the first arrivals, and wave speed from
coda. The critical values of these indicators related to the final failure remain to be studied.
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Abstract

It is well established that in Europe, masonry is one of the most commonly used materials in construc-
tion due to its characteristics and construction simplicity. In addition, the majority of buildings that
have any cultural and historical significance in Europe are built in masonry. Seeing that most of these
masonry structures were built before the development of seismic regulations, many of them need to
be evaluated and, if needed, strengthened. Today, standards and guidelines for the assessment of
existing masonry structures do exist but are not very comprehensive and require a lot of engineering
subjective judgment to implement. Furthermore, the energy renovation of existing buildings is one of
the most pressing matters in the construction sector today, but structural aspects are somewhat ig-
nored and/or disregarded. Since great financial resources are intended for energy renovation through-
out Europe, it seems that structural updating and strengthening can and must be an added value for the
energy renovation of buildings. This specifically applies to masonry structures, which in most cases
need seismic strengthening. The assessment techniques focus mainly on damage identification, dam-
age localization and damage evaluation as well as determination of certain material properties of
existing structures. The diagnoses are based on the design procedures of new structures and the plan-
ning of interventions often suggests reinforcement. The current practice of the assessment of existing
structures might not be considered suitable to facilitate confident decisions about the reliability of
structures. The main objective of the ARES project, partially presented in this article, is to study the
role of assessment on the reliability analysis of existing structures.

1 Introduction

According to various literature and recent events, it is certain that masonry is one of the most com-
monly used materials across the world, due to its construction simplicity and characteristics. Despite
the fact that the use of masonry as a building material in earthquake-prone regions pointed out its
limitations (limited tensile resistance, relevant mass and stiffness), extensive research has been carried
out in the last few decades mainly focusing on the material characteristics and structural behaviour of
masonry, even under extreme loads such as earthquakes. These efforts enabled engineers to design
masonry structures on sound and safe principles, with greater exactitude, economy and confidence. If
it is taken into account that most of the buildings with high cultural significance and historical impor-
tance are built in masonry, it is quite clear that the assessment and rehabilitation of existing masonry
structures must be conducted on a very high level.

The main goal of a seismic design is to protect property and lives in buildings in case of earth-
quake events. However, a proper seismic design should be developed on the knowledge gathered
from existing structures. Past events have showed that seismic loads cause significant damage to
masonry buildings due to their large mass and stiffness. Given that a great number of people across
the world live and work in masonry buildings this represents a great risk. Furthermore, a huge number
of these buildings were built before the development of seismic codes, so no confining or reinforcing
elements exist. Based on all of the above, a concise strategy for masonry buildings must be activated.

The seismic behaviour of buildings depends on several important factors such as material proper-
ties, the geometry of a structure, stiffness properties and many more. Thus, the issue of seismic vul-
nerability of underperforming existing masonry structures is very complex [1]. “Seismic vulnerabil-
ity” can be conventionally defined as a measure of the inadequacy of a given structure to resist to
seismic actions [2]. Modern methods for the assessment of seismic vulnerability are represented by
design curves which express the physical vulnerability as a function of the intensity of the process and
the degree of loss [3]. However, when it comes to masonry, seismic vulnerability is quite difficult to
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assess and it requires a number of specialized technical skills [4]. But are these methods in use appli-
cable to the assessment of existing masonry buildings?

This question remains unanswered since extensive research needs to be carried out on the topics
of seismic risk and vulnerability assessment. Traditional assessment methods, in most cases, are well-
known to allow the assessment of only the actual condition of a given existing structure, once its
stability has already been compromised. In this paper, assessment methods of critical properties
(structural and material parameters) are presented for masonry structures. A focus is set on the avail-
able methods able to provide crucial data and feedback for preventing failure mechanisms and col-
lapses under extreme design loads.

2 The Croatian Résumé

Approximately 75 % of Croatia’s building stock is older than 30 years, an age requiring renova-
tion/modification of primary structural components. More than 40 % is older than 50 years, meaning
that the service life of these buildings has expired. Finally, in the building sector in Croatia, 40 % of
the expenses are assigned to the demolition or rehabilitation of existing structures (Fig. 1 (left)) [5].

Fig. 1 (left) Investment (HRK) for the renovation of Croatian national building stock [5]; (right)
Typical masonry building in Zagreb (photo by I. Hafner).

Most of Croatian buildings constructed in the period before the 1970s, when the seismic codes were
introduced to the civil engineering community, were built using traditional construction materials
such as masonry and timber (Fig. 1 (right)). Buildings were built as full-brick masonry structures with
30-60 cm thick walls and wooden ceilings. Unfortunately, it is recognized that in Croatia the majority
of residential buildings older than 50 years are masonry structures without adequate bonding elements
connecting the floors and the walls [6].

3 Maintenance issues of existing masonry structures

Existing structures can be divided into two groups regarding their value. Some buildings have a
higher economical value like most of the modern buildings that exist today, and some buildings have
a more non-material value like heritage structures (cultural and historical buildings).

Accordingly, the assessment of existing structures can be performed in different steps with a dif-
ferent level of precision. The level of precision depends on the importance of the building assessed
and can be achieved by breaking down the assessment into phases. The number of these phases is
dependent on a number of factors like the remaining level of doubt, simplicity and/or feasibility of
repair etc. taking into account the economic aspects [7].

When it comes to masonry structures per se, a variety of assessment methods do exist, but their
frequency and scope, the decision-making process and the necessary interventions are not yet agreed
upon. The need for an assessment of an existing structure can come from a number of reasons [7].
Besides that, there may be situations where questions are raised regarding the design assumptions of a
building. In the following scenarios a re-assessment of a structure might be necessary [8]: extended
service life, change in utilization, required increase in the level of reliability, lack of maintenance and
inspection, inadequate serviceability, exposure to extreme loads, availability of new knowledge gath-
ered from negative experience from similar structures and revised design codes etc.
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4 Assessment methods

Masonry structures are composite systems made from masonry units that are connected by mortar
layers. Both can be made of different materials with different characteristics. Besides the type of the
material used, the overall mechanical behaviour can be affected by a number of factors such as ge-
ometry of masonry units (length, width, height, volume of holes etc.), the thickness of mortar and the
area it covers. For the assessment of masonry structures specifications of compressive strength are
often required. Assessing the variability of these properties and the uncertainty in the modelling of the
masonry compressive strength is hence a topic of great importance [9].

When it comes to existing structures the problem lies in the uncertainty of the strength classes of
the materials used. Therefore, the assessment methods used should aim at identifying these properties
with the highest degree of certainty so that the uncertainty regarding the resistance of a structure in
whole is reduced to a minimum.

Parameters that are always measured during the assessment of a masonry structure are (a) the
compressive strength of masonry units, (b) the compressive strength of masonry mortar, (c) the com-
pressive strength of concrete infill (if any), (d) the strength of reinforcing steel bars (if any), (e) the
compressive, shear and flexural strength of masonry, (f) the Modulus of Elasticity (MoE) and the
geometry of the masonry structure (size and location of bearing walls, location and size of openings).

For obtaining these parameters several NDT (Non-Destructive Testing) methods are used and
summarized in Table 1 and Figure 2.

Table 1 ~ Available Non-Destructive Testing (NDT) assessment methods for existing masonry
structures.
NDT Method Device What Is Measured? | How Is It Measured? References
Visual inspection | / Quality of masonry | Without a device, using a | Borri et al.
(mechanical pa- | base/set of rules (i.e., Ma- | [10]
rameters, dimen- | sonry quality index-MQI)
sion, shape), mortar
and wall connec-
tions
Measurement of | Ground Pene- | Location (depth) of | The device is placed on the | Agred,
reinforcement trating Radar | reinforcement measured surface and moved | Klysz and
location (GPR) along a linear axis (with a | Balayssac
calibration needed), transmit- | [11]
ting radio wave signals into a
structure and detecting ech-
oes
Measurement of | Rebound Compressive A predefined number of tests | Breysse et
masonry unit | hammer strength of masonry | is conducted in both horizon- | al. [11],
hardness (Schmidt units, mortars and | tal and vertical direction Sykora et
hammer) built masonry (with a calibration needed) al. [12]
Stress wave | Ultrasonic Compressive UPV-two transducers are | Sajid et al.
transmission Pulse Velocity | strength of concrete | placed on two sides of the | [12]
test (UPV) | or masonry specimen after which the time
test/Resonant of wave travel is measured
frequency test RF-a piezometric sensor is
(RF) used with different attach-
ment techniques to obtain
resonant frequency
Ultrasonic veloc- | Impact ham- | Characterization of | On opposite sides of the wall, | Mesquita
ity testing mer and ac- | masonry wall ho- | an impact hammer and an | etal. [13]
celerometer mogeneity and | accelerometer are placed. The
variability mechanical impulse is gener-
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ated by the hammer striking
the material and the signal is
then received by the acceler-
ometer.

Sonic velocity | Impact ham- | Location of hetero- | On opposite sides of the wall, | Martini et
testing mer and ac- | geneities, voids or | an impact hammer and an | al. [14]
celerometer 1nclus‘1ons ef other accelerometer are plaeed, Valluzzi et
materials in ma- | after which the mechanical al. [15]
sonry elements impulse is generated by the
hammer striking the material
and the signal is then re-
ceived by the accelerometer
Surface penetrat- | Ground Pene- | Location (depth) of | The device is placed on the | Martini et
ing radar trating Radar | reinforcement, measured surface and moved | al. [14]
(GPR) thickness of ele- | along a linear axis (with a Wai-Lok
ments, position of | calibration needed) transmit- Lai
voids and moisture | ting radio wave signels into a D e’r’ob ert
content structure and detecting ech- and Annan
oes [16]
Infrared thermo- | Thermography | Defects in  the | The specimen is under ther- | Meola
graphy cameras building’s enve- | mal stimulation and its sur- | [17]
Visual R | lope, the monitor- | face temperature variation is
thermometers ing of reinforcing | monitored during the heating
steel in concrete, | or cooling phase (the pres-
the detection of | ence of inhomogeneity in a
moisture etc. material causes local tem-
perature variations)
Borescope and | Borescope and | Borescope- The borescope is inserted into | Schuller
mortar  hardness | pendulum anomalies and | small holes drilled into mor- | [18]
with  pendulum | rebound internal wall com- | tar joints (with fiber optics
rebound hammer hammer ponents, such as | and internal light source)
ties, ﬂashm.g. and The pendulum  rebound
drainage cavities hammer utilizes a low energy
Pendulum rebound | impact and the resulting
hammer-mortar rebound from the surface of a
type and strength mortar joint is used to meas-
ure surface hardness
Flat-jack tests Flat jacks Deformability Two cuts are made with a | Parivallal
parameters in com- | predefined distance between | et al. [19],
pression, compres- | them (horizontal cuts for | Simdes et
sive strength and | compression, vertical cuts for | al. [20],
shear strength | shear), after which the jack is
parameters inflated with a liquid that
transmits hydrostatic pressure
Acoustic emission The damage evolu- | A group of transducers are set Invernizzi
tion etal. [21]

in masonry,
evaluation of the
reliability of rein-
forcing techniques,
analysis of residual
capacity of masonry

to record signals, then locate
the precise area of their origin
by measuring the time for the
sound to reach different
transducers.
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Fig. 2 (left) Ground penetrating radar [14]; (middle) Pendulum rebound hammer [22]; (right)
The flat jack test [23]

Supplementary to the assessment methods, a continuous Structural Health Monitoring (SHM) system
might be of great use for a better understanding of the actual behaviour of a given structure. Since this
way of monitoring a structure is quite useful, it should be seen as a goal to enhance the benefit of
SHM by the utilization of applied decision analysis on how to assess the value of SHM even before it
is implemented. By using SHM techniques the decision-making basis for the design, operation and
life-cycle management can be much improved and can facilitate more cost-efficient and reliable
strategies for maintaining and developing the built society [24].

5 The ARES Project

Maintenance of the building stock today is not only an issue that concerns the civil engineering com-
munity, but it is also an environmental, social and resource efficiency issue that should concern the
general public.

The wide range of assessment methods presented in the previous paragraph shows that a big step
forward has been taken in this field in recent years, but this has not yet changed the quality of assess-
ment in regard to the evaluation of the reliability of an entire structure. Since most methods focus on
the determination of local properties and damages that do not represent the properties and the capacity
of an entire structure it is obvious why these methods are considered insufficient. Advanced methods
for the assessment of existing structures make use of updated information but unfortunately that is not
quite the case with masonry structures [25]-[27].

At this moment the assessment methods and the design checks of existing structures are not at the
same level. Without high quality guidelines it is difficult to approach a problem which consequently
results in a false interpretation of collected data and a wrong decision-making process for the rehabili-
tation of an existing structure. The development of investigation techniques for the updating of mate-
rial properties will help with the uncertainties associated with the prediction of the structural behav-
iour of existing structures.

The ARES project, funded by the Croatian Science Foundation, was established with the idea of
ironing out the mentioned insufficiencies. The aim is to deliver a basis for the advanced assessment
and the design of existing structures, allowing a more economic design and a more accurate analysis
of the consequence of failure. To sum it up, the idea is to improve the way assessment is carried out.
Standard methods will be compared, and the necessary procedures will be determined to simplify
assessment for practical use. Furthermore, it is aspired to develop general guidelines, to review the
safety factors in place and to gather great knowledge about the building stock in Croatia in general.
With the knowledge gained in this project, Croatian society of engineers will have an opportunity to
actively participate in the research and will contribute (via National Standardization Committee) to a
production of a new standard.
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6 Conclusion

The Croatian and the European building stock consist of many masonry structures that are vulnerable
to seismic activities. To reduce this vulnerability, they are strengthened with mostly steel and some-
times non-metallic reinforcement after the assessment is performed. Since sustainability is becoming
a prevailing issue, the general aim seems to be shifting from building new structures to the mainte-
nance of existing ones. That is why the assessment of structural behaviour and strengthening tech-
niques are becoming a hot topic in the civil engineering society. However, many questions regarding
seismic vulnerability and the assessment of masonry structures remain unanswered even with the
tools and techniques that are already at disposal. One of the main issues lies in the fact that most of
the historic and a great amount of residential buildings are built with masonry, so both the economic
and cultural aspect are at risk. Also, in most cases the access to the interior of a building is not even
possible so the array of assessment methods and retrofitting techniques decreases significantly. Fur-
thermore, on a more global scale, energy efficiency is currently being improved in a lot of structures
without any seismic or even structural considerations. Some simple solutions may lead to a large
improvement in seismic behaviour, such as adding horizontal steel rods to ensure a box-type behav-
iour of a structure.

Most of the existing rules and standards regulate the design of new structures but the maintenance
and if needed repair are not elaborated that well. Some guidelines and documents do exist, but they
need to be improved. That is why further research about material properties and their variability, risk
assessment and modelling are needed. Currently, there is a huge knowledge gap, especially in the
assessment methods and design checks for existing structures, in every aspect of the assessment proc-
ess.

First of all, it is very important to define which parameters need to be tested and which can be
calculated or approximated (i.e. Is it necessary to measure mortar characteristics or are they similar
for the Croatian building stock?). The plan of the project is to make case studies on existing masonry
structures to form an exact procedure. Secondly, the idea is to find an economic approach for model-
ling such a series of structures since the current practice is usually either to complex or to simple.
This will be achieved by modelling a structure with various input data and afterwards trying to assess
the structure before the testing. The values will be compared to the ones provided by tests and models
will be calibrated. This procedure will be repeated until a reliable system will be obtained. Thirdly,
gaps exist in the way strengthening is ensured (which safety factors can be expected for a specific
strengthening technique, masonry and standard practice characteristic of Croatia? How does strength-
ening influence the parameters for modelling? etc.).

The ARES project tries to address these shortcomings, allowing for a more economic design and
a more accurate analysis of the consequences of failure.
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Abstract

In seismic Italian regions, the building stock is characterized by a large percentage of RC (Reinforced
Concrete) Gravity Load Designed (GLD) frame buildings without seismic provisions and structural
details. A significant number of earthquakes that caused great economic losses and casualties have
highlighted the crucial role of correctly identifying the local and global frame mechanisms as the actual
demand identification within frame sway mechanisms. In this paper, non-linear pushover analyses have
been carried out to assess the seismic performance of a GLD case study building, both considering and
neglecting the beam-column joints non-linear behavior and deformation capacity. The main goal is to
investigate, in both cases, the significant difference in terms of predicted local hierarchy of strength,
global system response, and seismic risk classes achieved. The latter classification has been evaluated
using the simplified methodology recently introduced by the Italian Ministerial Decree No 58/2017.

1 Introduction

Worldwide seismic events are the unfortunate greatest demonstration and reminder of how existing
reinforced concrete (RC) \buildings have inadequate structural performance against horizontal actions.
Their structural weaknesses are often related to the shear failure of the beam-column joints [1], [2],
which were generally designed without stirrups in the panel zone connection and without adequate
construction details, according to pre-seismic codes of the time [3]-[6]. Within the Italian building
stock, it is estimated that 60% of the existing buildings have been constructed in what, at the time, were
considered ‘no-seismic areas’, based on the obsolete seismic zone classification of the 1930-1940's [7]-
[9]. Most of the pre-1970s reinforced concrete structures were not designed with capacity design phi-
losophy, thus leading to a strong-beam and weak-column (soft-storey) mechanism. When further con-
sidering the likelihood of a brittle joint failure, the recurrent large number of victims and economic
losses should not come — anymore - to a surprise [8], [10], urging for a retrofitting intervention [10]-
[13] and, more appropriately, for a renewed proactive approach for the development of a coordinated
national plan for seismic risk reduction [14].In the recent past, experimental and numerical studies have
focused on the evaluation of the seismic performances of poorly detailed beam-column joints. The
strong seismic vulnerability of RC buildings opens different research topics for the development and
validation of capacity models and analytical tools to reliably assess the seismic performance of joints.

In this paper, with the aim of highlighting the effect of joints deformability on the overall structural
performance, an existing 2D RC frame has been modeled. Two types of joint modeling approaches are
involved: the first one does not consider joint deformability, whereas the second one contains a simpli-
fied macro-model for the joint core, which takes into account the joint strength-deformation capacity
[4], [6], [14]. The proposed frame has a strong beam-weak column hierarchy and the lack of proper
transverse reinforcements in the joint panel leads to a premature shear failure. The first goal of this
work is to compare, for the case study building, the differences between a classic modeling approach
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that considers the panel zone as infinitely rigid, and a simplified modeling approach that takes into
account the rotational capacity of the joint [6], [15]. The main differences in terms of global base shear-
displacement curves, considering or neglecting joint deformability, through a non-linear static analysis,
have been quantified. The simplified seismic risk class evaluation constitutes a further goal.

2 RC Frame building

An existing pre-1970 non-ductile RC frame building designed for gravity loads only and characterized
by the absence of any seismic design criteria has been considered. The building is located in L’ Aquila,
Italy, on C soil class. This case study respects the construction rules observed for the gravity load de-
sign, so it is characterized by the lack of structural seismic details and, overall, by the absence of any
Capacity Design (CD) principles, according to the Italian R.D. 2229/1939 and earlier [16]. The plan is
rectangular in shape and has two bays (each of length 5 m) in the transverse direction and four (each of
length 6 m) in the longitudinal direction. The structure spreads over four levels with an inter-floor
height equal to 3 m, as shown in Fig. 1 (Left). The central frame, highlighted in the dashed red box of
Fig.1 (Bottom), was used to conduct both non-linear static analysis and the seismic risk class evaluation,
as well.

Fig. 1 (Left) Plan view, rectangular shape, bear frame front view, long side. (Middle) Element’s
cross-sections. (Right) Exterior joints structural details

The columns and beams sections are 300 x 300 (b, x h,) mm? and 300 x 600 (b, x h;) mm?, respec-
tively. Columns are reinforced symmetrically with two 16 mm reinforcing bars on the top/bottom sec-
tion. Beams are reinforced as follows: at the external support with two 10 mm bars below and two 10
mm bars at the top; at the internal support with two 10 mm bars below and three 14 mm bars at the top,
see Fig. 1 (Middle). No stirrups are present in the joint's panel zone (concrete core), as typical of most
existing buildings in Italian and Mediterranean areas of the period, see Fig. 1 (Right). Regarding the
materials choice, for the concrete, the cylindrical strength (f':) was chosen equal to 18 MPa and the
elastic modulus (E¢) equal to 26243 MPa. Smooth bars of 10, 14, 16, and 6 mm in diameter were used
as longitudinal and transverse reinforcement, respectively. The main steel properties were yielding
stress (fy) of about 321.2 MPa, ultimate stress (f.) of about 463 MPa, and an elastic modulus (Es) of
about 200 GPa. As steel reinforcements, smooth mild steel bars Aq42 were used, according to the con-
struction practice of pre-1970's existing buildings.
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3 Global frame modeling including joint deformability

In the numerical model, the structural members are represented by lumped- plasticity beam elements.
Once defined the elements geometry, reinforcement details, and material properties, the main goal was
to predict the structural performance of the case study RC frame, with inadequate seismic structural
details. A Force Based Plastic Hinge (FBPH) element, based on the flexibility formulation, was con-
sidered [17]. The FBPH element divides beams or columns into three parts: two hinges at the ends and
a linear-elastic region in the middle. The length of each hinge was specified using Priestley formulation
[7].

Regarding the joint panels, they are modeled in two ways: 1) by rigid links, neglecting their deforma-
bility; ii) by rotational springs accounting both their deformability and their non-linear behavior.

For both models, for simplicity, the interior joints were modeled with rigid links neglecting their de-
formability and non-linear behavior (Fig. 2, Right), as they typically show a lower seismic vulnerability
than the exterior ones due to a more reliable diagonal strut shear transfer mechanism even in the absence
of specific stirrups.

Instead, the exterior joints were modeled with a simplified macromodel which considers the joint
strength-deformation capacity through a rotational spring placed in the core of the joint panel [6], [15],
as shown in Fig. 2 (Left). This spring can represent the joint behavior both in the linear and in the non-
linear ranges. The linkage between the joint panel and converging elements (beams, columns) is mod-
eled by rigid links. The joint spring moment-rotation characteristics are derived from the principal ten-
sile, pt, or compression stresses, pc, versus the shear deformation, y, relationship, where the principal
(tensile or compression) stresses take into account the axial load acting on each joint. It has to be high-
lighted that, as part of a simplified modeling approach, the axial load for each joint is evaluated con-
sidering the gravity loading only while the axial load variation due to the seismic action is not directly
modeled. Yet, in the evaluation of the hierarchy of strength of the beam-column joint within a M-N
interaction domain [18], the variation of the axial load has to be taken into account.

In this way, the exterior beam-column-joint subsystem comprises of four areas of lumped plasticity,
represented by a beam plastic hinge region, two column plastic hinge regions (both at the joint's inter-
face), and a rotational spring in the joint panel when compared to the two areas of the interior one.

Fig.2  (Left) External beam-column joint numerical model. (Right) Internal beam-column joint nu-
merical model.

Exterior joint core spring was included through a Zero-Length (ZL) element and an elasto-plastic ca-
pacity-curve relationship was assigned to describe its behavior both in linear and non-linear range.
Notably, in terms of cyclic behavior, a better hysteresis rule to describe the joint non-linear cyclic be-
havior should have pinched and stiffness degrading characteristics. However, the scope of the paper is
to develop and assess simplified modeling approaches for the daily practice of engineers and such more
complex rules are often not — or not yet - available in the library of typically adopted commercial soft-
wares.

In Fig. 3 (Left), the capacity curves for the external joints are reported. They are all elasto-plastic
and have the same rotation both at the yielding point and in ultimate conditions, according to NZSEE-
2017 Seismic Assessment Guidelines [5,19]. This implies that each joint has a different capacity curve
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for the bending Moment capacity M, which closely depends on floor axial load value N. Instead, ac-
cording to [5,19] the deformation capacity is the same for each joint independently from the axial load.
This aspect leads to the elastic sections having different Ko slopes, moving from the smallest slope at
the first floor to the greatest one at the last. The bending moment M, the axial load N, the Ko slopes, and
the joint rotations assumed are all reported in Fig. 3 (Middle) and (Right) tables.

Oy Ou
(rad) (rad)

0.005 0.01

Fig. 3 (Left) External joints constitutive laws. (Middle) Tables with external joints capacity val-
ues. (Right) Exterior joints rotation values according to NZSEE2017 guidelines.

4 Failure criteria

Beams and columns deformation capacities, defined in terms of chord rotation 0, are strongly in-
fluenced by the lack of adequate seismic details in the longitudinal reinforcement, as well as by the type
of bars used, whether they are smooth or/and cold-worked brittle steel. Inadequate development of the
overlaps along the beam's length and columns height joined with an inappropriate anchoring within the
beam-column joints can govern the element response against the seismic action, drastically limiting its
capacity. The previously mentioned limitations on deformation capacity were therefore considered to
verify the entire frame against horizontal actions.

According to EC8-Part 3 - Appendix A, deformation capacity and shear capacity checks for the
overall frame elements were carried out. The following three failure criteria for beams and columns,
according to EC8-Part3, were considered: chord rotation capacity at Light Damage limit state (LD),
chord rotation capacity at Life Safety limit state (LS) and shear resistance at Life Safety limit state.
Moreover, for the model where the non-linear behavior of exterior joints is included, another failure
criterion was added. According to NZSEE-2017 Seismic Assessment Guidelines [17], as reported in
section 3 joint ultimate rotation (9, = 1%) was considered as capacity criteria and a joint yielding
rotation (ﬁy = 0.5%) was adopted to represent the onset of the significant non-linear stage of the joint
behavior.

5 Comparison and discussion of the results

A direct comparison between the numerical results obtained through the pushover analysis on the case
study frame performed with the two models is reported in this section with reference to global response
curves, damage distribution and interstory drifts reached at the considered limit states. The static push-
over analysis was conducted using a force distribution proportional to the first modal shape.

Fig. 4 compares the top drift-base shear curves, which show the global structural response obtained
both for the Rigid Joints (RJ) frame and for the Deformable Joints (DJ) frame, modeled considering
exterior joint deformation capacity. Worth noting that the DJ frame (green curve) shows for the very
early stages a softer behavior with lower initial stiffness. As a result, for the same base shear imposed,
the DJ frame (green curve) developed higher top drift than the RJ frame (black curve), until the ultimate
conditions for the DJ frame are reached, represented by the red cross on the green curve.

The points highlighted on the two global response curves represent the achievement of a certain
limit state, as shown in Fig. 4. For the RJ frame, the chord rotation at LD and LS has been reported as
the first and the ultimate damage condition, respectively. For the DJ frame, due to its different plastic
hinges activation sequence, yielding and ultimate joint rotations have been considered as the first and
the ultimate damage condition because they anticipate the achievement of chord rotation in the columns.

Globally, the RJ frame (black curve) appear to achieve remarkably higher values both in terms of
strength and ductility when compared to the DJ frame (green curve). This phenomenon is due to greater
plastic resources, which involve beams and columns elements within the RJ frame. However, these
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apparent plastic resources derive from having neglected the joints deformation capacity in the RJ model;
this leads its capacity curve to end at the first LS chord rotation achievement, represented by the red
cross on the black curve. Instead, when considering the joints deformability, the DJ frame globally
shows a much less ductile behavior than the RJ frame, so that its plastic resources end at the joint
ultimate rotation achievement. This event concentrates the deformation demand in the joint panel re-
gion, changing the plastic hinges activation sequence in the DJ frame with respect to the RJ one.

Fig. 4 Global force-displacement curves with failure criteria achievement. (Black) RJ backbone
curve. (Green) DJ backbone curve. For elements labels see Fig. 1 (Left).

In Fig. 5 the damage distribution reached at different interstory drifts for both models is shown:
flexural plastic hinges activation referred to beams, columns, and external joints are reported. Two
different interstory drift values have been considered for the RJ frame, which correspond to the achieve-
ment of the chord rotation at LD and LS. In particular, the first cracking condition corresponds to chord
rotation at LD limit state that occurs for a top drift value equal to 0.28% in columns c4, c8, and c9.
Furthermore, the collapse condition coincides with the achievement of the chord rotation at LS limit
state that occurs for column c4 for a top drift value equal to 0.67%. For the DJ frame, two interstory
drift values have been considered, which correspond to the activation of yielding and ultimate joint
rotation. The first one is reached at a top drift value equal to 0.15%, the second one at a top drift value
equal to 0.48%.

Rigid Joints (RJ) Deformable Joints (DJ)

0 t CLO 1 1o ﬁb:c;:o:::ﬂ

(0.28%) (0.67%) (0.15%) (0.48%)
O Chord rotation LD @ Chord rotation LS [ Joint yielding rotation [l Joint ultimate rotation

Fig. 5 Comparison of frame model response with and without exterior joint deformability.
(Left) Damage distribution RJ frame. (Right) Damage distribution DJ frame.

From the different plastic hinges activation sequence, it is possible to deduce how the RJ frame
involves the ductile resources of beams and columns belonging to the first and second floors, while the
deformable DJ frame, unlocking the external joints rotation, concentrates the displacement demand in
the joint panel regions with high damage at an early stage.

The graphs shown in Fig. 6 are referred to different limit states and they represent the capacitive
displacements of the structure, according to the two models with rigid and deformable joints. For the
RJ frame, the chord rotation at the reaching of LD and LS limit states is reported. For the DJ frame, due
to its different collapse activation sequence, which involves the exterior joints, the yielding and ultimate
joint rotation were chosen as failure criteria. As it can be observed in Fig. 6 (Left) in terms of total drift,
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the RJ frame reaches higher displacements than the deformable one. This phenomenon, linked to the
achievement of greater floor displacements, is closely connected to neglecting the joints deformation
capacity. The same results are visible in Fig. 6 (Right) in terms of Interstory Drift Ratio (IDR), the RJ
model shows high required deformation at first and second floor, instead in ultimate condition the DJ
model shows limited required IDR in columns since the required deformation is concentrated in the
joints with total drift of only 0.48%.

Fig. 6 (Left) Total drift. (Right) Interstory drift ratio. Solid lines are referred to Rigid Joints (RJ)
frame, dashed lines are referred to Deformable Joints (DJ) frame.

6 Seismic risk classes

The aim of the present work is to compare the effect of rigid joint modeling with respect to the deform-
able one in terms of the structural performance and of economic seismic losses. For the loss assessment,
different approaches can be adopted depending on the required level of accuracy. In this section, the
simplified methodology introduced by the Italian Ministerial Decree No 58/2017 [20], accurately de-
scribed in [21], was employed. According to this method, in order to assign the seismic risk classes for
the two analyzed cases, two indicators are adopted. The first one consists in evaluating the building life
Safety Index IS-V (conceptually equivalent to the %NBS in the NZSEE2017 Guidelines), defined as
= PGA;/PGAp , were PGA; and PGAp, are the capacity and demand peak ground accelerations at
Life Safety limit state, respectively. The second one consists in evaluating the Expected Annual Losses
(EAL), defined as the integral of the losses curve that, in the simplified methodologies, is discretized
and substituted by a sum. More precisely, the losses curve was computed only for few limit states
associated with a repair cost evaluated on collected post-seismic damage and consequences in terms of
economic losses. The pairs of points (4;, RC;), where, for the i-th Limit State, 1; = 1/Ty¢; is the aver-
age annual frequency of exceedance, T.¢; is the capacity return period and RC; is the Repair Cost (de-
fined a priori using the macroseismic data). Then, the EAL index is evaluated using the expression.

5 , .

EAL = z [ — Aiy] - w +A(C-LS) - RC(C-LS) )

i=2

where the subscript i in (1) represents the i-th limit state, among those covered. Here C-LS denotes the

Collapse Limit State. Moreover, it holds:
T,

T—Ci_ = (Sa (Ty)ci/Sa (Ty)pi) (2)

rDi
In (2) the term T,p; is the demand return period for each limit state; Sa (T;)¢; and Sa (T;)p; are the

spectral accelerations assessed with reference to the period T,, which have been used in order to evalu-
ate the demand and the capacity of the structure. Using this simplified approach, the final Seismic Risk
Class (SRC) is evaluated as the lower between the class associated to the IS-V index and the one asso-
ciated to the EAL. In this work, the period T, has been evaluated from the modal response analysis,
while the building performance, expressed in terms of spectral acceleration Sa (T;)cj, and the corre-
sponding PGAc value, related to LD and LS limit states, has been evaluated by means of the N2 method
[22]. In Fig. 7 are represented, only for the LS limit state case, the outcomes obtained by exploiting the
ADRS spectra representation, showing the demand spectrum and the capacity one, evaluated by N2
method with the bi-linearized pushover curve of the equivalent single degree of freedom system. Sub-
lots on the left are referred to RJ frame, those on the right to the DJ frame. The comparison between
the two figures shows that the RJ frame capacity spectrum is greater than the DJ frame.
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Fig. 7 ADRS spectra. (Left) RJ frame. (Right) DJ frame

The outcomes of the seismic risk analysis are summarized in Table 1. Notice that, neglecting the
joints deformation capacity an incorrect estimation of the entire structure SRC is obtained. The RJ
frame reaches a IS-V index equal to 0.77 (B class), and an EAL index equal to 1.5% (C class), so that
its SRC class is C. On the other hand, the DJ frame reaches a IS-V index equal to 0.45 (C class), and
an EAL index equal to 3.8% (E class), so that the final SRC class achieved is E.

Table 1 Safety Index, Expected Annual Losses, and Seismic Risk Class evaluation from results
obtained by RJ frame and DJ frame models.

Reference Model IS-V - class EAL — class SRC class
RJ Frame 0.77-B 1.5% -C C
DJ Frame 045-C 38% -E E

7 Conclusions

In this paper, a case study of a reinforced concrete building built before the 1970's, according to the
Italian R.D. 2229/1939 and earlier, has been analyzed. It showed a high seismic vulnerability, due to
its structural deficiencies - e. g. absence of transverse reinforcements in the joint panel, smooth bars,
inadequate concrete cover, end-hook anchorage of beam bars. More precisely, the frame structure is
characterized by a strong beam-weak column hierarchy, consistently with most gravity load-designed
buildings. In the first instance, a pushover analysis was conducted, assuming a force distribution pro-
portional to the first mode, in order to evaluate the structure capacity curves. The frame was used to
highlight the importance of properly modeled the non-linear behavior of joints in order to detect a
premature failure due to reaching the joint rotation capacity. A simple macro-model for the exterior
joint was used for making it suitable also for practitioners. The joint rotation values were adopted by
using NZSEE2017 prescriptions for the external joints [19]. The results obtained in terms of capacity
curves, floor displacements, and interstory drift, shows how moving from the rigid joints frame to the
deformable one, the plastic hinges sequence activation significantly changes. The rigid joints frame
seems to own more significant ductile resources with respect to the other one. However, this outcome
is attributable to modeling issues relative to the proper evaluation of the joint’s capacity. In addition,
an overestimation of the global capacity of the rigid joints frame leads to a rough evaluation of the
seismic risk class that results lower for the rigid joints frame than for the deformable one. The RJ frame
has an IS-V index equal to 77% and an EAL index equal to 1.5%, while the DJ frame has an IS-V index
equal to 45% and an EAL index equal to 3.8%. In conclusion, the traditional modeling techniques,
where the deformability and the non-linear behaviour of the joint panel zone are neglected, can lead to
substantial and unconservative under-estimation of both seismic safety and seismic losses. Furthermore,
an incorrect ‘diagnosis’ can clearly lead to an inadequate ‘prognosis’ and ‘therapy’, i.e. retrofit inter-
vention. It should thus be highly recommended to include simple yet reliable modeling approaches for
the non-linear behavior of the exterior joint as part of the daily practice of engineers as part of the
vulnerability assessment and retrofit strategies definition of existing RC building.
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Abstract

The shear response of the reinforced concrete dapped end beams (RCDEBs) undergoing cyclic loading
experimentally and moving loading analytically under bond deterioration of the RC composite was
examined. PVC hollow pipe was adopted for bond loss at the inaccessible recessed corner to form the
RC composite bond loss in experiment. Cyclic loading usinga universal testing machine was carried
out on the test beams by adopting a minimum confirmed static capacity of 15% with the same percent-
age increment until failure. By using the interface element considering the bond loss, the numerical
assessment was extended to the moving load by the direct path integral scheme. The beam failure de-
pends on the loading point and the position of bond deterioration.

1 Introduction

Over the decades, due to the rise in economic activity and population, many existing reinforced concrete
bridges have faced frequent vehicular overloading, and many structural failures have been reported.
The long-term fatigue loading results in the deterioration of the bridge structures' service life. Some are
also confronted with environmental effects such as the freezing and thawing effect, the occurrence of
carbonation by acid rain, and the ingress of chloride ion that affect the existing reinforced concrete
structures, resulting in corrosion effects and reducing the structures' durability in general, Fig. 1. As
many researchers provided qualitative reports on fatigue damage, some of these structures lack quanti-
tative service life assessment. As such, Adequate design to access the degree of risk presented and to
ensure impregnability of the fatigue damage-prone structural member to collapse during service life.

Fig. 1 Dapped end beam and corbel corrosion: Granada, Spain (left) and M-30, Madrid (right) [1]

This study focuses on the performance response of reinforced concrete dapped end beams
(RCDEB) under sustained cyclic loading and bond degradation of its critical section due to bond loss
caused by corrosion. (RCDEB) can be used as replacements for precast members of bridge girders.
They are recessed at the ends and supported by cantilevers, columns, corbels, or inverted T-beams [2].
RCDEB increases the flexibility of the structural support members laterally, it can also minimize the
total height distance of the precast concrete frameworks and there is often a decrease in its self-weight
due to a change in the cross-section of the re-entry portion [3]. However, the cross-sections of the
RCDEBEs used in the construction are weakened at the re-entrant corner near the support due to the
discontinuity region (D-region) [4], this disrupts the flow of internal stress in the members and induces
a stress concentration at the re-entrant portion of the beam, which can lead to cracking if adequate
stiffness is not provided. In addition, the investigation of the RCDEB anchorage zone in the bridge
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girder is often difficult due to the presence of recess portions on other structural parts, the retention of
water or soiled materials on these sections, which accelerates the deterioration of concrete beam by
causing corrosion of the reinforcing bars. In reinforced concrete frameworks, the reinforcing bar lugs
create the mechanical benefit of the bond mechanism, so the concrete crack is due to the issue of dura-
bility. On the one side, cracks decrease the service life of structures due to the entrance of the corrosion
agent to the reinforcement, on the other hand, the guarantee of concrete consistency and the thickness
of the cover are the necessary criteria for avoiding steel corrosion in concrete.

It is known from the reassessment of the current literature that numerous assorted works have been
carried out on the RCDEB response under static loading conditions [4],[5], but that the experimental
and analytical examinations of the RCDEB fatigue behavior are inadequate, as is the effect of the dete-
rioration of the RC composite bond on the RCDEB anchorage region, on the load-bearing capacity and
the response. Therefore, this research aims to understand the behavior of these beams in such circum-
stances through experimental under low fatigue loading and numerical analysis under the moving wheel
load.

2 Methodology

The struts-and-Tie inclination method set out in Eurocode 2 [6] was implemented in the detailing of the
RCDERB to gain the efficiency of the amount of shear reinforcement required Fig. 2 (left). The concrete
stress permeating across the nib is resisted by the tension force in the web reinforcement positioned
near the full-deep end of the beam. Additionally, the capacity of the undapped end is often dictated by
the diagonal tension crack, which is mainly triggered at the recessed corner and from the full depth
corner of the beam. Six dapped end beams (labeled S0-S5) were planned and cast to test the perfor-
mance of the DEB under bond deterioration. 9 mm diameter deformed bar is designed to withstand the
forces emanating from the nib area at a spacing of 150 mm, whereas the 210 mm spacing is used for
the stirrups in the middle part of the beam. The 22 mm deformed bar is built for all longitudinal rein-
forcements, both at the re-entrant corner (nib) and at the maximum bottom depth of the beam as shown
in Fig. 3 (left), so that the reinforcements will reach their yield strength before the final failure. The
hollow PVC pipe, 140 mm long and 27 mm inner diameter was used to create a deterioration of the
bond between the longitudinal reinforcement and the concrete. Silicon gum was infused within the PVC
hollow pipe and the longitudinal reinforcement was inserted into the PVC pipe as shown in color red
as shown in Fig. 3b. The dimensions of the RCDEB is also presented. SO is a control beam with no
bond loss loaded monotonically at the shear span to the depth ratio (av/d=1). S1 and S5 have the same
bond losses in the nib section, the bond losses in S3 and S4 are included in the flexure region. S5 was
also subjected to static loading at the midpoint, while the rest of the beams were assessed experimentally
under the low cycle fatigue conditions. S2 and S3 were loaded at av/d=1, and S1 and S4 were cyclically
loaded at the midpoint. The constituents of the concrete mix adopted for the investigation are ordinary
Portland cement, fine aggregate, and coarse aggregate with a maximum size of 20 mm, mixed at a ratio
of 1:1.6:2.94 by weight of cement. The water-cement ratio (w/c) of 0.43 and the air-entraining water-
reducing of 0.5% of cement were used. The results of the load-displacement for SO and S5 are presented
in Fig. 3d.

Fig. 2 Struts and Tie approach for DEB (left) and Pattern of Cyclic Amplitude Loading (right)
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Fig. 3 (a) Experimental setup (b) Beam geometry description (¢) FEM discretization (d) interface
element model [7] (¢) Monotonic loading comparison of analysis and experiment

To obtain as much information as possible, the specimens were instrumented particularly at the
dapped section where the bond loss was made. The results were recorded automatically with the help
of the data logger. Steel strains were measured using 5 mm electrical resistance strain gauges connected
to the hanger reinforcement close to the dapped sections. Concrete strain gauges were also attached to
the critical sections of the beam close to the reentrant corner. Three 25 mm capacity linear variable
differential transducers (LVDTs) were placed on the beam, Fig. 3a, on the lower part of the loading
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point and on the upper side of the supports, to capture the vertical displacement of the beam. The test
beams were subjected to three-point bending in a compression machine with a total capacity of 2,000
kN, and in the case of static loading, the load was gradually applied at an amount of 5 kN until failure.
The static capacity for evaluating the requirements for the low cycle fatigue loading was adopted from
the experimental result after the failure. 105 kN static capacity was adopted. A minimum of 15% static
capacity was introduced in the case of cyclic loading, with an increase of 15% loading capacity per 20
cycles until failure. To ensure an adequate contact between the loading system and the test specimen,
the minimum load amplitude was maintained at 5 percent static capacity. As shown in Fig. 1 (right),
the cyclic amplitude loading was performed in the form of increasing stages.

In the case of the numerical investigation, the test beam configuration was mocked up to resemble
the experimental investigation, which is accomplished by the 3-dimension concrete model (COM 3D).
Under the multi-fixed crack method, COM3D considers the complete reinforcement model within the
concrete material to form the RC mesh. The standard model consists of 4,288 elements and 7,234 nodes,
and the elastic supports were simply supported. The complete FEM discretization and the bond loss
elements in the modeled beam (color red) for the case of S4 are shown in Fig. 3c. Sections A-A and B-
B show the orientation of the bond deterioration with an interface slip model, Fig. 3d, considered in
place of the steel and concrete properties under the Mohr-Coulomb’s frictional law [7]. Free normal
stress is assumed after the separation of the element, frictional coefficient, p, of 0.8 is adopted on the
contact surface of the element with an open-slip mode of the interface assumed to be rigid until the
tensile stress normal to the interface surpasses the initial bonding. Hence, separation causes loss of
contact and the Mohr-Coulomb’s circle friction is activated. After re-contact, the transfer of stress res-
tart. This path-dependency is the frictional contact planes in the analysis. Here, the interaction of sof-
tened crack shear and gap opening is considered. In this study, a sudden jump from continuum to perfect
separation is assumed for simplicity in the FEM analysis. The bond loss labeled 1 in section A-A was
only considered for the case of beams S1 and S5. The bond loss marked 1 and 2 was considered for
beam S2, while the bond loss marked 1, 2, and 3 was considered for beam S3. SO was considered
without the bond loss.

The beams were simulated under similar conditions to the experimental investigation. Beams SO
and S5 were subjected to monotonic loading in the transverse direction at shear span to depth ratio
(av/d=1), and at the midpoint respectively on a set of nodes (left side). The load versus displacement
response between the experiment and the numerical analysis were compared as presented in Fig. 3d.
Numerical examination under the low cycle fatigue is not reported in this study due to the limited space,
this has however been considered at the midpoint and av/d=1 by Quadri and Fujiyama [8]. In this study,
the structure of the moving wheel load is discussed. In the RC bridge deck, approximately 2 to 3 order
differences in service life reduction have been reported experimentally when fatigue moving wheel was
applied [9]. A similar decrease was also recorded when the effect of water coupling was considered
under the conditions of cyclic loading [10]. In conducting a numerical analysis under moving load, the
direct integral path constitutive model was considered to capture the action of the RCDEB under the
influence of bond deterioration. Three nodes in the transverse direction have been picked, loaded, and
unloaded consecutively as shown in Fig. 3c, these include; the node corresponding to the shear span to
depth ratio equal to 1 on the right and the left sides and the node at the midpoint of the beam. The same
time phase applied for the low cycle fatigue in 0.003 seconds was adopted. This is equal to 60 km/h in
actual realistic consideration of the moving vehicle. As a result, approximately 3853 steps of 20 itera-
tions are needed to complete 5 million cycles in 45 hours.

3 Discussion of Results

3.1 Experimental Results

For the modification of low cycle fatigue under the experimental approach and high cycle fatigue under
the numerical analysis, the monotonic loading distinction between the experimental and the analytical
results reported in Fig. 3e was adopted since an agreement in the load-displacement response is estab-
lished. The damage pattern of beams S1-S4 under the experimental low cycle fatigue loading is pre-
sented in Fig. 4a. There was no visible crack when, in the case of S1 and S4 loaded at the midpoint,
15%, and 30% static capacities loading were considered under the cyclic conditions. However, in the
first cycle of 45% static capacity load, a hairy crack was initiated on the left side of the re-entrant
portion of the beams but disappeared when the beams were unloaded. The crack width extended
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gradually throughout the 20 cycles of the 45% static capacity loading. As the load was further cycled
to 60% capacity, an inclined crack at the critical section of the beam’s full depth with flexural cracks
were observed in beam S4 which gradually increase while the previous cracks traverse towards the
loading point, crack was also initiated at the other corner of the beam. At 75% static capacity, the beam
stiffness degraded with an increase in irrecoverable deformation. The same scenario was also observed
in beam S1 however without flexural cracks, and when beam S1 was cycled to 90% capacity, the shear
cracks increased drastically. This implies that once a weak zone is formed due to high stress under
unloading and reloading conditions, the damage tends to accumulate incessantly. The existence of more
bond losses in S4 expediated its early failure, with about 75% of its total capacity which is equal to
60% of the static loading capacity, diagonal and shear cracks were formed. This points to the fact that
coupled corrosion and cyclic loading effect can exacerbate the service life of the RCDEBs since more
damage is sustained during the bond deterioration of the RC composites.

Crack was initiated at the re-entrant corner at 30% static capacity when cyclic loading was consid-
ered at av/d=1for the case of beams S2 and S3 in Fig. 4b. when the load was further increased to 45%
static capacity, the crack width extended, which caused a diagonal crack on the other side of the re-
entrant portion at the 8th cycle, resulting in dowel shear at the re-entrant corner. At 60% capacity, the
re-entrant crack propagated diagonally to the loading point, and when the load was further increased to
75%, the crack travelled vertically down from the compression zone to the flexural zone due to aggre-
gate interlocking during the reloading and unloading process.

Variation of strains of the hanger reinforcing bar and the concrete mounted close to the re-entrant
corner of the beams were examined and plotted against the time taken to complete the cyclic loading
for each beam, Fig. 5(a and b). The beams’ displacement against the time taken was also assessed as
presented in Fig. 5c, Fig. 5d shows the position of the strain gauges of the hanger bar and concrete. The
strain development close to the dominant crack is present here. As the applied load is cycled and un-
loaded to 5% of the static capacity, the deformation and strain gradually increased. The steel yield strain
and concrete tensile strain are attained at about 60% of the static capacity when the diagonal tensile
cracks propagated more causing an opening at the re-entrant corner. The applied load at position av/d=1
is more critical compared to the midpoint since only half of the time is required for the beam failure
under the same loading condition. Also, an increase in bond loss contributes a significant effect to the
failure as beams under the same loading effect failed at a different interval. the creep effect could also
have been a result of the intensity of the machine used.

Fig. 4  Failure pattern of RCDEB under cyclic loading (a) at midpoint (b) at av/d=1

3.2  Numerical Analysis Results of the moving load
Results of the applied moving load on the beams S1, S2, S3, and S4 under the influence of the bond
deterioration explained previously are presented. The damage response of the beams under the moving
load is shown by the strain distribution in the x-x direction as presented in Fig. 6. This direction was
referred to to determine the crack strain propagation. The high cycle fatigue loading and unloading
process was applied to the three selected nodes in the transverse direction (see Fig. 3¢). This was con-
sidered at 15 %, 30 %, 45 %, and 60 % of static capacity. Firstly, the fatigue load was applied at the
midpoint under the stepwise loading, then unloaded and reloaded at av/d=1 on the right, and then at
av/d=1 on the left side. Crack is initiated at the re-entrant portion of all the beams when a minimum
constant fatigue load of 15% of the static capacity is considered, however at different cycles as indicated
on the displacement to the number of cycles in the logarithmic scale, Fig. 7. As the fatigue load ampli-
tude is increased below the static capacity limit, high stress is produced, resulting in reduced time to
failure. The pattern of damage at each stress level depends on the level of bond loss in each beam. At
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60% of the static capacity, the beams suddenly fail at about 2 to 3 cycles. As a result, RCDEB is more
threatened by the diagonal tension crack at the re-entrant portion as well as the shear crack at the critical
section of the beam. The shear failure usually occurs at high stress when the cyclic load is applied at
the shear span to the depth ratio (av/d) =1.

The accumulation of fatigue stress in terms of normalized static capacity and the number of cycles
to failure (S-N) of the RCDEB examined were assessed. The fatigue requirements for evaluating the
beam performance were set as serviceability and ultimate limit states for structural assessment. the
beam deflection, using the EN-2 specification and clause given under section (7.4) and the reinforce-
ment yield strain at strain value of 2000p as the ultimate limit criterion. Figure 8 (left) shows the S-N
plot by following the measured deflection limit of 4 mm in terms of serviceability limit, while Figure
8 (right) shows the reinforcement yield criteria. There is a general reduction in fatigue life at an in-
creased bond deterioration, the damage under the S-N diagram accounts for about 50-55% of'the fatigue
life cycle when the ultimate limit state criterion is considered. Accelerated corrosion of the critical
section of the RCDEB could therefore promote early failure and decrease the fatigue life expectancy of
the beam.

Fig. 5 Beam Response under the cyclic loading. Strain-time of (a) steel (b)concrete, (c) Diplace
ment-time, and (d) position of strain gauges on the test beams
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Fig. 6  Strain distribution under fatigue moving load (x-x direction).

Fig. 7  Displacement versus the number of cycles under the fatigue moving load.

4 Conclusion

The response of reinforced concrete dapped end beams subjected to cyclic loading under the influence

of bond deterioration of RC composite at the critical portion has been examined experimentally. Ana-

lytical investigation under the moving load by adopting the direct-path integral scheme was conducted

to determine the service life degradation on account of the bond loss. The following conclusions are

drawn.

1.  An increase in the position of the bond loss hastened the damage of the beam with shear and
diagonal tension cracks forming the dominant cracks and resulting in damage at the critical section
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of the beam. These cracks are mostly resisted by the hanger bars (stirrups) close to the reentrant
corners of the beams.

The position of the applied load is an additional factor that dictates when the beams fails. Thus,
RCDEB is more threatened by the diagonal tension cracks emanating from the recess portion when
loaded near this corner. More attention is therefore required area as the dominant damage per-
petuates this portion.

The number of cycles to failure under the moving load, considered in the numerical analysis, de-
creased as the amplitude of the fatigue loading increased below the static capacity. This is also
confirmed in the S-N diagrams. The fatigue life criterion under the ultimate state presented a rel-
atively reduced service life compared to the serviceability state which partly relies on the level of
the bond loss and the moving load magnitude.

Fig. 8  S-N diagram of the moving load normalized by static capacity; Deflection criterion (left) and

yield strength of reinforcement criterion (right).
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Abstract

The fatigue behaviour of concrete is strongly dependent on various influencing factors. The influence
of different concrete composition on the fatigue behaviour of high-strength concrete has not yet been
sufficiently investigated. In addition, most research was concerned with the effect on the number of
cycles to failure without including detailed damage indicators, which describe the changes in the
micro-structure. In this paper, analyses and results concerning the fatigue behaviour of a high-strength
concrete with and without silica fume are presented. Thereby, especially the combined analysis of
different damage indicators such as strain and the acoustic emission points to different damage
mechanisms caused by the addition of silica fume. However, the fatigue behaviour of the high-
strength concrete could be improved by the addition of silica fume.

1 Introduction

In the last several decades, fatigue of concrete research was mainly focused on the numbers of cycles
to failure and partially on the development of strains and stiffness, e.g. [1]-[3]. Hence, even today
very little knowledge is available concerning the damage processes in concrete microstructure due to
fatigue loading. For this reason, the Priority Program SPP 2020 “Cyclic deterioration of High-
Performance Concrete in an Experimental-Virtual Lab”, funded by the German Research Foundation,
is focused on the evaluation of damage indicators in combination with new methods, such as acoustic
emission analysis.

Different results are documented in literature considering the formation and propagation of cracks
under fatigue loading. Some investigations found out that fatigue loading leads to the development of
cracks in the bond between coarse aggregate and mortar, the interfacial transition zone (ITZ) [4].
Results in [5] indicate that, in addition, already existing microcracks in cement stone develop further
and unite, forming macrocracks. Other investigations found that new microcracks mainly occur [6].
Altogether, there might be a dependency on the stress level concerning the formation of cracks [6],
[7]. The microstructure of concrete, and therefore the concrete composition, influences the occurrence
and development of damage due to fatigue loading [8], [9]. For static loading, an increase in compres-
sive strength due to the addition of silica fume is noticed by Sharaky et al. [10]. They explained this
increased strength due to the increased filler effect of silica fume as well as the greater solid volume
of C-S-H gel and thus additional reduction of capillary porosity during hydration. However, currently
no results are documented in literature, to what extent the addition of silica fume and thus the streng-
thening of the cement stone and the ITZ have an effect on the ongoing damage mechanism and crack
development under pure compressive fatigue loading.

Within a research project of the SPP 2020, the influence of silica fume in high-strength concrete
composition on the damage mechanisms under pure compressive cyclic loading is investigated. For
this, fatigue tests with two different stress levels were conducted. Different damage indicators like
strain, stiffness, dissipated energy and acoustic emission [11], [12] were used for comparative ana-
lyses. The results obtained show, that the combination of strain dependent damage indicators and the
acoustic emission analysis points to a different and improved fatigue behaviour due to the addition of
silica fume.
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2 Experimental Programme

2.1 Concrete and specimen

The experimental investigations of the fatigue behaviour under uniaxial compressive loading were
conducted on two high-strength concretes whose compositions only differ in the addition of silica
fume. Based on the approach of the same paste film thickness [13], silica fume was added to the
mixture to improve the binder matrix and the ITZ between the aggregates and the binder matrix. The
compositions of the high-strength concrete RH1-B and the concrete with silica fume RH1-B-Si are
given in Table 1.

The concrete composition RH1-B is the high-strength reference composition of the SPP 2020.
The fatigue tests were conducted on cylindrical specimens with h/d = 180/60 mm. The PVC form-
works were removed after 7 days and the cylinders were stored in standardized conditions (20 °C /
65 % R.H.) until testing. The test surfaces of the specimens were plane-parallel ground and polished
to achieve a more uniform stress distribution under loading.

Table 1 Concrete composition

Concrete RH1-B RH1-B-Si
Ordinary Portland Cement (CEM I | 500.00 kg/m’ 446.60 kg/m’
52.5 R HS/NA)

Micro silica / 44.70 kg/m®
Quartz sand (0/0.5 mm) 75.00 kg/m® 75.00 kg/m®
Sand (0/2 mm) 850.00 kg/m’ 850.00 kg/m’
Basalt (2/5 mm) 350.00 kg/m’ 350.00 kg/m’
Basalt (5/8 mm) 570.00 kg/m’ 570.00 kg/m’
PCE plasticizer 5.00 kg/m’ 4.90 kg/m’
Stabilizer 2.85 kg/m’ 2.80 kg/m’
Water 176.00 kg/m’ 172.00 kg/m’

Before the fatigue tests, the concrete compressive strength and the modulus of elasticity were deter-
mined on three test specimens each and the respective mean values were determined (cf. table 2). The
average 28 d compressive strength after storage under water f;,, c,pe is higher for the RH1-B-Si. Thus,
there is an increase in the compressive strength due to the addition of silica fume, which was expected
(cf. section 1). The modulus of elasticity E,, was determined in accordance to DIN EN 12390-13 [14]
on cylindrical specimens with h/d = 150/300 mm after 28 days. The reference concrete RH1-B has an
10 % lower modulus of elasticity than that one of the silica concrete RH1-B-Si. In addition and for
the purpose of comparison with the stiffness development under fatigue loading, the secant modulus
or rather stiffness of the stress-strain curve before the fatigue tests was determined also using cylin-
ders with h/d = 180/60 mm (cf. table 2). The average stiffness S,, under monotonically increasing
loading is higher for RH1-B-Si. Thus, the addition of silica fume leads to an increase in stiffness of
approx. 18 %. These properties confirm the aimed improvement of the microstructure by the addition
of silica fume. The reference compressive strengths f., ¢ of the high-strength concretes, which are
required to determine the axial test forces based on the stress levels, were determined just before
conducting the fatigue tests, using five specimens from the same batch having the same geometry as
the specimens used in the fatigue tests. The reference compressive strength is also given in Table 2.
All fatigue tests were conducted using specimens with a minimum concrete age of 56 days.
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Table 2 Hardened concrete properties of RH1-B and RH1-B-Si

Concrete RHI1-B RH1-B-Si
fem cube 113 [MPa] 133 [MPa]
En 39,967 [MPa] 44,337 [MPa]
S 32,145 [MPa] 37,857 [MPa]
fomref 96 [MPa] 123 [MPa]

2.2 Experimental set-up

The fatigue tests were carried out force-controlled using a class 0.5 servo-hydraulic testing machine
with a 500-kN actuator (according to ISO 7500-1 [15]). The full amplitude was applied in the first
load cycle. The minimum stress level was kept constant with S ,;, = 0.05 for all test series, while the
maximum stress level was either S;.x=0.85 or S.,.x=0.70. The test frequency applied was
f; = 1.0 Hz. The axial deformations were measured continuously during the tests using three laser
distance sensors positioned around the specimen at 0°, 120°, and 240°. In addition, the axial force, the
axial stroke of the actuator, and the temperature on the specimen's surface at mid-height and the am-
bient temperature were measured, all with a sampling rate of 300 Hz. Six sensors were attached to the
specimens tested under fatigue to characterize the degradation using acoustic emission. The sensors
with a wideband frequency response with the range of 250—1,600 kHz were positioned at 60° from
one another, alternating in the upper and lower third of the specimen. In preliminary tests, a threshold
of 40 db was defined to separate the useful signal from background noise. This means that all signals
with an amplitude smaller than the threshold are not recorded. The experimental set-up is shown in
Fig. 1. Also visible in Fig. 1 but not further used for obtaining the results presented in this paper, are
additional linear variable differential transformers (LVDT) and strain gauges.

Fig. 1 Experimental set-up [9]
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3 Results and Discussion

3.1 Number of cycles to failure

First of all, it must be stated that the maximum temperature increase during the fatigue process was
maximal 14 K and, therefore, relatively low. The correlation between the maximum compressive
stress level S¢ .y and the log. numbers of cycles to failure log. Ny is shown in Fig. 2. The test results
are presented for both high-strength concretes as single values on each maximum stress level. Fur-
thermore, the S-N curves for pure compressive fatigue loading of fib Model Code 2010 [16] and
Eurocode 2 [17] are shown in Fig. 2.

1 T T T T T

X S~ S Eurocode 2
= 00l Sl e fib-Model Code 2010 | |
5% == S =005
wn \~\m ¢,min
o) v ® RHI-B
z 08F i~ VvV RHI-B-Si -
g .
< 07F 'V\Y i
E = = ~.
: \'\
E 06F 4
=
<
=)
0.5 L L ! 1 I
0 1 2 3 4 5 6

log. number of cycles to failure log. Nf [-]

Fig. 2 Number of cycles to failure

It is obvious from Fig. 2 that the scatter of the tests results is relatively low for both concretes com-
pared to other investigations documented in the literature [1], [2], [18]. It also becomes clear that the
average number of cycles to failure for the RH1-B-Si is higher than for the RH1-B for both stress
levels. The difference in mean values is smaller for S .= 0.85, but no overlapping of single values
for both stress levels exists. Both concrete mixtures meet the requirements of the S-N curves of fib
Model Code 2010 [16] and Eurocode 2 [17], being mean curves.

3.2 Damage indicators

Fatigue damage indicators are used to describe the differences in the fatigue behaviour of both con-
cretes. Hereinafter, the following fatigue damage indicators are analysed comparatively for both
concrete mixtures, investigating their developments in the fatigue process:

e  Strain at maximum stress level €,,x [%o]

e  Strain at minimum stress level €, [%o]

e Overall growth of strain at maximum stress level Ae2 119 [%o]

0—-1.0 ro,
c,min 00]

e  Gradient of development of strain at maximum stress in phase II grad:slcf,mX [-]
Gradient of development of strain at maximum stress in phase II gradslcfmin [-]
Stiffness Eg [MPa]

Percentile loss of stiffness AEg_l‘O [%]

Gradient of development of stiffness in phase II gradE{ [-]

Dissipated energy per cycle Ep [kJ/m’]

Total dissipated energy ¥ Ep [MJ/m’]

Total number of hits ), ny [-]

e  Overall growth of strain at minimum stress level Ag

Thus, a selection of indicators as in [12] were used to ensure comparability to the results published
before. The developments of maximum and minimum strain including the last complete cycle before
failure. The strain at failure is not included in the developments of strains evaluated due to the high-
grade unstable state of microstructure in the load cycle where failure occurs. The stiffness Eg is calcu-
lated for each load cycle as the secant modulus between the maximum and minimum peaks in the
unloading branch. The dissipated energy per cycle Ep, is determined as the area of the hysteresis loop.

238 | Fatigue of concrete structures



Influence of silica fume on the deterioration under compressive fatigue loading in high-strength concrete

The hits from the acoustic emission analysis are characterized as single transient signals and evalu-
ated as the development of cumulated hits.

The developments of the damage indicators are shown in Fig. 3 and Fig. 4 for three specimens of
each concrete and for both stress levels.

Fig. 3 Developments of compressive strain and stiffness for S; ,.x= 0.70 (left) and S .x= 0.85
(right)

The developments of strain (cf. Fig. 3) show the well-known three-phase shape [1], [18]. It becomes
clear that the concrete with silica fume RH1-B-Si has a lower gradient in phase Il meaning a lower
increase in strain per cycle for both stress levels compared to the concrete without silica fume RH1-B.
The gradient gradell ., in phase I of the RHI-B-Si is 65 % for S.n.x=0,70 and 33 % for
Sc.max = 0.85 related to the RH1-B. Also the oververall growth of strain at maximum and minimum
stress level in the fatigue process Ae2 LS and Asg‘;}i‘g is lower for the concrete with silica fume RH1-
B-Si for both stress levels despite the higher number of cycles to failure. The higher initial strain at
start of loading for RH1-B-Si, despite of the increased stiffness, can be explained by the ratio between
the applied stress level in combination with the ratio of modulus of elasticity.

Regarding the stiffness development, it becomes clear that the RH1-B-Si has a higher initial stiff-
ness Eg under fatigue loading, compared to the RH1-B, due to the addition of silica fume. This is
congruent with the results for the monotonically increasing loading (cf. section 2.1). The decrease of
stiffness per cycle in phase II (gradE[SI) is almost identical for both concretes for the lower stress level
Scmax = 0.70. For S .= 0.85, the gradient of stiffness in phase II gradEISI is lower for the concrete
with silica fume. However, for RH1-B-Si, the overall percentage stiffness reduction in the fatigue
process is determined of approx. AEQ™*0 =239% for Semax=0.70 and AE2™10 =129% for
Sc.max = 0.85 with respect to the initial stiffness in the first load cycle. For comparison, RH1-B shows
stiffness reduction ofAE‘S)_l'0 =18 % for S¢ max = 0.70 and AE‘S)_LO =13 % for S max=0.85 and thus
similar or lower values than the RH1-B-Si. Higher overall stiffness reductions despite similar or
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lower gradients in phase II for RH1-B-Si can be traced back to the higher numbers of cycles to failure
for the concrete with silica.

Fig. 4 Developments of dissipated energy and hits for S; ,,,x = 0.70 (left) and S ,,.x = 0.85 (right)

The dissipated energy per cycle (cf. Fig. 4) shows at first a rapid decrease and then a short non-linear
increase, which is followed by a steady linear increase in phase II. Shortly before failure, the dissi-
pated energy disproportionately increases until failure. Characteristic for the RH1-B-Si is the lower
initial dissipated energy and a lower dissipated energy per cycle in phase II. Despite the lower energy
dissipation per cycle, the sum of the dissipated energy is higher for RH1-B-Si with approx.
Y Ep =258 MJ/m® for S puyx=0.70 and ¥ Ep =3.5 MJ/m’ for S n.=0.85. For comparison the
RHI-B sums up Y Ep =86 MJ/m® for S¢ e =0.70 and Y Ep =2.0 MJ/m® for S a=0.85. The
higher sum of the dissipated energy of the RH1-B-Si despite the lower energy dissipation per load
cycle can be traced back to the higher number of cycles to failure. As well as for the strain and stift-
ness indicators, shortly before failure the dissipated energy increases significantly faster than the
RH1-B. Furthermore, it is remarkable that while the courses of the dissipated energy for S ;.x=0.70
are very continuous for both concretes, the courses of the dissipated energy for the RH1-B-Si oscil-
lates at S ;.= 0.85. This means that the area of hysteresis loops increases and decreases again within
phase II of the damage process. This behaviour seems to be characteristic for the concrete with silica
fume on this stress level and therefore gives a strong indication of a different viscous behaviour under
fatigue loading.

For the acoustic emission it should be mentioned that the results for the lower stress level of
Sc.max = 0.70 are based on one specimen for RH1-B and two specimen for RH1-B-Si.The cumulated
hits of the acoustic emission show a three-phase shape, like the other strain dependent damage indica-
tors. For the stress level of S ..x = 0.70 it is characteristic for both concretes, that from approx. 85 %
of the fatigue process, a stepwise course can be identified. Compared to the other strain dependent
damage indicators, the third phase of the RH1-B-Si seems to announce itself earlier on the basis of the
acoustic emission. This behaviour is not dertermined for the higher stress level of S ,,.,x = 0.85. Here,
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for both concretes, the transition from phase II to phase III correlates with those of the strain depen-
dent damage indicators.

The RH1-B-Si emits significantly less detectable hits up the beginning of the stepwise course
starts. For each concrete, a characteristic range of cumulated hits at the beginning of the disproportio-
nate increase of hits could be determined, which is independent of the stress level. For RH1-B-Si this
is between 300 and 1700 hits and between 3500 and 4000 hits for the concrete RH1-B without silica
fume. Thus, there might exist a concrete specific limit range of hits, independent of the stress level,
which might mark the transition to an increased damage activity in the microstructure. Due to the
locally increased strength and the improved bond between aggregate and hardened cement paste
matrix, there are comparatively less relative displacements and correspondingly lower acoustic emis-
sions. In addition, the filler effect, crystallizing effects, and pozzolanic effect of silica fume can re-
duce the number and size of the initial damaged areas in the bulk of concrete and therefore reduces
acoustic emissions [19].

4 Conclusions

Within a research project of the priority program SPP2020, the behaviour of high-strength concretes
under compressive fatigue loading is intensively investigated. In this paper, results concerning the
influence of silica fume are presented comparatively. The focus is on two high-strength concretes
differing in the addition of silica fume. Fatigue tests were conducted using two stress levels of
Scmax= 0.70 and S ;,.x = 0.85 and a test frequency of f; = 1.0 Hz.

The addition of silica fume leads to increased concrete compressive strength and modulus of elas-
ticity, which was expected (cf. also [8],[19]). For fatigue loading, the addition of silica fume leads to
increased numbers of cycles at failure and therefore an improved fatigue behaviour. This becomes
more significant with decreasing stress level. During the fatigue loading, the concrete with silica fume
shows smaller increase in strain and decrease in stiffness, despite increased numbers of cycles to
failure. Furthermore, the dissipated energy per cycle and the cumulated hits are lower up to the transi-
tion to phase III compared to the concrete wihout silica fume. Thereby, it was detected, that the areas
of hysteresis loops increase and decrease for S .« = 0.85, which was not expected. The addition of
the silica fume resulted in an average of approx. 60 % less detectable hits up to the beginning of the
stepwise course. Because no other changes in concrete composition were done, the effects described
before can clearly be assigned to the addition of silica fume. Thus, they must be traced back to the
advantages of silica fume, such as a filler effect and further puzzolanic reactions which are well
known from investigations under static loading [8]. The results presented in this paper give strong
indication of a different viscous behaviour under fatigue loading (due to the effect of silica fume in
the microstructure). For both concretes, a limit range of hits might exist, independent of the stress
level, which is reached at the point where the disproportionate increase of hits starts. Further detailed
analyses of the acoustic emission signals are necessary, combining with the results of high-resolution
imaging techniques regarding damage occurrence and development in concrete microstructure.
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Abstract

The results of tests under monotonically increasing load and cyclic compression load are often analysed
employing probabilistic methods. Although there is a considerable scattering in the results, especially
in the number of cycles to failure, the cause of these cannot be completely explained. The imperfections
of the specimens tested are among the causes of this scattering mentioned in the literature. Based on a
round-robin test the influence of HPC production and specimen preparation techniques on the mean
values of the compressive strengths, number of cycles to failure and data scattering have been evaluated.
The main findings of the study are that the production techniques influence the compressive strength,
however, do not affect the mean number of cycles to failure. Moreover, the accurate preparation of the
specimens has a positive influence on the compressive strength and the scattering of the results of both
compression and cyclic load tests. Due to the use of the reference strength, the mean number of cycles
to failure of HPC specimens is not influenced by the preparation techniques.

1 Introduction

Fatigue stress is a frequently repeated stress whose maximum stress level is smaller than the strength
of the material under monotonically increasing stress [1]. Typical for fatigue stresses is that they can
lead to failure of the material although the strength of the material is not reached. The "fatigue strength"
of concrete is generally defined as the maximum stress that can be withstood for a given number of
load cycles [2]-[4]. The fatigue verification for concrete plays a decisive role in slender structures of
high- and ultra-high performance concrete subject to high vibration loads.

Fatigue tests exhibit a large scattering of results [5] and are influenced by other factors, such as the load
frequency [6], environmental conditions [7]-[10] and specimen dimensions [11]. A further influence is
the quality of the specimens tested both in terms of the geometry and concrete produced, which are
generally assumed to be uniform and homogeneous, respectively.

A typical way to present the results of fatigue tests are the S-N (stress level — number of cycles to
failure) curves, in which the ordinate represents the maximum cyclic stress level, while the abscissa
describes the number of cycles at failure on a logarithmic scale. It is possible to find the “best fit” line
that optimally describes the empirical results and the related confidence intervals employing linear re-
gression techniques. Taking into account the scattering and statistical distribution of the empirical data,
S-N-P (stress level — number of cycles to failure — probability of failure) curves are obtained in which
the probability of failure is introduced and the reliability of the material can be evaluated [12]-[15].
Thus, the study of the influences on data scattering is an important aspect in establishing material reli-
ability. A large scattering of results was observed in [ 16] because the nature of each individual specimen
used, such as the quality of the load surfaces, had a considerable influence. The inhomogeneous nature
of the concrete itself, partially influenced by production techniques [17], is also considered to be part
of the cause of the scattering of results.

Although the scattering of empirical fatigue results is examined from a statistical point of view, no
research in the literature investigates the influence of specimen production and preparation on the num-
ber of cycles to failure. The first occasion in which the influence of HPC specimen production and
preparation on the concrete strength and number of cycles to failure can be extensively investigated in
the framework of a round-robin test within the Priority Programme SPP 2020 “Cyclic deterioration of
High-Performance Concrete in an experimental virtual lab”.
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2 Experimental programme

21 Concrete and specimens

The concrete used in the round-robin test is the reference concrete developed and used within the SPP
2020. This is a HPC with 28-day mean compressive strengths of about 113. The complete composition
of the reference concrete is given in Table 1.

Table 1 Concrete composition

Content HPC
CEM I 52.5 R-HS/NA 500.00 kg/m?
Microsilica -
Quartz sand (0/0.5 mm) -

Fine sand (0/0.5 mm) 75.00 kg/m?
Sand (0/5 mm) 850.00 kg/m?
Basalt (2/5 mm) 350.00 kg/m?
Basalt (5/8 mm) 570.00 kg/m?
Superplasticizer 5.00 kg/m?
Stabilizer 2.85 kg/m?
Water 176.00 kg/m?
28-d Mean compressive strength (100 mm cube) ~ 113 MPa

The participating laboratories were anonymized by numbering them from 1 to 4. The mixing process
of the raw materials was also given to them. They were free to use their own concrete mixers and
technique to compact the concrete in the formworks. The formworks (PVC) were the same type for all
participants. Three different batch mixers were used, two of them with a vertical axis of rotation and
one, at laboratory 2, with a horizontal axis. The used concrete compaction technologies and techniques
were similar with slightly different vibration frequencies and different total vibration duration.

The timing for the concrete curing and formwork removal has been set as follows for all laboratories.
After filling the formwork and compacting the concrete, the specimens initially remained covered in
the formwork for 48 h. Laboratories 1, 2 and 3 removed the formwork by cutting it vertically, while
laboratory 4 pushed manually the hardened concrete specimens out of the formworks. The specimens
were then stored in the climatic chamber at standard conditions (20 °C/65 % R.H.).

The preparation of the specimens was carried out when the concrete had reached 14 days of curing.
Each participating laboratory prepared only half of the specimens produced employing its own tech-
niques. The letter “O” (Own preparation technique) then identifies this group of specimens. Then, the
specimens have been sent to the central laboratory of Hannover with a concrete age of at least 35 days
in shockproof boxes. They were additionally wrapped in polyethylene film to protect them from drying
during transportation. Once they have been delivered, the other half of the specimens of each laboratory
were prepared in the laboratory of the Institute of Building Materials Science in Hannover using the
technology available there. The letter “R” (Reference preparation technique) thus, identified this group.
The procedure for the preparation of the specimens consists generally of sawing a few centimetres off
at the upper and lower ends of the specimens to remove areas that could have been disturbed by the
production process. The test surfaces of the concrete cylinders were then parallel ground and/or pol-
ished individually. The reference preparation technique consisted of accurate sawing and polishing of
the test surfaces (SP). The nominal specimen dimensions ready for the test were d = 60 mm and h =
180 mm. The concrete production in the laboratories was scheduled to obtain a minimal concrete age
difference of all the specimens on the day of the test, whose influence on the concrete ageing could be
considered irrelevant.

The production and specimen preparation techniques used are summarised in Table 2.
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Table 2 Specimen production and preparation techniques

Laboratory 1 2 3 4

Concrete HPC

Concrete Pemat ZK 150 HE | CEM 60 S Elba | UEZZM 100 | Pemat ZK 150 HE
mixer

Max. material | 170 60 200 170

(dry) 1]

Engine Power | 4 33 4 4

[kW]

Formwork PVC

Compacting Shaking table Shaking table Shaking table | Shaking table
technique

Vibration fre- | 50 n.a. 40-80 70-90
quency [Hz]

Total vibration | 120 80-120 135 60

duration [s]

Formwork Form cutting Form cutting Form cutting Spec. push out
removing

system

“O” specimen | SG SGP SG SG
preparation

“R” specimen | SP

preparation

S: Sawing; G: Grinding (one side at a time); P: Polishing

2.2 Main investigations

The main investigations onto the two groups of specimens (O: Own preparation technique; R: reference
preparation technique) consist of monotonically increasing and cyclic compression load tests, both car-
ried out in the same servohydraulic testing machine with a 1 MN actuator.

Six specimens from each group were tested under force-controlled conditions at a constant speed of
0.5 MPa/s. The resulting mean compressive strength value was used as the reference strength for the
following cyclic load tests on the same specimen group type.

The cyclic load tests were performed on at least six specimens using a sinusoidal cyclic load with a
frequency of f, = 1 Hz. Only one cyclic load with a minimum stress level of S¢,min= 0.05 and maximum
stress level of S¢,max= 0.75 was investigated.

The deformations in both types of tests were measured continuously by three laser distance sensors,
which were positioned at 120° from one another. The surface temperature during the cyclic load tests
was recorded by means of thermocouples as well as the ambient temperature in the testing chamber.
These measurements were used to monitor the tests and will not be used in the analysis in this paper as
the focus is on the compressive strength and the number of cycles to failure. An example of the test set-
up is shown in Figure 1.
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Fig. 1  Servohydraulic testing machine with 1 MN actuator (a) and measurement set-up (b) for the
compressive strength and the cyclic load tests.

2.3 Complementary investigations

Before the compression and fatigue tests were carried out, the geometrical characteristics of the cylin-
drical specimens, resulting from the various preparation techniques used, were measured. In addition
to the diameter and height of the specimens, the flatness of the test surfaces and the perpendicularity of
the lateral surface of the cylinder to the test surface was also measured according to [18]. The perpen-
dicularity is described as the maximum deviation (vmax) of a point on the cylinder shell from the lateral
reference plane and expressed in millimetres.

The surface roughness of both test surfaces, defined according to ISO 25178, has been measured using
the 3D laser scanning confocal microscope “VR-5000"” by KEYENCE. Additionally, the parameter
called “effective area ratio” (EAR) has been defined, with the aim to identify surface edge imperfec-
tions, such as edge breaks, that cause a reduction of the contact surface with the loading plates of the
test machine. The “EAR?” is the ratio between the area excluding edge imperfections, determined by the
profilometer, and the flawless area, calculated using the average diameter of the specimen.

3 Compressive strength and number of cycles to failure

A total of 48 specimens were investigated under compressive load and 53 specimens were investigated
under compressive cyclic load within the framework of this investigation of HPC.

The results of the compression tests and the cyclic load tests carried out on HPC specimens from labor-
atories 1 to 4 are shown in Figure 2: The whiskers indicate the standard deviations, while the red and
blue dots represent the mean values obtained from the specimen sets “O” and “R”, respectively. Addi-
tionally, the standard deviation is also represented on the secondary co-ordinate system on the right
vertical axis for the sake of clarity.

Considering the results obtained from the specimens from all the laboratories, an overall mean com-
pressive strength value of 98.7 MPa is obtained, while the overall standard deviation is 11 MPa, which
is higher than the standard value between 6 and 8 MPa stated by [19] for the production of HPC. From
a graphical point of view, by aggregating the results by groups of laboratories it is possible to identify
in Figure 2(a) a trend in the influence of the laboratory productions on the compressive strength of each
batch of concrete.
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Fig.2  HPC — (a) Compressive strength, (b) Number of cycles to failure.

In order to analyse only the influence of concrete production techniques, the results obtained from the
test specimens prepared with the reference technique were analysed using the principles of analysis of
variance. The ANOVA indicates a statistically significant difference between the groups, confirming
the influence of the laboratories on the compressive strengths obtained from the “R” specimens.

The compressive mean values obtained from specimen sets “R” tend to be higher than those obtained
from specimen sets “O” for all laboratories. This result is also statistically confirmed by the classical t-
test. Such a difference is particularly strong in the results obtained from specimens of laboratory 1. A
weaker difference can be seen in the results from the specimens of laboratory 4. In this case, the pro-
duction of concrete in laboratory 4 causes a high scattering of the results, which tends to cover the
influences of the specimen preparation techniques.

To summarize, there is a positive influence of the reference technique, i.e. of the preparation by careful
sawing and polishing, on the compressive strength.

The resulting overall number of cycles to failure mean is 3.713 on a logarithmic scale with an overall
standard deviation of 0.28. It is obvious from Figure 2(b) that the mean values of the different specimen
sets do not deviate significantly from the overall mean value and remain within the distance of one
standard deviation from it. Hence, from a first analysis, the strong influence of the concrete production
on the concrete strength is not to be found in the number of cycles to failure on the logarithmic scale.
Furthermore, by applying the classical t-test to the results of “R” and “O” for each laboratory specimen
set, the influence of the preparation techniques on the mean number of cycles to failure is not present.
A closer look at the standard deviations for each specimen set shows that the standard deviation of the
specimens prepared according to the reference technique is generally smaller than that from the set of
specimens prepared directly by the laboratories.

3.1 Specimens geometrical characteristics

The geometrical characteristics of all the specimens were assessed as described in section 2.3. No sig-
nificant differences were recorded regarding the specimen diameter. Only the preparation technique of
laboratory 2 provided specimens on average 2 mm higher than the nominal height (h = 180 mm). The
assessment of the test surface flatness of all specimens gave no evidence of deviations, which means
that all the preparation techniques allow the realisation of perfectly flat surfaces, according to the defi-
nition of [18].
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The results of the measurements of the three most significant geometric parameters, namely, perpen-
dicularity of the lateral surface, roughness and effective area ratio, are shown in Figure 3 for each set
of specimens and laboratory.

Perpendicularity Surface roughness Effective Area Ratio

1 2 3 4 1 2 3 + 1 2 3 4
Laboratory Laboratory Laboratory

# O: Own preparation technique ® R: reference preparation technique

Fig.3  Geometrical characteristics — (a) Perpendicularity of the specimens, (b) Surface roughness of
the test surfaces, (c¢) Effective Area Ratio (EAR).

The preparation techniques used by laboratories 3 to 4 can obtain perpendicularity values comparable
to those obtained from the reference preparation technique. The technique used in laboratory 2 can
obtain the most accurate perpendicularity value, while the technique used in laboratory 1 is the less
accurate. The grinding and the following polishing technique used in laboratory 2 produce a surface
roughness equal to the one obtained by the polishing of the reference technique. The grinding technique
used in the remaining laboratories produces a higher surface roughness than that resulting from the
reference technique.

The results of the effective area ratio parameter, which aims to identify local imperfections and breaks
in the edges of test surfaces, are meaningful. The reference technique generally allows one to obtain
specimens with intact edges that do not reduce the contact surface with the pressure plates of the test
machine. The techniques used by laboratories 3 and 4 caused slight imperfections that reduced the
contact surface by an average of about 1 %. An average reduction of approximately 2 % is recorded for
specimens prepared by laboratory 2, while the average reduction recorded for specimens from labora-
tory 1 is about 8% and, thus, much higher.

The extent of the imperfections found on the specimens prepared by laboratory 1 is given in the example
shown in Figure 4. The picture of the test surface of a specimen is on the left-hand side and the 3D
image taken by the profilometer is on the right-hand side. The breakage of a part of the edge of the
specimen is evident and of considerable size. Besides, there are small imperfections along the entire
edge that further reduce the contact surface with the pressure plates of the machine. On the contrary,
Figure 5 shows an example of a test surface of a specimen produced by the same laboratory 1 but
prepared with the accurate sawing and polishing of the reference technique. This example shows that
the edges are undamaged. Consequently, there is no reduction of the contact surface with the load plates
of the test machine.

In conclusion, the specimens prepared with the reference technique show accurate and homogene-
ous geometric characteristics. This has a positive effect on the results of the compression tests and on
the scattering of the number of cycles to failure obtained from the cyclic tests as shown in the previous
section.
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Fig. 4  Example of a HPC specimen from laboratory 1 prepared using their own preparation tech-
nique (SG). On the left: test surface. On the right: 3D profilometer.

Fig. 5  Example of a HPC specimen from laboratory 1 prepared using the reference preparation tech-
nique (SP). On the left: test surface. On the right: 3D profilometer.

4 Conclusions

Tests carried out on concrete specimens for the determination of compressive strength and fatigue
strength expressed in number of cycles to failure on logarithmic scale can be influenced by various
factors as shown in the literature. The influence of the production and preparation techniques of HPC
specimens was extensively investigated in a round-robin test involving four different laboratories. The
authors analysed the results of the tests under monotonically increasing load and cyclic compression
load in relation to the concrete production techniques and geometrical characteristics of the concrete
specimens reaching the following main conclusions:

1. On one hand, the different techniques used to produce the HPC batches influence the compressive
strength. On the other hand, the production techniques do not significantly affect the mean number
of cycles to failure on a logarithmic scale since the cyclic load tests are performed on specimens
using the reference strength obtained from the respective production batch.

2. The preparation by accurate sawing and polishing allows specimens with uniform and accurate
geometrical characteristics to be produced. Broken specimens obtained due to poor sawing and
improper grinding/polishing resulting in damaged edges have a negative influence on the compres-
sive strength. Moreover, they have a negative influence on the scattering of the tests under mono-
tonically increasing load and cyclic compression load in terms of maximal strength and number of
cycles to failure for the HPC specimens tested in this round-robin test. However, the mean number
of cycles to failure on a logarithmic scale are not influenced due to the use of the reference strength
obtained from specimens of the same set, i.e. with similar characteristics.
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Abstract

The deformations during the service life of concrete structures are predicted using creep models,
assuming a constant loading. However, many structures are not only subject to static creep loads but
to cyclic loads as well. The superposition of both load types can lead to significantly increased con-
crete deformations compared to deformations predicted by existing creep models. This might result in
serious damage and safety risks.

Hereinafter, the viscous strain development of a normal-strength concrete due to static creep and
cyclic loading under corresponding stress levels are presented. The results show that even for low
stress levels of S, < 0.45, there are differences in the cyclic and creep strain curves. For higher
stress levels, the influence is expected to be even more significant. Therefore, an adjustment of cur-
rent dimensioning models is necessary.

1 Introduction

Measurements and recalculations on existing reinforced and prestressed concrete bridges have shown
that long-term deformations of concrete structures can significantly exceed deformations predicted by
creep models currently available. Bazant [1] and, previously [2]-[5], ascertained that the superposition
of static creep loading and cyclic loading causes an increase in long-term deformations of concrete.
The underestimation of deformations might lead to serious damage and safety risks. However, neither
the magnitude of additional deformation caused by the superimposed cyclic loading nor the long-term
development of these additional deformations during the service life are known so far. In this paper,
the differences in strain development due to creep or cyclic loading are investigated in a first step to
analyse the effect of superposition of creep and cyclic loading.

The total strain due to static creep loading &, . consists of an elastic strain ¢, and a time-
dependent creep strain component &, ., [2], [6]-[7], (see Fig. 1 b)). In the field of cyclic strain analysis,
the development of strains at maximum &, ., and minimum peak stress &, ,;, are usually investiga-
ted. Those peak strains also consist of an elastic strain &, and a time-dependent, viscous strain com-
ponent &, (Fig. 1 d)). In addition, a load cycle-dependent, plastic strain component could be induced
by damage [8]-[10].
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Fig. 1 Schematic presentation of creep and cyclic loading as a function of time (a) and c)) and

corresponding strain components (b) and d))
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The similarity in shapes of strain curves due to creep and cyclic loading led to the assumption that the
strain development due to cyclic loading can be described by the strain development caused by a
specific static creep stress level [3], [10], [11]. The fib Model Code 2010 [12] provides equation (1),
following creep formulations for calculating the total strain due to cyclic loading. The equation given
is valid for maximum stresses |Uc,max| < 0.6 f;r and mean stresses (lO'C’max| + |Uc,min|) /2 <
0.5 f,x. The first term describes the elastic strain component &, as a constant strain component
resulting from the maximum cyclic stress. The second term describes the time-dependent, viscous
strain &, ., resulting as a function of creep due to the mean cyclic stress, calculated as the mean value
from the maximum stress 0, 4, and the minimum stress o 1in .

Oc,max Ocmax T Ocmin
ecr(t,ty) = : —— et t)
e Ei(t,) 2 Eg ’ (1)
elastic strain g, ViSCous strain €y ¢y

The mean stress level concept of fib Model Code 2010 [12] is controversially discussed in the litera-
ture. A stress level between the mean and maximum cyclic stress level is often indicated as a creep
stress level leading to comparable strain curves [3], [10], [11]. Whaley and Neville [2] found that the
total cyclic strains at maximum peak stress for cyclic loading with a frequency of 9.75 Hz and maxi-
mum stress levels in the range of S, = 0.15 to S,,,. = 0.55 are even higher than those resulting from
static creep stress levels equal to the maximum cyclic stress level. Hereby, the difference between the
total cyclic and creep strains increases with increasing stress levels. But Mehmel and Kern [3] showed
that the total cyclic strains at maximum peak stress of cyclic loading with a frequency of 6.3 Hz and
maximum stress levels in the range of S, = 0.40 to S, = 0.60 are comparable to the total strains at
a creep stress level equal to the maximum stress level of cyclic loading.

Whaley and Neville [2] and von der Haar [10] defined an equivalent creep stress level as a stress
level for which the creep strains are equal to those due to cyclic loading depending on the mean stress
level and the relative stress amplitude. It must be stated that von der Haar [10] investigated only
cyclic strains with maximum stress levels S, > 0.6, whereby Whaley and Neville [2] and Mehmel
and Kern [3] performed comparative investigations concerning creep and cyclic strains with maxi-
mum stress levels S, <0.5.

There is generally no consensus in the literature about if and to which extent the developments of
strain due to static creep and cyclic loading are comparable or which principal differences exist.
Therefore, the developments of viscous strain are analysed comparatively for static creep and cyclic
loading with coordinated stress levels S, < 0.45 in this paper. Special attention is paid to the compa-
rabiltiy of creep and cyclic strains.

2 Concrete composition and specimens

All investigations were carried out on a normal-strength concrete. The samples were cast in two
batches with 28-day mean compressive strengths according to DIN EN 12390-3 [13] of
Semcuve = 35.7 MPa (batch 1) and £, c.ipe = 37.5 MPa (batch 3), respectively. The composition of the
concrete is given in Table 1.

Table 1 Concrete composition

Component Unit Value
Ordinary Portland cement (CEM 142.5 R) | [kg/m?] | 290
Quartz powder (0/0.25 mm) [kg/m?®] | 40
Sand (0/2 mm) [kg/m?] | 790
Gravel (2/8 mm) [kg/m?] | 966
PCE superplasticizer [kg/m?] | 1.7
Water [kg/m?] | 202
Water to cement ratio w/c [-] 0.70
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The creep and cyclic tests were conducted on cylindrical specimens with a height 2 = 180 mm and a
diameter d = 60 mm. PVC formwork was used for the casting. The concrete was filled into the form-
work in two equal layers and each layer was mechanically compacted using a vibrating table. All
samples were stored at 20 °C and demolded after five to six weeks. After removal from the formwork,
the test surfaces of the specimens were plan-parallel ground and polished. The entire sample was
sealed with aluminium-coated butyl tape and stored at 20 °C until testing for at least 140 days to
ensure an almost complete hydration and avoid additional hardening of the concrete during testing.
The storage condition chosen (referred to as V100) ensures a constant pore moisture content of
approx. 100 %. The specimens were tested in sealed state to prevent drying shrinkage.

3 Experimental programme

3.1 Experimental set-up

The static creep tests were conducted using a creep testing machine with a maximum load capacity of
45 kN and a load precision of + 1 kN. The stress was monotonically increased up to the intended
creep stress level S, using a hydraulic load cylinder connected to a high-pressure buffer reservoir
and subsequently maintained constant.

A class 0.5 servohydraulic universal testing machine (according to ISO 7500-1 [14]) with a load
capacity (compression) of 500 kN was used for the cyclic testing. First, the stress was monotonically
increased up to the mean stress level. Subsequently, the load oscillation, as defined by the mean stress
level S,,....,» the amplitude and the frequency f;, was started.

In both, static creep and cyclic tests, the axial deformations of the specimens were measured con-
tinuously throughout the entire test using three linear variable differential transformers (LVDTs)
positioned around the specimen’s axis at angles of 0°, 120° and 240° (Fig. 3). In addition, the axial
force, the axial stroke of the actuator, the ambient temperature and the temperature at the top of the
loading plate were measured and recorded. The sampling rate was 1 Hz for creep investigations and
10 Hz for the cyclic investigations.

Temperature sensor

Temperature sensor
Fig. 3 Experimental set-up

3.2 Test programme

The compressive strength of the concrete was determined force-controlled immediately before testing
using three cylindrical specimens of the same batch, with the same dimensions and storage condition
(sealed) as those used in the creep and cyclic loading tests. The reference compressive strength £, ,or
was calculated as mean value and used for the determination of the stress levels (S; = a.,;/ fom,rep)- The
maximum stress level S,,,., mean stress level S,,.,, and minimum stress level S,,;, or creep stress level
Sreep Were kept constant within each test.

The test programme is given in Table 2. The stress levels are chosen with regard to typical
stresses during the service life of concrete structures such as bridges. The maximum stress level S,,,,,
was varied while the minimum stress level S, and the load frequency f; of the cyclic tests were the
same in all tests. Two accompanying static creep tests with load levels of S, =S, and
Sereep = Smeans TESPeCtively, were carried out for each type of cyclic test (Sya Smeans Smin)- Each test
regime was carried out with three different test durations (3, 6 and 13 days). The number of creep
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tests was respectively twice the number of the cyclic tests. This test regime was chosen to enable a
sufficient number of repetitions while keeping the total duration of the test programme limited.

Table 2  Stress levels investigated and frequency for cyclic and creep tests

Line |Load Cyclic loading Static creep | Test Number of specimens
type loading duration | per test duration
Smax | Smean | Smin | Sereep
[-] [-] [-] [-] [Hz] |[-] [d] [-]
1 Cyclic |0.35 0.20 0.05 0.1 - 3/6/13 1
2 Creep |- - - - 0.35 3/6/13 2
3 Creep |- - - - 0.20 3/6/13 2
4 Cyclic |0.45 0.25 0.05 0.1 - 3/6/13 1
5 Creep |- - - - 0.45 3/6/13 2
6 Creep |- - - - 0.25 3/6/13 2

As mentioned before, the specimens were cast in two batches due to the number of test specimens
required. Even though the same composition and the same casting procedures were used, there are
slight differences in compressive strength and modulus of elasticity at the age of loading (cf. Tab. 3).
As described previously, the reference strength f,, ., was determined directly before testing using
three cylindrical specimens of the same batch, with the same dimensions and storage condition
(sealed) as those used in the creep and cyclic loading tests. The modulus of elasticity at the age of
loading E(;) was determined as a secant modulus of the stress-strain curve while the stress was
monotonically increased at a rate of approx. 0.5 MPa/s.

Taking into account the batch dependency, the specimens for cyclic tests with S, = 0.35 and
those for the corresponding creep tests (Tab. 2, line 1-3) were taken from batch 1. For S, = 0.45 and
the corresponding creep tests (Tab. 2, line 4-6), the specimens were taken from batch 3. The speci-
mens of batch 2 were used for other investigations not presented in this paper.

Table 3 ~ Reference compressive strength and modulus of elasticity of cylindrical specimens
(h/d = 180/60 mm) at the age of loading

Reference compressive strength 1., .r | Modulus of elasticity £,;(Zy)

Batch 1 | 34.9 [MPa] 30,500 [MPa]

Batch 3 | 42.0 [MPa] 29,400 [MPa]

3.3 Data analysis

The axial deformations were measured using three LVDTs directly on the specimen, as described in
section 3.1. The strains measured are averaged for each specimen to determine the total strain &, and
its development due to static creep or cyclic loading. The viscous strains analysed are the mean vis-
cous curves of those specimens investigated with different test durations (Tab. 2).

In the following, the total strain curve &, for creep loading and the peak curve at maximum
Stress &, max fOr cyclic loading are analysed (Fig. 1 b) and d)). The peak curve at minimum peak stress
Eormin for cyclic loading is not analysed hereinafter, as there are no significant differences in the
viscous strains due to maximum peak stress &, ., and minimum peak stress &, ,;,. In accordance with
fib Model Code 2010 [12] (see eq. (1)), a distinction was made between the elastic strain &, emerging
immediately at the beginning of loading and the time-dependent viscous strain &, Or &, 4, In this
paper, the elastic strain component &, is defined as the strain when the creep stress S, is reached or,
in the case of cyclic loading, the strain when the maximum stress S,,,, is reached in the first load
cycle. The time-dependent viscous strain component ¢, ., or rather &, ,,, is calculated from the total
strain &, ., or rather &, .., by subtracting the elastic strain component.
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4 Results and Discussion

The mean curves of the viscous strains at maximum stress level due to cyclic loading ¢, ., (blue) are
shown for both maximum stress levels together with the mean viscous strains due to creep loading
Ecr At Sereep = Spean (r€d) and Seyeep = Spax (yellow) in Fig. 4 and Fig. 5. Strain developments in fatigue
research are usually analysed in relation to the number of load cycles. Therefore, it is important to
state here that the analysis of strain developments is done in relation to the loading duration in order
to enable the comparison with the static creep strain curves.

From Fig. 4 it can bee seen that the viscous maximum strains due to cyclic loading ¢, for
Simax = 0.35 exceed the strains due to static creep loading &, . With Se,ep = Syiean - For S, = 0.45, the
viscous maximum strains due to cyclic loading &, .. exceed the strains due to static creep loading &, .
With Seep = Spean €ven more, as shown in Fig. 5. The viscous strains due to cyclic loading ¢, ., With
Snax = 0.35 (Fig. 4) are less but extremely close to that one caused by static creep loading &, ., at
Secreep = Smax- In comparison for S, = 0.45, the strains due to cyclic loading &, ,,, are significantly
lower than the creep strains &, . at Seeep = Spax (Fig. 5). It can be assumed that these differences bet-
ween the strains due to cyclic &, ,,, and creep loading ¢, ., for S, = S, increase further with in-
creasing maximum stress level. The growth of the mean viscous maximum cyclic strains &, ,,,, and the
mean viscous creep strains &, .. due to Seep = Spqr 18 generally most similar at the beginning of loa-
ding. As soon as the growth flattens and the curves become more linear, the differences between the
cyclic curve and the creep curve for S, = S, become evident. In this area, the gradients of the
cyclic strain curves of both stress levels are smaller than the gradient of the appropriate creep strain
curve with S;,.e, = Sya. Furthermore, the gradients of the cyclic strain curves are closer to the gra-
dients of the creep curves at mean stress level S, = Syeqan. Whether the gradients due to cyclic loa-
ding and creep loading at Scyee, = Spean Will converge for a longer loading duration and correspond at a
certain time can be neither confirmed nor disproved by the presented investigations.

The results obtained are in contradiction to the results of Whaley and Neville [2], where the cyclic
strains for an increasing stress level are increasingly higher than the creep strains for S...., = Sy
Thus, the results presented here show exactly the opposite influence of cyclic loading. However, these
results also disagree with Mehmel and Kern [3], who stated that the total strains due to cyclic loading
are comparable to those caused by creep loading with S, = S, Nevertheless, the results obtained
agree with Whaley and Neville [2] and Mehmel and Kern [3] in the fact that the strains due to cyclic
loading are closer to the strains due to those caused by creep loading with S, = S, This contra-
dicts with the current design approach in fib Model Code 2010 [12] for cyclic strain development,
which considers the viscous strains due to creep loading on a mean cyclic stress level (see eq. 1).
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—O—creep stress (Screep = Smean = 0.20) —o—creep stress (Sereep = Smean = 0.25)
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5 Conclusions and Outlook

The overall objective of the research project is to examine the mutual influence of both types of load-
ing — i.e. static creep and cyclic loading — and to prove and improve the approaches for the description
of the strain development. The investigations presented in this paper are focused on the comparison of
the developments of strain due to cyclic or static creep loading considering two stress levels. A nor-
mal-strength concrete, which has a high constant pore moisture content of approx. 100 %, was inves-
tigated.

Cyclic tests with a minimum stress level of S,,;,, = 0.05 and two different maximum stress levels
of
Spax = 0.35 and S, = 0.45 and corresponding creep tests were conducted to determine the influence
of the load type with respect to the maximum stress level.

The results obtained clearly show that the viscous maximum strains due to cyclic loading are hig-
her than those due to creep loading at S, = Syeqn and below the creep strains at S, = S0, Within
the duration of loading of 13 days investigated. Thus, the approach of fib Model Code 2010 [12] for
modelling the strain development due to cyclic loading by using the strain caused by creep loading
with S, = S,eqn 1 nOt correct (at least for short durations of loading). Furthermore, the viscous
maximum strains due to cyclic loading are closer to the viscous strains due to creep loading with
Screep = Smar- However, the creep strains at S, = S, €xceeds the cyclic strains at the maximum
stress level S,,,.. After the initial strong increase in all strain curves, the gradients of the cyclic strains
are lower than those of the creep curves for S, = S, and instead more similar with the one for
Screep = Smean-

The results obtained generally reveal that the mean stress level concept of the fib Model code
2010 [12] is not suitable for the modelling of the development of cyclic strain. A transfer to the usage
of the maximum stress level does not seem to be suitable either at this state of investigation, because
this approach, would increasingly overestimate the visvous cyclic strains with increasing maximum
stress level. This would lead to an uneconomical dimensioning of buildings.

The experimental investigations conducted were limited to a duration of loading up to 13 days. To
what extent the conclusions drawn can be transferred to longer loading will be examined in further
tests. Furthermore, the influence of other parameters such as the minimum stress level and the test
frequency has to be investigated.
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Abstract

The newly developed material carbon short fiber reinforced concrete (CSFRC) was investigated exten-
sively in the last years. This material combines high tensile strength of the carbon fibers with ultra-high
compression strength of concrete. The focus lies on orienting the fibers in order to gain the most possi-
ble tensile enhancement. This is achieved by admixing the carbon fibers in the wet concrete and ex-
truding the paste throughout a small nozzle guided by a specifically designed concrete 3D-printer.

Due to very high fatigue resistance of carbon fibers, this study is looking at bone shaped tensile speci-
mens under high cyclic fatigue load. In order to observe the process of crack growth and the mechanics
of fatigue failure, we combined measuring techniques as digital image correlation and electrical resis-
tivity measurement. Carbon fibers are electrical conductive and they transfer this ability to the com-
pound material and to the specimen. By measuring the voltage drop at several specific points on the
specimen’s surface, allows to detect material degradation. The amount of electrodes and connection
nodes were increased continuously in order to enhance accuracy and to obtain a localization of material
degradation. Comparing the results with digital image correlation, both measuring methods show up
parallels, meaning changes in strain are also visible in conductivity measurement.

1 Carbon short fiber reinforced concrete (CSFRC)

Extended investigations on the newly developed material carbon short fiber reinforced concrete
(CSFRC) have been carried out in the last years [1], [2]. This material combines high tensile strength
of carbon fibers with high compression strength of concrete. Thereby, the focus lies on orienting the
fibers in order to gain the most possible tensile enhancement.

Looking at statistics, when molding fiber reinforced concrete in a conventional way only very view
fibers are oriented in the desired direction of force. In [3] it is pointed out, that only 6% of the fibers
are arranged within an angle of 20°. This angle is, however, a very important key fact in order to in-
crease the tensile strength and to use the fibers in a resource-saving manner. The tensile strength reduces
by approximately 40% for a fiber-load-angle of 20° and even by 65% for an angle of 30° [4]. Similar
coherence are known for carbon fiber reinforced polymer [5]. In CSFRC, 70% of the fibers align within
an angle of £10° to 15° of the desired direction as an examination using an X-ray CT [6] shows.

The fiber orientation can be adjusted by considering the mold process. [7] shows very clearly the
effect of fiber orientation by investigating steel fiber reinforced concrete with an X-ray radiography.
There, a chute was used to fill an oblong mold from one side and let the fresh concrete flow to the far
end of the mold. Only because of coherent concrete movement, the admixed steel fibers oriented in
flow direction within an angle of 15 to 25°. The very same effect takes place when extruding CSFRC
throughout a small nozzle.

The carbon fibers (ZOLTEK PX35) used for the production of CSFRC are 7 um in diameter and
3 mm in length, thus having a length-diameter-ratio of 428 which is much higher compared to steel
fibers with a common ratio of about 50. They are heat pretreated in order to remove the facing, which
is optimized for the use in resin systems but disturbs the connection of concrete phases. Also, the fiber
surface starts to oxidize and therefore the ability for fiber separation while admixing in concrete is
increased. [ 1] examines different methods for improving fiber-matrix-bonding turning out with the de-
scribed method as the best for carbon fibers.
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Table 1 Concrete mixture for 3D-printed carbon short fiber reinforced concrete.

Component Name Amount

Cement Holcim Sulfo 52.5R 34.6 wt.%
Microsilica Sika Silicol P 21.5 wt.%

Quartz powder Sikron Quartz SF500 21.5 wt.%

Quartz sand Quarzwerke Quarzsand H33 7.6 wt.%

Water - 11.5 wt.%
Superplasticizer BASF Master ACE 460 2.5 wt.%

Carbon fiber Zoltek PX35 1.0 vol.-% (0.8 wt.%)

The concrete mixture can be found in Table 1. The dry components are poured in the mixing machine
and homogenized before adding water and superplasticizer. The admixture has to be stirred very well
to reduce nozzle choking due to dry agglomerates of cement, silica fume or aggregates. At the end, the
dry, pretreated carbon fibers are added and mixing is continued for only a short amount of time to
dispense the fibers homogenously during concrete mixing process. Investigations on separated carbon
fibers from the admixture show, that long term mixing destroys the fibers and lower tensile and flexural
strength are measured [8]. Finally, the admixture is extruded through a nozzle with a diameter of 4 mm
using a 3D-printer (Figure 1).

a) b)

Figure 1  a) 3D concrete printer with working volume of 1.00 x 1.00 x 0.50 m. b) Printing process by
extruding carbon short fiber reinforced concrete throughout a 4 mm nozzle.

Preparation of specimen is executed by adding several layers of extruded material while guiding the
nozzle in the desired direction. Without the need of a mold, freeform specimens can be produced. Lim-
iting factors are the height and overhanging constructions. Because of high amount of superplasticizer,
the wet concrete tends to flow apart after extrusion when exceeding a certain number of layers or buck-
ling problems lead to tilting over of uncured concrete parts. In order to achieve more precise specimen
edges and waveless surfaces a mold is pressed onto the specimen’s sides after printing process has
finished.

With this kind of probe preparation and concrete extrusion, the tensile and flexural strength is im-
proved tremendously. For reaching the best strengthening effect, an orientation in direction of the prin-
ciple tension stress is preferred. Under static loads a tensile strength of 23.8 N/mm? can be reached
utilizing a fiber content of 2 Vol.-%. In flexural tests a 28-day strength of 57.6 (£5.4) N/mm? is reached.
By using a higher fiber content the number of nozzle choking increases and specimen production be-
comes more complex. However, in smaller dimensions the use of fiber contents of 3 and 4 Vol.-% are
described to lead to flexural strengths of 119.6 (£7.6) N/mm? [9], which meets the compression strength
of this material at the same level. The reason for failure, meaning fiber rupture or fiber pull-out, is
unknown to this point but shall be observed in further studies.
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2 Electrical conductibility

The use of carbon fibers changes the properties of concrete in such a way that electricity can be con-
ducted. The quite big amount of fibers leads to small distances between themselves and several junction
points as well, making current flow through the specimen.

It is well known, that changes in stress and strain influence the electrical resistivity of specimen
[10]-[15]. [10] examines the effect of compression on cubes under quasistatic load with repeated load
cycles. Their results show very well, that it is possible to show a change in electrical resistivity, although
there seems to be no linear relation between strain and change in resistance (Figure 2a). Another study
[11] though states that in 3-point-bending tests measuring the change in resistance on compression and
tension side shows a linear correlation (Figure 2b).

a) b)

Figure 2 a) Change in resistance measured in compression tests with no linear correlation to strain
[10] versus b) linear relationship in a 3-point-beding-test [11].

This study examines the change in electrical resistance under tensional fatigue load. In a first approach,
the change of resistivity is measured by supplying a uniform voltage of U,u: = 10 V to a resistor, which
is put in series with the probe (Figure 3a). The resistor is used to calculate the current running through
the specimen with Ohm’s law (1):

| =R (D

The size of the resistor was chosen in the beginning of the tests and set to 10 kQ due to accuracy
reasons. The measured resistance of a specimen varies between from about 100 Q to 5,000 Q, condi-
tioned by better and worse connections of the electrodes on the specimen’s surface. To connect the
electrodes to the specimen’s surface, different methods were tested. At first a carbon spray was used
leading to a big sized connection of about 40 x 40 mm and higher resistance measurements. Next, a
glue filled with milled carbon fibers was used, so the connection area could be reduced to about
5 x 5 mm. However, the measured resistance was still in a range of about 10 kQ. At last, a silver lacquer
reduced the resistance to a range of 1 kQ. Further investigations showed even better results of about
200 ©Q when applying the electrodes to an untreated surface of the specimen in comparison to an area
which was sandblasted or cut with a stone saw. It can be assumed that using these surface treatments,
the carbon fibers are broken and only small fiber tips are sticking out of the surface, while in an un-
treated area the carbon fibers lie aligned to the surface making up a bigger connection area.

As the junction itself always implies an unknown resistance, the measurement was extended to the
four-terminal sensing [16]. With this method, current is brought into the specimen at two electrodes,
while voltage measurement takes place at two other electrodes positioned between the current elec-
trodes (Figure 3b). As the input resistance of the voltmeter is very high (>1 MQ), current flowing
through the voltage measuring electrodes is neglectable and therefore there is quasi no voltage drop at
the connections which leads to undisturbed voltage and resistance measurement.

In this study, the four-terminal sensing was extended by combining it with the first approach meas-
urement in order to gain more information about the part of specimen where damage occurs (Figure
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3¢). By looking at the change in voltage at each electrode, damage increases the partial resistance be-
tween two electrodes and the voltage difference rises. This setup can be reduce to the four-point sensing
by subtracting U; and U>. The voltage measurement Uy is used to calculate the current applied to the
outer electrodes.

a) b) c)

Figure 3 Development of electrical circuit for localized damage indication. a) initial approach for
overall resistance measurement, b) four-point sensing in order to get undisturbed resistance
measurement due to high electrode connection resistances, c) extended four-point sensing
and equivalent circuit used for localized damage detection.

Figure 3¢ also shows the equivalent circuit for the extended measurement setup. As all components are
arrange in series, current is the same at each point within the circuit, meaning that the resistance can be
derived from the measured voltage with the following equations:

Uout - UO
[ =—— 2
Rres ()
Ro=io U g 3
[ IA;] UouLt,_ l{(]) T'ef ( )
AR =AU _Uim Ui 4
Li+1 I Uput — U ref 4)

To measure voltages at different electrodes, a HBM QuantumX MX840B universal measurement
amplifier with 24-bit ADCs and eight channels is used. Looking at the resolution capacity of this device
shows the good eligibility of this setup. By setting the amplifier’s measuring voltage range from -10 V
to 10 V, a resolution of 1.19 pV per ADC-increment can be achieved. Calculating with (3) the overall
resistance Ry from the measured voltage Uy (see Figure 3a), an accuracy of AR = 1.472 mQ per ADC-
increment for a voltage of 1 V and 4R =4.768 mQ per ADC-increment for a voltage of 5 V. Even for
larger measured resistances than the chosen reference resistor Ry this setup works quite well as AR is
only 1 Q while the specimens resistance is about 279.6 kQ (U= 9.655 V).

3 Implementation in fatigue testing

In order to detect damage during load cycles, 16 electrodes were attached to the specimen’s surface
(Figure 4). The specimen’s outer size is 450 x 100 x 50 mm, the cross section of the center part is
50x50 mm. The electrodes are arranged on three edges with a vertical distance of 25 mm to each other.
Voltage is supplied via the reference resistor to electrode Uy according to Figure 3¢ with additional
electrodes. Next to electrical resistivity measurement, several other measuring sensors like LVDTs,
strain gauges, temperature sensors and digital image correlation (DIC) are set up for damage detection.

Voltage applied induces an electric field within the specimen leading to a non-constant current
density over the cross section of the specimen. The considerations shown above in Figure 3 and equa-
tions (3) to (5) cannot be transferred directly to the measurement setup depicted in Figure 4. They work
out well for the vertical string U2-U6 where the external voltage is applied, however the other two
strings are faulty as the probe is three dimensional and actual current depends on the distance to the
input and output electrodes. The size of current density behaves in an onion-shape or like an electric
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field with the center axis going from the input electrode Up to output electrode GND. The measured
voltages in string Uz.-Usq are smaller than in string Uz-Us, Uzs-Usp are smallest. Nevertheless, looking
at the measured voltages, the results are qualified very well for damage detection.

Up [

= 3
' |
= 35

GND

Figure 4  left: picture of applied electrodes during fatigue test showing electrodes U> — Us on the left
and Uz. — Usa on the right. right: electrode arrangement and position of DIC-camera. The

camera is located on the opposite side compared to the left picture.

a b c
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Figure 5  Voltage measurement of string Uz»-Us» during fatigue test with a total of N = 409,063 cy-

cles. a) Each load cycle can be traced back using the voltage measurement. b) Overall volt-
age evolution. c) Relative voltage evolution with clearly revealing areas of damage pro-
gression.
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The executed fatigue tests clearly show similar results compared to literature findings [10]-[15] as each
load cycle can be detected (Figure 5a) even in the distant measuring string.

Figure 5b and c show two different evaluations of the same measurement. Figure 5b shows the real
measured voltages. The extreme rise of sensor Uz is clearly visible, however smaller changes of the
other electrodes are hard to see. The measured voltages are all dependent on the electrode Up, where
external voltage is applied. The voltage drop at a relative load cycle of 0.90 is visible in all sensors and
can be reversed to a voltage drop at electrode Uy. To cancel this effect out, the change of two adjoined
electrodes is examined. To improve apparently furthermore, the change in voltage between two adjacent
electrodes is related to their primary voltage drop of the first load cycle as shown in Figure 5c. The
formula for this is (5), where i describes the number of electrode and n describes the load cycle.

AUn _ Ui,n - Ui+1,n

AUn=0 Ui,n=0 - Ui+1,n=0

)

2
U2b-U3b
751 U3b-U4b
U4b-US5h
U5b-U6b

strain [%o]

0 0.2 0.4 0.6 0.8 I
relative load cycles n/N

Figure 6  Strain measured with digital image correlation across the specimen’s surface. The elec-
trodes Uz-Uspy are attached as marked on the specimen’s left side, showing very similar
results to Figure Sc.

Comparing this result with digital image correlation proves very well the reliability of electrical con-
ductivity measurement. The electrodes were attached to the left side as marked in Figure 6. The image
was taken at a relative load cycle of 0.99 shortly before collapse. There are many micro cracks all over
the probe’s surface visible in a light green color. Two major cracks (though with a very small crack
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opening of about 40 um) arose during fatigue test with high tensional strain marked in red. The crack
in the lower area between electrodes Us, and Uss is not totally proceeding to the left edge, while the
one in the upper area at electrodes Uz» and Uss seems to originate from there. This perception matches
the curve progression in Figure Sc. Evaluation Us»-U4» and Us-Uss behave simultaneously while the
other two detect some change in electrical conductivity. As the upper crack is very close to the elec-
trodes, current is forced to find a way around the crack and the voltage difference increases vastly. As
the lower crack barely reaches the electrodes on the specimen’s left edge, the measurement of sensor
Usp-Usp is barely affected. Compared to the plot in Figure 6 the strain evolution matches the resistivity
revolution very well.

To improve testing and localization, additional investigations are planned. Connecting electrodes
on all four sides of the specimen or with a fine-meshed sensor grit all over the surface can help to detect
damage during fatigue testing more accurately. As current is always accompanied by electric and ma-
gnetic fields, techniques like EEG (Electroencephalography) [17], [18] or MEG (Magnetoencephalo-
graphy)[19], which are widely used for medicine purposes as for detecting cerebral activity, could lead
to a more detailed observation of the damage process during fatigue testing. These techniques are highly
complex and need to be elaborated for this material in further studies.

4 Conclusion

The development of including carbon fibers as a reinforcement in concrete increases its tensile strength
significantly. Techniques like fiber pretreatment and fiber orientation help to achieve best strength re-
sults and an economic use of materials. These qualities are accompanied by the effect of reducing the
concretes electrical resistivity, which makes it possible to monitor damage progression during fatigue
tests. Best electrode linkage has been obtained with conductive silver lacquer. Compared to digital
image correlation very similar results to strain measurement were detected, proving the reliability of
this technique.
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Abstract

Due to research activities on the topic of concrete mixtures during the last decades, concrete compres-
sive strength has increased significantly. At the same time, the lifespan of concrete structures has
continuously extended. Therefore, the fatigue behaviour of high-performance concrete (HPC) be-
comes more important with in regard of service life design. Previous studies on concrete prove that
the number of cycles to failure due to pure compressive cyclic loading mainly depends on frequency
and amplitude. By conditioning the humidity of high-performance concrete test specimen, a signifi-
cant change of the number of cycles to failure can be determined. Other research activities on high-
strength concrete point out that concrete heats up significantly during cyclic compressive fatigue
loading. According to the literature, surface temperatures of over 100 °C were measured. This heating
effect depends mainly on load level, loading frequency and humidity. As studies have shown, the
static compressive strength of concrete depends on the temperature. This influence depends mainly on
the concrete composition, such as the quantity of cement and the type of aggregate. This paper con-
sidered the static compressive strength of concrete at a temperature of up to 105 °C. This effect shows
a significant loss of strength at increased temperature. However, as the concrete heats up during the
fatigue test and the compressive strength decreases due to temperature, the assumed upper load level
of S, = o, / f; ¢y increases and the maximum number of load cycles to failure is reduced. Therefore,
the temperature increase has a direct influence on the number of cycles during compressive fatigue
loading. In a further step, the influence of the loss in compressive strength due to the temperature
increase on the actual number of cycles to failure is analysed. Experiments on concrete with different
degrees of humidity and different load levels are used as a basis. It can be shown that the temperature
increase is a reason for a reduction of the number of cycles to failure.

1 Introduction

The fatigue behaviour of concrete, especially of HPC, is very complex and even after many years of
research, the design is still very conservative. Therefore, the fatigue behaviour of high-performance
concrete is becoming more important in regard of service life design. Previous studies on normal
strength concrete prove that the number of cycles to failure under pure compressive cyclic loading
mainly depends on frequency and amplitude. An increase of the loading frequency leads to a higher
number of load cycles to failure [1]. In addition to the frequency, the related upper and lower stress
level influences the number of cycles to failure [2]. Recent research work shows that the humidity of
the specimen also influences the fatigue behaviour of concrete. [3] shows that the fatigue behaviour of
concrete under water is worse compared to dried samples. In all these studies, the focus is usually on
the number of cycles to failure or the strain curve. Beyond that, [4] has shown that the specimens can
heat up to such an extent that water steam condenses on the pressure plate after the failure. It is also
known that an increased temperature has an influence on the compressive strength of concrete. As a
result of the increase in temperature, the static compressive strength decreases, which was shown in

[SI-[7].
This paper will compare the different factors that can affect temperature development. In addition, the

number of cycles to failure with concrete of different humidity are shown and connected with the
decrease in strength due to the increase in temperature.

Proc. of the 13th fib International PhD Symposium in Civil Engineering 266
Jul 21 to 22, 2021, Marne-la-Vallée, Paris, France



13‘hfib International PhD Symposium in Civil Engineering

2 Temperature development

In the following, the individual influencing factors are named and shown on the basis of the literature
how they affect the heating of the concrete during cyclic compressive fatigue loading tests.

21 Influencing factors

2.1.1 Frequency and stress level

The influence of frequency on the number of cycles to failure and on the temperature increase can be
found in the literature. Among others [4]-[12] have dealt with temperature development at different
frequencies. The investigation of the frequency influence was always accompanied by an investiga-
tion of the stress level. Thus the frequency influence can be considered independent of the stress level
but also the influence of the stress level independent of the frequency. In [4] the Fig.1 shows the
comparison of two high-strength grouting mortar at 1 Hz (green) and 10 Hz (blue) as well as at two

different stress levels. (Left: Stress level of 0.85 — Right: Stress level of 0.60)
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Fig. 1 Specimen’s heating depending on the testing frequency and the load level according to
[4].

It is noticeable that at a higher stress level the maximum heating is significantly lower than at a lower
stress level. This effect has also been determined by [12]. This is due to the different running times
until failure.
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Fig. 2 Temperature development for 3 Hz, 10 Hz and 20 Hz on three load levels [8].

Thus the test specimen with a lower stress level is longer under cyclic compressive loading than a test
specimen with a higher stress level. If the diagrams are compared separately, the increase in tempera-
ture development is significantly stronger with a higher frequency than with a lower frequency. This
effect is investigated in [8] on an UHPC with 3 Hz, 10 Hz and 20 Hz (see Fig 2). In these investiga-
tions the frequencies and the stress levels are varied. In contrast to the other investigations, the nor-
malised minimum stress was S, = 0.10. Each individual diagram shows the frequency influence with
three different load levels, it is noticeable that in all three diagrams the temperature development
decreases significantly with decreasing stress level. In Fig 2 on the right, it can be seen that at 20 Hz a
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heating of more than 50 K is achieved. The fact that heating to over 100 °C is possible has been
shown by [10] in their studies. A higher strength normal concrete was tested in a resonance testing
machine at a frequency of ~ 62 Hz. All these investigations show that the frequency has an influence
on the temperature development as well as on the maximum temperature. Furthermore, the influence
of the stress level is clearly visible. Thus the temperature rises faster at a high stress level, but a
higher maximum temperature is reached at lower stress levels.

2.1.2 Humidity

Concretes with different humidity at different load levels at 10 Hz were compared to evaluate the
effect of humidity. [12] tested an HPC with three different storage conditions and the resulting humid-
ities. The concrete humidity varies between 0.1% by weight for the dried test specimen of series D
and 5.1% by weight for under water stored test specimen of series UW. The test specimen stored with
normative climate conditions (20 °C / 65%) show 4.0% per weight which is very close to the under
water storage results. Figure 4 (left) shows the maximum temperature increase values of all tests
plotted versus the number of cycles to failure. The run-out tests were not considered. It can be seen
that for the dried samples the maximum temperature increase is lower compared to the tests with a
concrete humidity of 4.0% and 5.1% respectively (series N and UW) even if the number of cycles to
failure is in the same order. It is obvious that the temperature increase rises with increasing number of
load cycles for both humid and dried samples because the specimen has more time to heat up. The
temperature increase depending on the concrete humidity is exemplary shown for three tests at the
stress level of S, = 0.7 in Fig. 3. For both humid concrete specimens (series N and UW) the tempera-
ture increase is much faster compared to the red curve of the dried concrete.
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Fig. 3 Maximum temperature increase of the three series (left) and temperature increase of the

three series at the load level S, =0.7 [12].

2.1.3 Specimen and maximum grain size

Fatigue tests under cyclic compressive fatigue loading are normally performed on cylindrical speci-
mens with an h/d ratio of 3:1. Specimen sizes of 300/100 or 180/60 are often used. If HPC or UHPC
con-cretes are used, cylinders with a diameter of 60 mm are used for reasons of the load to be placed.
To determine the influence of the sample size, [3] examined samples with a diameter of 60 or 100
mm. The specimens were stored under water until the test. They were tested unsealed at 1 Hz and at a
load level of S, = 0.7. The results of the investigations (Fig. 4, right) have shown that the specimens
with a diameter of 60 mm (black dotted) compared to the specimens with 100 mm (black line) at first
have a similar temperature curve, but already after a few hundred load cycles the temperature increase
reduces with the smaller diameters. Looking at the maximum temperature increase that has been
realized, the samples with a diameter of 100 mm become significantly warmer. Accordingly, the
specimen size also has an influence on the temperature curve. The fact that the largest grain has an
influence was investigated by [4]. Three high-strength grouting mortar with different maximum grain
sizes were tested. Fig. 4 shows in the left diagram the temperature increase over time during the fa-
tigue process. The three grouting concretes were examined at a frequency of 10 Hz and a maximum
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stress of 75% and a minimum stress of 5%. Although all three mixtures approximate the same maxi-
mum temperature, they differ in their temperature increase. [4] therefore shows that the smaller the
largest grain, the stronger the specimen heating at the same loading level. Since the maximum tem-
perature increase for all specimens is between 13 and 16 K, there seems to be a correlation between
temperature and lifetime. Besides the variation of the maximum grain size, the size of the test speci-
men can also be varied.
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Fig. 4 Heating of the specimens depending on the maximum grain size according to [4] (left)
and temperature increase of different specimen sizes according to [3] (right).
3 Experiments

31 Material and geometry

For the experimental work, an HPC with a water/cement ratio of 0.35 was used. The mixing of the
concrete was done with a conventional single-shaft mixer. For comparability between the different
batches, the same amount of concrete was produced at each concreting. The overview of the exact
composition of the concrete and the fresh concrete properties is given by [12]. All samples for the
compressive strength and for the fatigue tests had a cylindrical shape with 180 mm in height and a
diameter of 60 mm (d/h ratio of 1/3).

3.2  Storage conditions and humidity

Two test series with different storage conditions were planned to investigate the influence of the
concrete humidity. The test series D with dried test specimen and the test series N with storage
conditions of 20 °C and 65% relative humidity were conducted. After concreting, all samples were
stripped after 24 h and stored under water for 7 days. Subsequently the test specimens were cut to
length and the top surfaces were grinded plane-parallel and polished. To minimise the influence of
drying on the concrete hardening process the test specimens of series D were stored under the same
conditions as series N for the first 56 days. Afterwards they were stored at 105 °C for 28 days until
the age of at least 70 days. The humidity of the concrete was determined for each test series on two
samples by oven drying at 105 °C. The age of the samples was the same as in the fatigue tests. Before
testing, all specimens were wrapped in a diffusion-tight foil to prevent changes of the concrete humid-
ity during the test. The storage conditions and the humidity of the series are summarised in Table 1.

Table 1 Storage conditions and humidity of the three series

Series Day 1 | Dayl-7 | Day 8-56 Day 56 - | Before Humidity
Test testing

D strip 20°C/65% | 105°C 0.1%

(Dry Specimen) the under- e

N form- | water 20 °C/ 65% 4.0%

(Normative Storage work
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3.3

The fatigue tests were conducted on a servohydraulic Schenck testing machine with a maximum load
capacity of 400 kN. Each test was operated load controlled. The testing machine and the test setup are
shown in [12]. To minimise unintended bending of the test specimen due to imperfection of the plane-
parallel top and bottom sides of the cylinders, a load transfer plate with a cup and ball bearing was
used. During the tests, the number of load cycles, the applied loads, the deformation of the specimen
and the temperature development were measured. The deformation was measured by four displace-
ment transducers WA 1 - 4 adapted between the load transfer plates. The strain is calculated from the
measured deformations under the assumption of constant strain over the height of the specimen. The
positions of the transducers are shown in [12].

Test setup fatigue test

3.4

All tests were carried out with a sinusoidal loading at a constant frequency of 10 Hz. The normalised
minimum stress was S, = 6, / f ;1= 0.05 and the normalised maximum stress S, = o, / f; o, varied
from S, = 0.55 to S, = 0.8 according to Table 2. Tests with > 2.5 million load cycles were treated as
run-outs. The test program of the two series is shown in Table 2.

Experimental programme

Table 2 Experimental outline of the three series [12]
Series Frequenzy [Hz] S, S. Sealed/Unseald
D 10 0.8/0.7 0.05 Sealed
N 10 0.8/0.7/0.6/0.55 0.05 Sealed

4 Experimental Results

4.1 Temperature dependent static compressive strength

The static compressive strength was determined for each temperature on at least three test specimens.
The cylinders were wrapped with the foil and heated to the respective temperature for 20 hours before
the static compressive strength was determined. The static compressive strengths determined in this
process in relation to the static compressive strength at 20 °C are plotted versus temperature in Fig. 7.
The compressive strength of the series D is shown in red, series N in dashed black. It can be seen that
the strength of the dried samples remains the same except at 50 °C. This can be attributed to the varia-
tion in compressive strength. In contrast, the compressive strengths of the samples with a humidity of
4.0% (N series) decrease with increasing temperature. The minimum is reached at 90 °C. At this
temperature, the reduction due to the increased temperature was 28.6%. The fact that the strengths
increase again with higher temperatures can also be seen in the literature [5].
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4.2 Number of cycles to failure

The results of the fatigue tests according to Table 2 are given in Fig. 6. The number of cycles to fail-
ure is plotted in log scale versus the normalised maximum stress S,. Additionally, a linear regression
function was determined by using the function f=m x log(N) + b for each of the two test series. The
use a bilinear function as suggested in [13] was not possible due to the small amount of high cycle
tests with n > 10° cycles. Because of the few test results up to now the run-out tests were also used for

the regression which is normally not the case in evaluation of fatigue test results. In Fig. 6 the run-out
tests are marked with an arrow.
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Fig. 6 Normalised stress versus number of cycles to failure

Comparing the tests at the highest stress level S, = 0.8, it is obvious that the test specimen of se-
ries N (black) with a concrete humidity of 4% fail significantly earlier than the test specimen with
dried concrete (concrete humidity of 0%). On the stress level S, = 0.7 the same effect becomes visi-
ble. The humid concrete test specimen (4%) of series N fail up to two powers of ten earlier than the

dried concrete specimen. At stress levels of S, < 0.6 it was not possible to generate failures with
Series N concrete specimens up to n =5 x 10° cycles.

4.3 Temperature increase

If the maximum final temperature on the surface in the middle of the specimen is considered and
plotted over the number of cycles to failure, Fig. 7 is obtained. There it can be seen that the concrete
reaches a higher final temperature as the number of cycles to failure increases. It can be shown that at
the same number of cycles to failure, the samples of the series N reach a higher final temperature than
the samples of the series D. The maximum final temperature measured during the tests was 58.9 °C.
Accordingly, humidity has an influence on the maximum final temperature.
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Fig. 7 Final temperature versus number of cycles to failure.
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5 Effect of the temperature increase

As shown in chapter 4.3, the temperature of the sample increases during the experiment. The increase
in temperature can dry out the sample [14] and pore water pressure can be generated [3]. Another
point which should not be ignored is the reduction in static compressive strength due to the tempera-
ture increase. This effect can be seen in fig. 5 (chapter 4.1). A reduction in strength during the test has
immediate consequences, because before the test begins the static compressive strength is determined
and used as the basis for the stress levels with f; ¢y 50oc. If this value now changes due to an increase in
temperature, the static compressive strength of concrete with humidity also changes, as shown in 4.1.
This change in compressive strength means that the actual compressive strength no longer corre-
sponds to the value at the beginning of the test. The results are the changes of the stress level and the
stress range. This is shown as an example in Table 3 for the high stress level 0.7 with different reduc-
tions. If the increase in temperature results in a 15% reduction in compressive strength, the high stress
level S, increases from 0.7 by 17.65% to 0.82. It also behaves equivalently with the low stress level
S. and the stress range. Consequently, the increase in temperature has a significant influence on the
stress levels and this has a great influence on the number of cycles to failure.

Table 3 Effect of the reduction in compressive strength on the stress levels

Reduction S, S, S, - S, Increase

0% 0.70 0.050 0.65 0.00%

10% 0.78 0.056 0.72 11.11%

15% 0.82 0.058 0.76 17.65%

20% 0,88 0.063 0.81 25.00%
6 Conclusions and outlook

Finally, there are many factors that influence the heating of concrete during cyclical compressive
fatigue loading tests. In addition to the main influencing factors of frequency, stress level and humid-
ity, there are others such as the maximum grain size. The influence of the heating of the concrete has
a direct influence on the compressive fatigue tests. Heating of the concrete results in drying out of the
concrete, the build-up of pore water pressures, but also in changes in the static compressive strength.
In the investigations it could be shown that a distinction must be made between humid and dried
concrete. In dried concrete, no humidity can dry out and no pore water pressure can build up. The
dried concrete also shows no significant reduction in static compressive strength in the relevant tem-
perature range. The situation is different for concrete with existing humidity. This concrete heats up
more than dried concrete, it can dry out and pore water pressures can build up due to the compact
structure of HPC. Furthermore, an important aspect is the effect of the temperature increase on the
static compressive strength. Static tests have shown that the reduction can be as much as 28.6% com-
pared to 20 °C. This reduction of the static compressive strength leads to a change in the stress levels
and the oscillation width during the test. This effect makes it difficult to compare the tests with each
other. Therefore, are further investigations useful and necessary. In further investigations it is planned
to test the temperature development at 1 Hz and compare it with earlier experiments at 10 Hz. A
further point of investigation is the behaviour of the concrete at a higher environmental temperature.
For this purpose, the specimens are to be heated to 80 °C and tested in a climatic chamber to investi-
gate the influence of fatigue under higher temperatures. Furthermore, the same oscillation widths at
different levels of upper and lower stress levels have to be investigated in order to calculate the influ-
ence of the increase in stress range over time due to the increase in temperature.
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Abstract

The higher demand to create slender constructions makes the use of high-performance building mate-
rials indispensable. A consequence of such lightweight constructions is an increasing vulnerability to
fatigue loads, caused by time variant loadings, which may ultimately lead to earlier fatigue failure.As
a result of the inhomogeneity of the microstructure of concrete, even minor external mechanical
stresses can lead to local stress peaks which consequently lead to changes in the microstructure. Un-
der cyclic load, new microcracks are generated but also already existing microcracks propagate.An
accumulation of these micro-damages oftentimes leads to premature failure. The design of filigree
and slender constructions implies an increased sensitivity to vibrations due to variable external loads.
This, however, may cause higher fatigue loads under cyclic stresses, which may further lead to dam-
ages or even failure of the concrete components before the bearable maximum static stress is reached.
High-performance concretes have a denser matrix in comparison to normal-strength concretes, but the
influence of the size and type of the aggregate on fatigue failure or microcracking for this case is still
unknown.

In this context, systematic investigations of high-strength concrete, mortar and hardened cement paste
subjected to static and cyclic compressive loadings were conducted to understand the influence of the
aggregate on microcracking. The strain in longitudinal and transverse directions were continuously
recorded by means of strain gauges. Strains in the transverse direction increased faster and thus repre-
sented an earlier indicator of fatigue progress than the longitudinal strains. This observation was more
pronounced with high-strength mortar than with high-strength concrete.

Furthermore, the material degradation was investigated by means of microscopic analysis of the
microcrack development. This analysis shows that both in concrete and in mortar microcracking
primarily takes place in the interfacial transition zone (ITZ) and that the crack width changed only
marginally during the applied load changes, predominantly newly formed microcracks appeared with
increasing degradation. In hardened cement paste, it can be observed that microcracks originate in
structural defects and pores such as imperfections. Additionally, it can be concluded that the increas-
ing degradation essentially is caused by the formation of new microcracks. Furthermore, it can be
assumed that a drop in stiffness only occurs when the microcrack density is so large that it leads to a
connection of the microcracks. For the conducted tests, cylindrical specimens were subjected to a
predefined number of load cycles. In order to reduce the time of the experimental investigations, a test
setup has been developed which allows the simultaneous testing of three specimens. In this paper, the
objective is to analyse the observed behaviour of high-performance concrete, mortar and hardened
cement paste under cyclic loading and to identify the main causes for this behaviour on the micro-
level.

Keywords: cyclic loading, microcracking, degradation, fatigue, high-strength concrete, SPP 2020

1 Introduction

In the last decades in concrete construction, an increasing demand for higher strength, smaller aggre-
gate fractions and higher flowability has been gaining more attention. Fine-grained concretes are
increasingly used in different areas of structural engineering. Examples for this are the load-carrying
areas between supporting structures and the foundation structures of wind turbines (onshore and
offshore). Therefore, high-strength mortars can be exposed to high cyclic loads of several hundred
million load cycles. An increasing optimization of the grain size distribution in high-strength con-
cretes also shows the need for research with regard to the influence of the aggregates on the micro-
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cracking behaviour of high-strength concrete structures. Due to the fact that concrete is an inhomoge-
neous material, even minor external mechanical stresses can lead to high local stresses and conse-
quently to structural degradation of the concrete. This is particularly important for cyclical load ef-
fects. Structural degradation in form of microcracking can already be seen with stresses far below of
the static strength of the concrete. These microcracks and thus a degradation in the microstructure
increase with increasing load cycles and can cause premature failure in the course of these stresses
[1].

Microcracks, as they are considered in this paper, can also occasionally accrue in the unloaded
state. This usually takes place along the aggregate boundaries and is caused primarily due to thermal
and hygric incompatibilities between hardened cement stone and aggregate [2], [3]. Accordingly, the
contact zone between the aggregate and the hardened cement stone ("Interfacial Transition Zone" =
ITZ) is a weak point in the structure, at least in normal-strength concrete. Depending on the largest
aggregate size and the rigidity of the aggregate, such microcracks are usually less than 10 um wide
and their length varies between about 50 um and 1500 um [3], [4].

In high-strength concrete there are three phases of damage evolution which finally lead to a fa-
tigue failure. In a first step, a significant number of microcracks are created (phase 1).After this a
further steady formation of microcracks takes place (phase II) which is significantly slowler than
during phase I. The formation of a coherent crack network ultimately leads to final failure (phase II)
[5].

In normal strength concrete, microcracks usually originate in the contact zone between the aggre-
gate and the hardened cement stone (ITZ) [6]. So far, no clear starting point for the microcracks could
be identified in high-strength concretes due to the more homogeneous structure [3]. According to [7],
in high-performance concretes predominantly microcracks, which connect aggregates were found,
usually at the location of the smallest distance between the aggregates. Accordingly, in addition to the
tensile strength of hardened cement paste, the bond between the aggregate and the cement paste is of
considerable importance. [3] also showed that the number of microcracks and the area of the micro-
crack increased the larger the largest aggregate or the greater the aggregate stiffness [8].

Newer investigations on ultra high-performance concrete show a preliminary stage of cracks in
the matrix of high-strength concretes on a nanometer scale. It is also shown that after early-stage
fatigue, the cement paste already appears much more densely packed with microcracks. In conclusion
of these investigations, it can be said that fatigue of ultra high-performance concrete manifests as
nanometer-scale crack precursors in the cement paste matrix, beginning in phase I of fatigue [9]. It
can also be said that in ultra high-performance concrete the crack initiation and propagation have an
exponential growth and the failure is dominated by the ITZ. Reason for this are the stress concentra-
tions around the aggregate which are induced into the ITZ [10].

The investigations on the influence of aggregates on fatigue behaviour and the behaviour of high-
performance concrete presented here are part of the Priority Program 2020 "Cyclic deterioration of
High-Performance Concrete in an experimental-virtual lab". The aim of this paper is to describe the
testing set-up and to present an excerpt of the results.

2 Experimental investigations

Since fatigue tests are always carried out with a load level below the maximum strength, thus the
static compressive strength must be determined prior to testing. In this study, cyclic tests were carried
out on specimens with three different compositions that were characterized by the stepwise elimina-
tion of aggregate. The reference composition was common for a high-strength concrete.

21 Materials and composition

The experimental investigations within this paper are conducted on high-strength concrete, mortar
and hardened cement paste with compressive strengths of 108 MPa (concrete), 91 MPa (mortar) and
76 MPa (hardened cement paste). The respective compositions are shown in Table 1. For all composi-
tions a Portland cement I 52.5 R was used. Fine quartz sand, mineral sand and basalt with a maximum
particle size of 8 mm were used for the compositions with aggregate. A superplasticizer and a stabi-
lizer were added (exception: hardened cement paste). From the reference composition HPC-08 (08
represents the maximum aggregate size of 8 mm) a high-strength mortar (HPC-02) was derived by
eliminating all aggregates with a particle size above 2 mm so that there is no basalt aggregate in the
composition. Consequently, the hardened cement paste (HPC-00) has no aggregate at all. The w/c
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ratio was kept constant at 0.35. Different water absorbation of the aggragates were only relevant for
fresh concrete properties and were compensated by superplaticizer.

Table 1 Compositions.

Materials HPC-08 HPC-02 HPC-00
Cement [kg/m?] 500 646 1460
Quartz sand 0/0.5 [kg/m?] | 75 150 -
Mineral sand 0/2 [kg/m?] 850 1333 -

Basalt 2/5 [kg/m’] 350 - -

Basalt 5/8 [kg/m’] 570 - -
Superplasticizer [kg/m?] 5.0 4.85 -
Stabilizer [kg/m?] 2.85 2.76 -

Water [kg/m?] 176 227.4 513.9
w/c [-] 0.35 0.35 0.35

2.2 Experimental method and variations

In force-controlled fatigue tests, the test specimens were subjected to compressive stresses at sinusoi-
dal load functions with varied upper and lower loads. The stress levels were chosen in dependence on
common fatigue tests carried out at the Institute for Building Materials of the Ruhr University Bo-
chum. The cyclic loading was completed after up to 1 million cycles respectively at the maximum
reachable number of load cycles. The load frequency of the cyclic tests was 5 Hz. A total of 72
specimens were tested as part of the present study.

The following parameters were varied and investigated:

. maximum particle size of the aggregate and no aggregate at all,
. upper load level: 70 % and 45 % of the maximum static compressive strength(f; x)
. number of load cycles: 0, 100,000, 1 million

The lower level of 10 % of f_ ..« was kept constant. For hardened cement paste it was increased to
15 % of f; .x due to test restrictions.

2.3 Experimental setup and investigation

Cyclic compressive tests were carried out on cylindrical specimens with a diameter of 100 mm and a
height of 300 mm for HPC-08. For HPC-02 and HPC-00 cylindrical specimens with a diameter of 50
mm and a height of 150 mm were used (Fig. 1). Due to the slenderness of the test specimen the trans-
verse strain in and around the mid hide of the specimen is unimpeded. The strain in longitudinal and
transverse directions were continuously recorded by means of strain gauges (Fig. 1).

Fig. 1 Schematic test specimen with strain gauges for high-strength mortar and hardened cement
paste.
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In order to be able to carry out as many cyclical tests as possible and thus ensure the reproducibility
of the results, a multiple test setup was designed and built based on the test setups for cyclic bending
tests [11] already developed at Ruhr University Bochum. This enables the simultaneous and congru-
ent loading of three test specimens under compressive load. The test setup consists of three rigid steel
frames (Fig. 2), each equipped with a hydraulic differential cylinder with a maximum piston force of
1000 kN (force-controlled) and a maximum load frequency of 7 Hz. The load is introduced via
spherical balls specifically designed for the multiple test setup with connected pressure plates. The
flexible structure of the test frame allows testing of specimens with different heights and diameters.
The typical dimensions for specimens in fatigue research are 300/100 mm, 180/60 mm, 150/50 mm,
which corresponds to an h / d ratio of 3/1.[12]

Fig. 2 Multiple test set-up: schematic (left), reality (right) [12].

2.4  Microscopic investigations

After 0, 100,000 and 1 million load cycles, one test specimens of the three tested specimens each
series is extracted, from which partial samples for microscopic examinations (amount, length, width
and position of the microcracks) are prepared as thick-sections with colored resin (blue). Therefore,
two thick-sections were taken out of the test specimen in longitudinal and in transverse direction, see
Figure 3. Thick-sections refers to a preparation with a thickness of 100-200 pm. With the thick sec-
tions being prepared after the specimens were subjected to a different number of load cycles it is
possible to capture the crack evolution over the course of fatigue behaviour.

Fig. 3 Schematic representation of microscopic investigations [12].
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3 Results

3.1 Longitudinal and transversal strains

Systematic investigations of high-strength concrete, mortar and hardened cement paste subjected to
static and cyclic compressive loadings were conducted to understand the influence of the aggregates
with special regard to the microcracking. Another aim of the study was to gain knowledge about the
starting point of microcracks in comparison to the size of aggregate respectively without aggregate.
The comparison of the longitudinal and transverse strain of high-strength concrete, mortar and
hardend cement paste is shown in Figure 4 and 5. The strain in longitudinal and transverse directions
were continuously recorded by means of strain gauges. Strains in the transverse direction increased
faster and thus represented an earlier indicator of fatigue progress than the longitudinal strains. This
observation was more pronounced with high-strength mortar than with high-strength concrete. In
hardened cement paste it was comparable with high-strength concrete. There is a charateristic rela-
tionship between transverse and longitudinal deformation. Until the limit of proportionality was
reached, the ratio between transverse and longitudinal strain is almost constant. However, when the
stress increased above the limit of proportionality, the transverse strain grow faster compared to the
longitudinal strain. That means the ratio between transverse an longitudinal strain increased. For the
hardened cement paste a crossing to phase III of the fatigue evolution could not be observed. The
longitudinal strains are characterized by an inverse, disproportionate growth of the upper and lower
expansions in the beginning of the curves. After this, the upper and lower strains increase almost
linearly and parallel to one another (HPC-00).

Fig. 4 Transverse and longitudinal strain of HPC-08 and HPC-02.

Fig. 5 Transverse and longitudinal strain of HPC-02 and HPC-00.
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3.2  Microscopic investigations

To gain knowledge of the microcracking behaviour (amount, length, width and position) as a function
of the size and the presence of aggregates, four thick-sections (two vertical and two horizontal, see
Fig. 3) were taken from each test specimen after a definied number of load cycles. In this paper only
thick sections are considered which were loaded with an upper load of 45 % of {; .. For HPC-08
predominantly new microcracks formed (Tab. 2) and the microcracks are detected in > 90 % in the
ITZ. Just less than 10 % of the microcracks are only in the hardened cement paste. It can be assumed
that the decrease in stiffness only occurs when the microcrack density is so large that the microcracks
are connected. Furthermore, it can also be concluded from this that the increasing degradation is
essentially due to the formation of new microcracks. In HPC-02 the number of microcracks is gener-
ally larger and there is also no noticeable increase in the number of microcracks with increasing load
cycles (Tab. 3). Cracks were often found in the ITZ and within the aggregate. In HPC-02, around 50-
60 % of the microcracks run through the aggregate and around 30 % in the ITZ. For hardened cement
paste it can be said that in addition to the clear microcracks, the thick sections also show structural
defects or pores that could not be identified as a microcrack.Structural defects can be definied as
sections where the cement paste matrix has a smaller density. Microcracks primarily could be found
in the areas of structural defects. It could be seen that part of the colored resin had penetrated into the
imperfections, but there were no clear microcracks with clear crack edges. It could also be observed
that in many cases the hardened cement paste along the crack edge had turned a light grayish, almost
whitish or brownish discoloration (Fig. 6). Another starting point for microcracks in HPC-00 was
detected in pores (Fig. 7). The evaluation of the vertical thick sections, i.e. the thick sections that were
taken in the direction of load, predominantly showed cracks in the vertical direction, i.e. in the direc-
tion of the load. This could be observed most clearly with HPC-02 (73 % vertical; 27 % horizontal),
followed by HPC-00 (60.3 % vertical; 39.7 % horizontal) and with HPC-08 the divergence was
relatively balanced (52.5 % vertical; 47.5 % horizontal).

Fig. 6 Example of structural defects as a strating point of microcracks in HPC-00.

Fig. 7 Example of a pore as a starting point of microcracks in HPC-00.
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Table 2 Microscopic analysis of HPC-08.
Reference Omax/ . =0.45
Omin/ f: =0.10
HPC-08 Cycles
vertical' horizontal®
0 100,000 1 Mio. 100,000 1 Mio.
Number of cracks [-] 143 387 382 382 375
Mean crack width* [um] 3,48 6.0 6,0 7,0 6.0
Mean crack length* [um] 471 462 550 346 546
Mean crack area* [um?] 1960 3250 4275 2750 3235
Total crack area
(75x75 mm?) [um?] 279,672 1,207,317 | 1,810,517 | 1,048,073 | 1,205,251
Table 3 ~ Microscopic analysis of HPC-02.
Reference Omax/ . =0.45
Omin/ f: =0.10
HPC-02 Cycles
vertical' horizontal®
0 100,000 1 Mio. 100,000 1 Mio.
Number of cracks [-] 106 78 75 69 68
Mean crack width* [wm] 5.53 4.0 3.7 4.7 5.2
Mean crack length* [um] 565.5 606 568 614 504
Mean crack area* [um?] 3470 2460 2350 2800 2550
Total crack area
(75x75 mm?) [um?] 368,205 189,127 171,518 192,884 171,984
Table4  Microscopic analysis of HPC-00.
Reference Omax/ . =0.45
Omin/ fo =0.15
HPC-00 Cycles
vertical' horizontal?
0 100,000 1 Mio. 100,000 1 Mio.
Number of cracks [-] 173 278 220 374 303
Mean crack width* [um] 3,36 7.39 10,5 7,56 8,29
Mean crack length* [wm] 1517 1508 1482 1485 1500
Mean crack area* [um?] 5390 11,745 17,050 11,690 13,030
Total crack area
(75x75 mm?) [um?] 933,059 3,228,224 | 3,744,658 | 4,357,824 | 3,940,240

*individual crack

lvertical thick-sections (load direction)

2horizontal thick-sections
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4

Conclusion

Fatigue tests on high-strength concrete, mortar and hardened cement paste specimens were conducted
to investigate the influence of aggregates on the fatigue behaviour. Furthermore, a microscopic analy-
sis on prepared thick sections of the tested specimens was carried out. The described test procedure
lead to the following conclusions regarding the specific stress levels and stress amplitude:

It is shown that the high-strength mortar had an earlier fatigue failure in comparison to the
high-strength concrete and hardened cement paste.

For all compositions, the strains in the transverse direction increased faster and thus repre-
sented an earlier indicator of fatigue progress than the longitudinal strains.

The microscopic crack analysis of the thick sections showed an increased formation of new
microcracks during cyclic loading for high-strength concrete. An extension or widening of
pre-existing cracks was rarely observed at all compositions.

The size of the aggregate had no influence on the starting point of the microcracks. Most mi-
crocracks start at ITZ between aggregate and hardened cement stone (HPC-08 and HPC-02).
In addition, for HPC-02 a larger number of microcracks within or through the aggregate were
detected.

In HPC-00 a starting point for microcracks could be found in structural defects or pores.
Most (> 60 %) of the microcracks are orientated in vertical (load) direction.
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